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ABSTRACI' 

Stability analysis of rock masses composed of small, discrete 

rock blocks that are in-place and interlocked should consider four 

components of failure: 

1. Sliding between blocks. 

2. Shearing through rock blocks. 

3. Rolling blocks in a shear zone. 

4. Crushing of rock blocks. 

statistical rock mass description is used to define the characteris

tics of the rock blocks and the block assemblage. 

Clastic mechanics is one method of predicting stresses produced 

by the arranganent of rock blocks and the loading conditions. Failure 

begins at a point of maximum stress behind the slope. Progression of 

the failure is assumed if the first block fails because adjacent blocks 

will become overstressed. The location of the point of maximum stress 

is determined from the shape and arrangement of the constituent rock 

blocks. Because strength is mobilized block-by-block rather than 

instantaneously along a continuous shear surface, sliding between 

blocks shows less stability than a soil rotational shear analysis or a 

rigid block sliding analysis. 

Shearing through rock blocks occurs when maxm1Uffi shear stress 

exceeds rock shear strength. Crushing of rock blocks is predicted if 

xiv 



xv 

the nonnal stress exceeds the compressive strength of the rock block. 

A size-strength relationship is combined with the rock block size 

distribution curve to estimate crushing str~ngth. 

Rotating blocks in a shear zone have been observed in model 

studies and as a mechanism in landslides. Stability analysis assumes 

that the rock mass is sufficiently loosened by blasting and excavation 

to allow blocks to rotate. The shear strength of rolling blocks is 

dynamic shear strength that is less than static sliding shear strength. 

This rolling mechanism can explain release of slope failures where 

there are no other obvious structural controls. 

Stability of each compOnent of rock mass failure is calculated 

separately using capacity-demand reliability. These results are 

combined as a series-connected system to give the overall stability of 

the rock mass. This probabil i ty of failure for the rock mass system 

explicitly accounts for the four canponents of rock mass failure. 

Criteria for recognizing rock mass failure potential and examples 

applying the proposed method are presented. 



CHAPTER 1 

IN'IRODUCI'ION 

Available methods of slope stability analysis do not adequately 

predict behavior of intensely fractured rock masses. Inaccuracy in the 

stability estimate usually occurs when rock substance strength is high, 

such as in crystal I ine type rocks, and when the rock masses have not 

been disturbed or loosened since fracturing. In these masses the 

original, interlocked packing arrangement of discrete rock blocks is 

preserved. 

In this study, intensely fractured rock masses are considered 

to be composed of discrete rock blocl<:s with dimensions of two or more 

orders of magnitude less than the slope height. Some of the discus

sions and methods that are presented may also apply to rock masses 

canprised of larger discrete blocks. However, when the size of the 

individual blocks is within an order of magnitude of the size of the 

slope, failure modes are more likely to be those associated with large, 

rigid blocks that have minimum block interaction. 

Site investigation by mapping and drilling can locate areas of 

intense fracturing, and often Umits of the intense fracturing can be 

defined. For stability analysis these areas are ccmmonly evaluated 

with soil mechanics methods or methods more applicable to blocky rock 

masses. In a specific case of Inspiration's Mine near Globe, Arizona, 

1 
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an intensely fractured met~norphic rock mass was evaluated with rigid 

block methods and stability was overestimated. Subsequent evaluation 

se6ned to correlate unstable areas with constituent rock block size. 

In another case, a Block Flow analysis, which is a probablistic 
" .(J'Y 

rock mass failure analysis developed by coates and Yu (1978) Tti3S 

performed on an intensely fractured quartz monzonite. The analysis 

indicated probabilities of failure of .30, but essentially no failure 

occurred in the completed pit wall. 

'rhis study consists of a review of current methods available 

for slope stability evaluation, and presents a new method for use in 

intensely fractured masses. Failure modes for intensely fractured 

masses are hypothesized from a literature review of model studies and 

mass wasting phenomena, and from the author's observations of slope 

behavior in open pit mines, back analysis, movement monitoring, and 

design experience. It is obvious from this information that the common 

assumption that soil mechanics methods will predict stability in 

intensely fractured rock is often not correct. 

The question becanes one of how to evaluate slope stability for 

intensely fractured rock masses. Failure modes must be postulated, and 

there must be recognizable features to guide selection of appropriate 

analytical methods. 

Soil mechanics slope stability analyses, such as those proposed 

by Bishop (1955), Spencer (1967), and Sarma (1979), basically treat the 

soil mass as a system of large, rigid blocks. The assumption made is 

that stresses develop simutaneously on the entire failure surface and 
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the shear strength assigned to the entire failure surface is completely 

mobilized to resist movement. Bishop's method further implies that 

failure develops through the material and that the entire failure 

surface is formed instantaneously, which is acceptable for most clays 

and loose aggregates. For large, fault-bounded blocks, Spencer's and 

Sarma's methods work well to assess stability. The locations of the 

surfaces are defined and they are known to be present before the 

failure. Shear failure is assumed to occur along the defined surfaces. 

Clastic mechanics, however, considers a failure process that is 

initiated at a point in the rock mass, usually near the base of the 

slope, and progressive failure occurs away from that point. Stresses 

increase at adjacent points as failure at each point occurs. Failure 

will progress until the stresses overcome the strength of the next 

point in the rock mass and the residual strength of previously failed 

rock. The progressive nature of the failure means that initially the 

rock mass strength is mobilized only at specific points and not along a 

large, continuous failure surface. In essence, progressive crushing of 

individual rock blocks and basal sliding or rolling of rock blocks 

occurs in a shear zone near the toe of the slope and movanent begins. 

The back failure plane and other large surfaces that commonly 

develop are only separation surfaces that result from the movement. 

They take on the appearance of shear surfaces only after considerable 

basal movement and adjustment in the rock mass has occurred. The rock 

bodies bounded by separation surfaces do not move as large rigid 

blocks. Instead, the rock bodies tend to break into their constituent 



4 

small, discrete rock fragments ·,.,rhich flow or ravel. There is no 

contribution to the strength by the bounding surfaces during initiation 

of the failure. This explains why the rigid block and soil mechanics 

methods tend to overestimate stability. The failure process and 

strength contribution are modeled incorrectly .. 

Stability analysis that is perfonned after failure is initiated 

should consider mobilized residual shear strength on the entire shear 

surface. Stability can often be correctly detennined with the soil 

mechanics models in these cases where significant movement has occurred 

and well-defined shear surfaces have formed, because the models apply 

better to this later-stage deformation in rock masses. 

The distinction between failure initiation and a later-stage 

defonoation is important because the assumption is that the initial 

excavation starts the failure process in previously undisturbed rock. 

Therefore, a correct stability assessment must consider the onset of 

failure, and not some later stage of deformation. 

There are questions regarding the rate of progressive failure, 

the rate of shear plane development, and definition of failure. 

Al though these questions are important, their resolution is beyond the 

scope of this dissertation and must be left for future work. The 

method presented here uses clastic mechanics and assumes that 

progressive failure is a much slower process than the failure modeled 

by rotational shear or translational shear mechanics. Failure is 

defined as the state where stress exceeds strength and where shear 

planes develop after the initial failure has occurred. 
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New criteria based on fracture geometry, potential failure path 

continuity, and stress estimates for locations in the slope are 

developed in this dissertation to guide the analyst in detennining 

those cases where soil mechanics or where rigid block methods would 

apply. In situations where these conventional methods will not give 

satisfactory results, other methods are needed. These are developed in 

the context of clastic mechanics and reliability. 

The ideas of clastic mechanics have been developed by Trollope 

(1968). Reliability has never been applied to this method, which is a 

new development in this dissertation. The reliability analysis in 

combination with clastic mechanics allows, for the first time, a 

realistic evaluation of slope stability in intensely fractured masses. 

Other authors have developed analyses for intensely fractured rock. 

These are either incomplete (Coates and Yu, 1978), or do not explicitly 

include critical geologic parameters (Hoek and Bray, 1981). 

Clastic mechanics analysis requires quantitative knowledge of 

fracture geometry and other fracture characteristics. This is an 

important distinction between the clastic approach and the approaches 

currentl y offered by the Empirical Failure Criterion (Hoek and Bray, 

1981), or Block Flow analysiS (Coates and Yu, 1978). 

The Empirical Failure Criterion (Hoek and Bray, 1981) relies on 

rock mass classification to detennine appropriate strength parameters. 

These parameters describe the nonnal stress-shear strength relationship 

for the rock mass. Subsequent stability analysis uses this strength 

relationship in a soil mechanics analysis (Hoek, 1983). The mechanics 
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of failure initiation are not modeled correctly and it is often 

difficult to arrive at strength parameters that accurately predict the 

stability. 

Block Flow analysis (Coates and Yu, 1978) accounts for crushing 

of discrete rock blocks near the toe of the slope. If this is the 

primary failure mode it is likely that stability will be predicted. 

However, shear failure between rock blocks or through them also needs 

to be considered. In addition, the Block Flow analysis does not speci

fically include water pressures, which can be significant for shear 

failure between blocks. 

Clastic mechanics as developed by Trollope (1968, 1975) does 

not consider the variability in the fracture geometry. All of 

Trollope's work has been developed on blocky, regularly shaped masses. 

In nature, rock masses are broken by a network of fracture sets that 

have dispersion in oriententation, spacing, and length. The block 

geometry is not regular. However, block geometry and block arrangement 

can be hypothesized and modeled from knowledge of rock mass charac

teristics. 

The rock mass characterization methods presented in this 

dissertation present the framework to determine the variability in the 

fracture set properties. Many of the concepts of describing the 

distribution forms of fracture set properties and applying these 

distributions to rational slope stability analysis were developed by 

this author in conjuction with colleagues over the past fifteen years 

(Savely, 1972; Call, Savely, and Nicholas, 1976; Marek and Savely, 
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1978; Savely and Kastner, 1982; Savely, 1985). This dissertation shows 

how these distributions of properties can be used to make Trollope' s 

clastic mechanics useful for probabilistic evaluation in a real rock 

mass. 

The quality of the clastic analysis depends on accurate 

description of rock mass characteristics, particularly for fracture 

properties. Methods of characterization that are applicable to blocky 

rock masses are also used for determining failure modes in intensely 

fractured rock masses. These characteristics are presented in a 

statistical format because the nature of geologic phenomena is 

statistical and not single-valued. 

Current knowledge of models for failure modes in rocks, soils, 

and loose aggregates is presented in this study to provide perspective 

on failure modes in general. This review is needed to develop the 

terminology and principles that describe failure modes in intensely 

fractured masses. 

It is important to note that strength criteria for same of the 

postulated failure modes are not adequately developed. A failure mode 

that considers block rotation at the base of the slope is included in 

the clastic approach, but a strength criterion that includes the 

kinetics of rolling blocks has not been fully developed. 

Stresses in slopes are produced from self-weight, water 

pressure, and earthquake forces. In analysis of a fractured mass, the 

presence of a tectonic stress field can change the stability. In the 

context of intensely fractured rock, stress effects are often important 
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because the rock mass is generally weaker and deforms more readily than 

when rigid block sliding is assumed. 

Stability analysis for intensely fractured rock masses is 

developed using a reliability approach because of the uncertainties 

that are inherent in geology. Also, reliability-based analysis is 

amenable to evaluating the economic cost-benefit of alternative or 

remedial designs. 

Effects of critical parameters are evaluated. It is shown that 

knowledge of the fracturing i.s most jmportant in determining rock block 

geometry and in-situ arrangement of blocks. The arrangement of the 

blocks determines the stress trajectory and the slope height determines 

the stress magnitude based on gravity loading. Additional external 

stresses, such as water pressure, surcharge, and high horizontal stress 

are easily included in the analysis. The stability analysis compares 

these stresses with available strength. 

This dissertation study had three goals: 

1. Provide a slope stability analysis for intensely fra.ctured rock 

masses based on probability of failure, that uses measurable 

geologic properties and is consistent with other forms of limit 

equilibrium analysis. 

2. Determine data requirements for analysis in 1. 

3. Identify the critical parameters and their relative importance 

to slope stability of intensely fractured rock masses. 
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In practical problems, slope failures have occurred where there 

is no apparent geologic reason for failure. If faul ts or joints did 

not provide a release mechanism for failure, it was usually assumed 

that failure through the rock mass occurred. If rock substance 

strength or sane percentage of rock substance strength based on 

fracture continuity was used for rock mass strength in back analysis, 

stability was usually predicted. Therefore, a better evaluation of 

rock mass strength was necessary. 

Interaction of small, discrete blocks is one explanation for 

the release mechanism. This mechanism may involve interblock sliding, 

progressive crushing of rock blocks, and perhaps rotation and rolling 

of blocks near the base of the slope. It is likely that all of these 

mechaniffins can occur simultaneously and strengths associated with these 

mechanics can be combined for an estimate of the rock mass strength. 

The procedures outlined in this dissertation are believed to be a 

better predictive tool than other available methods for evaluating 

slope stability in previously undisturbed, intensely fractured rock 

masses. 



CHAPTER 2 

ROCK MASS CHARACTERIZATION 

This chapter describes techniques to characterize rock masses. 

Major structures such as faults and contacts are treated as indivi

duals. Their locations and extent have been specified from field 

mapping and interpretation. They are considered deterministic. Rock 

fabric is treated statistically. A single measurement of orientation 

and engineering characteristics on one joint may not represent those of 

the joint set. Statistics are used to describe the variability associ

ated with jOint set properties. Joint set properties obtained from 

mapping are orientation, length, spacing, and waviness and roughness of 

the joint surfaces. 

Rock fabric information is the basis for determining the degree 

of fracturing that is present and for describing the properties of 

recognized joint sets. These properties are used to define potential 

failure modes and to supplement strength estimates when the joint 

surfaces are wavy, or when short lengths of the joints preclude failure 

unless intact rock between the joints is broken. For intensely frac

tured masses, the joint characteristics define the discrete rock block 

shapes, block sizes, and block arrangement in the rock mass. These 

parameters are the basis for the stress determinations in the clastic 

stability analysis. 

10 
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Rock mass classification is discussed because some authorities 

use classification to assess rock mass strength (Hoek and Brown, 1980). 

It is important to realize the shortcomings of this approach, the 

appropriate use of classification, and the reasons why a classification 

alone is not sufficient for a stability assessment. 

The philosophy in this dissertation is that knowledge of joint 

set orientations and their characteristics are essential to a realistic 

evaluation of rock mass behavior. Sections of this chapter are there

fore devoted to describing the techniques for detennining critical 

jOint sets and their properties. First, the joint sets that will be 

used to evaluate designs are defined. Then, for each individual joint 

in the design set, engineering characteristics are described. Finally, 

methods to assess the rock block sizes and shapes are described. This 

infonnation is needed for strength and stress estimates. 

Geologic Interpretation 

Characterization should be based on geologic interpretation 

that describes not only soil or rock substance, but specifically, major 

geologic features, such as faults and contacts, and macrofabric, which 

consists of jOints, joint sets, foliation, and other observable minor 

features. 

Interpretation should be presented on level maps and cross

sections to provide a three-dimensional perspective on locations and 

spatial relationships of major structures and structural boundaries. 

This interpretation is the basis for additional detailed mapping. 

Eventually it is used for conceptual modeling of failure modes. 
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The concept of structural domains is introduced as part of geol

ogic interpretation. A structural domain is an area, usually bounded 

by major structures such as faults or contacts, where orientation 

patterns of joints and their engineering characteristics can be 

considered similar. Detailed mapping within each structural domain is 

required to confinn structural boundaries and to describe joint set 

characteristics within each domain. These techniques have been 

described by Piteau (1970), and Call, Savely, and Nicholas (1976). 

Rock Mass Classification 

Classification is done to fonn a general impression of geotech

nical units and to describe in a standard fonnat, characteristics that 

can be compared with other rock masses whose behavior has been observed 

under similar conditions. Classification is also useful for describing 

the site to other practitioners. It is a decriptive process that helps 

to identify possible failure modes and problem areas. 

Initially, it is useful to classify materials as soil or rock 

according to established classifications. Soils should be described 

from field tests and classified according to the Unified Soil Classifi

cation (Lambe and Whitman, 1969, Ch. 3, pp. 29-39). Rock materials 

should also be described with a classification. 

Within the last ten years, many different rock classification 

schemes have been developed. Most are for specific applications and 

are not suitable as a general description. Table 1 lists some of the 

most applicable classifications and the attributes considered. Table 2 

lists applications for the classifications. 



Table 1. Attributes used in some developed classification schemes (from Call and Savely, 1987). 

Rock 
Substance Drill Core Joint Joint Joint Rock Groundwater 

Classification Methods Strength Quali ty (RQD) Spacing Orientation Strength Genesis Conditions 

Council for Scientific X X X X X 
and Industrial Research 
Rock Mass Rating 
(Bieniawski, 1974) 

Norwegian Geotechnical X X X X X X 
Institute (Barton, 
Lien and Lunde, 1974) 

Coates (Coates, 1981) X X X 

Deere (Deere, 1968) X X X 

Muller (Muller and X X 
Hofmann, 1970) 

Zavodni (Zavodni and X X X X 
McCarter, 1976) 

Geological Society of X X X 
London Rock Quality 
(Franklin, Broch, and 

Wal ton, 1971) 

Kirsten (Kirsten, 1982) X X X X 

I-' w 
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Two popular classifications are the Council for Scientific 

Industrial Research (CSIR) Rock Mass Rating (Bieniawski, 1974), and the 

Norwegian Geotechnical Institute (NGI) Q-System (Barton, Lien, and 

Lunde, 1974). A criticism of both of these classifications is that 

instead of describing only rock mass characteristics, they also include 

the orientation of the facility or design feature, and the water 

conditions. These are important factors, but by changing the design or 

by seasonal fluctuation in ti1e water conditions, the rock mass classifi

cation changes. 

A more rational approach is to consider design orientation, 

induced stresses, and water conditions, as part of the design eval u

ation and not as factors in the general rock mass description. A 

two-stage process would be necessary to evaluate designs: 

Stage 1: Basic Rock Mass Characterization 

Rock. Substance strength 

Joint Orientations 

Joint Strength 

Joint Intensity 

Joint Lengths 

Natural Stresses 

Stage 2: Site Conditions and Design Parameters 

Joint Orientation with Respect to Design 

Induced Stresses 

Water Conditions 



Table 2. Information provided by some developed classification schemes. 

Ground Block Size Bearing 
Classification Method Stability Distribution Capacity Diggability 

CSIR Rock Mass Rating X 

NGI Q-system X 

Coates X 

Deere X 

Muller X X X 

Zavodni X X 

GSL Rock Quality X X X 

Kirsten X X 

Blasting 
xequirements 

X 

X 

I-' 
U1 
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Often classifications are used in place of design calculations. 

For example, classifications are used in tunnelling to determine where 

support will be needed, which is useful in initial cost studies. But 

to design the actual support system, failure mechanics need to be 

considered to determine the load requirements. 

Hoek and Brown (1980) developed an empirical method to describe 

the strength of a fractured rock mass based on the RMR and Q-System 

classifications. The application of this criterion only considers the 

fracture characteristics implicitly. This author has found that slope 

stability analysis using the resulting strength parameters not only 

overestimates stability in most cases, but can give the same stability 

assessment for significantly different rock masses. The actual failure 

mechm1ics are not modeled correctly with this method for most 

fractured, in-place rock masses. 

Kirsten (1982) and Franklin (1970) have used classifications to 

estimate excavatability of rock. These are appropriate applications of 

classifications because the judgment needed is not quantitative. 

Similarly, the Q-System and the RMR System are appropriate for defining 

qualitative properties such as the type of areas underground that 

require support and the kind of support, but not the amount of support. 

Similarly, the classifications might be used to identify areas of 

intensely fractured rock for slope stability studies, but not to 

determine the rock mass strength for stability analysis. 
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Defining Design Sets 

Joints and joint sets oriented parallel to the mapping direc

tion are measured less frequently than those normal to mapping. 

Terzaghi (1965) called this the "blind zone" effect and suggested that 

a correction should be made to weight orientation data. Weighting in 

this context is risky because one never knows if absence of an 

orientation is due to a bl ind zone or because the set is not present. 

Weighting the orientation data can result in wrong conclusions. 

The blind zone effect is most serious in drill holes and 

tunnels. On outcrops and surface exposures, the effect is less serious 

because under close inspection these faces are three-dimensional. In 

practice, stereonets are used to summarize the data, and it is common 

to find jOint sets that plot in the blind zone. 

The best approach is to recognize the potential bias, but not 

to apply weighting. It is better to supplement data with mapping in a 

different direction, if possible, or it may be necessary to drill 

oriented core into suspected blind zones. 

It is recommended that at least two different mapping methods 

be used in a site investigation. It is necessary to have detailed 

information on joints, which can be obtained from detail line surveys. 

It is also necessary to have area coverage to ensure that widely spaced 

joint sets are not missed and to determine structural domain 

boundaries. Fracture set mapping or cell mapping methods are used to 

provide area coverage. 

Inadequacy of sampling, particularly in detailed joint surveys, 

makes definition of geologic sets questionable. Visual or mathematical 
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analyses that define geologic sets, while appropriate for unravelling 

structural geology, are not needed or advised for a design application. 

This is explained as follows: statistical tests, such as the F-test, 

are usually too strict and often reject groups of data from the same 

population. That is, fractures that are obviously from one set or 

observed in the field often will be regarded as two or more sets in a 

statistical test. Also, a statistical sample is usually considered to 

consist of at least 30 members. If the jOint set orientations are 

defined in too much detail, the number of joints in a given set will be 

small. This means more sampling is required. For slope design the 

global dispersion in the jointing that will affect slope stability is 

usually more important than dispersion in several small, discrete 

geologic sets. Usually the analysis and design will not be affected by 

lumping all of the discr2te sets that could be defined into a larger 

set. 

The best procedure for slope stability analysis is to define 

design sets based on slope orientation and recognized failure geomet

ries following the recommendation of Call (1985). This is equivalent 

to Stage 2, p. 14, as discussed previously. Although design sets do 

not necessarily correspond to geologic sets, as represented on Schmidt 

plots, boundaries of the design sets are usually adjusted to avoid 

arbitrarily splitting a geologic set (Figure 1) . 

Design set boundaries are used to sort structural infonnation. 

Histograms and curve fitting techniques are applied to describe 

engineering characteristics for each defined set. Fracture set charac-
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Figure 1. Design sets defined by slope orientation and failure mode. 
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teristics needed for slope stability analysis are orientation, length, 

spacing, and waviness. 

Orientation 

Discontinuity orientations are defined by dip direction (DDR) 

and dip. These values are commonly plotted on an equal area stereonet 

(Schmidt plot) which is in regular use among structural geologists 

(Hoek and Bray, 1981, Ch. 3; Goodman, 1980, Appendix 5). Schmidt plots 

are reference hemispheres that can be used for statistical analysis. A 

distribution form can be fitted to the data to estimate the dispersion 

in the orientation. Al though there are several distribution models 

that could be used, the Fisher distribution is adequate and relatively 

simple to use (Fisher, 1953). 

The Fisher distribution is also called "Spherical Normal" or 

"Hemispherical Normal." It is analogous to the normal distribution in 

a plane. For most problems a histogram of dips from the design set and 

the assumption of planar normal distribution appears adequate for 

probability calculations. 

To use the Fisher distribution it is necessary to calculate a 

mean vector from all the orientations in the design set. watson (1966) 

and Goodman (1980, Ch. 5, pp. 144-150), describe the process of 

calculating the mean vector from a set of joint orientations. Each 

joint l!ormal (the pole to the joint plane) is considered to be a unit 

vector (Figure 2). The resultant to all of the unit vectors in the set 

is the mean vector. By calculating direction cosines of the unit 

vectors and summing, the mean vector can be determined. 
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ROlJlJlloof Voclor 

Figure 2. The vector sum, R, of unit vectors. 
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A right-handed rectangular coordinate system with X directed 

horizontal and north, Y directed horizontal and east, and Z directed 

vertical and down, is used because this matches the sense of a lower 

hemisphere Schmidt plot and the spatial representation of an open pit 

mine (Figure 3). A pole to a jOint plane is treated as a unit vector 

in the joint set. The unit vector is described by its angle of plunge, 

<5, below the horizontal plane and its direction, e, clockwise fran 

north. Direction cosines of the i-th joint in the set are: 

Direction cosines for the mean vector are: 

where R is the length of the mean vector and is calculated by: 



n 
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Figure 3. Direction cosines of a W1it vector (pole to joint) in a 
right-handed coordinate system with z directed positive 
down. 



The angles 8, and 0, for the mean vector are determined by: 

-1 ~ 
8 = tan (-~') 

R lR 

and the orientation of the mean plane is: 

mean vector DDR = 8R - 180 degrees 

mean vector DIP = 90 degrees - oR 
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Each individual orientation in the design set is treated as a vector 

with a magnitude of one unit length, termed a unit vector. If all the 

unit vectors have the same orientation, the total number, N, of vectors 

of unit length will equal the magnitude, R, of the resultant vector 

length. The resultant vector is referred to as the mean vector. If N 

is greater than R, dispersion is indicated. The numerical difference 

between N and R is a measure of dispersion within the set. A large N-R 

value indicates large dispersion. 

Confidence limits can be placed about the mean vector, as 

described by Goodman (1980, p. 147), where the parameter K is defined: 

N 
K = ----

N - IRI 
assuming the Fisher distribution: 



where 

25 

~= angle between a jOint pole and the mean vector 

P = probability that the angle between the jOint pole and the 

mean vector is equal to ~. 

By specifying a probability value in the equation, the angle,~, can be 

calculated and plotted about the mean vector orientation on the Schmidt 

plot. 

Length 

Joint length is one of the most important characteristics in 

slope design in rock, and one of the most difficult to measure or 

estimate. Terminology is confusing because mappers tend to describe 

len(3th measurement on the outcrop as trace length. This is most 

accurately termed "observed trace length." The "true trace length" is 

the desired quantity. It is a one-dimensional representation of a 

two-dimensional feature, and it can rarely be measured. 

In two dimensions trace length is described as "strike trace 

length" and "dip trace length," and jOint size is referred to as "joint 

area." Since the interior of the rock mass cannot be seen, the joint 

area can rarely be determined. It is necessary to assume a joint 

shape, usually circular, where strike trace length and dip trace length 

are assumed equal. 

If joints are equidimensional, joint area is given by the 

equation (MIT, 1979, Part I, p. 9): 



where 

4T2 
A=-

7T 

A = jOint area 

T = true trace length 
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This equation is derived from the expected length of a randan chord of 

a circle. 

If true trace lengths can be measured or estimated, and if 

circular or equidimensional joint shapes are assumed, an estimate of 

joint area can be made. In slope stability analysis an estimate of the 

probability density function for true trace length is needed to deter-

mine probability of occurrence of failure geometries. 

Joints with short lengths may not intersect the outcrop, and 

this will influence the statistics of other joint properties as 'Nell. 

Because only a subset of the joint set is seen, the distribution form 

of observed trace lengths may be quite different from the distribution 

form of the complete set of true trace lengths. 

True trace length distributions are believed to be log-normal 

or negative exponent:i.a]. . It is reccmnended that the e.xponential 

distribution be used if it is a reasonable fit to the data because the 

mathematics are simpler than for other forms. This decision must be 

made from intu.ition and results of curve fitting on data of observed 

trace lengths. 

Einstein and Baecher (1981) note that when trace lengths are 

inferred fran an outcrop measurement the sample is linearly biased. If 
.. J.,. " 
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joint area is calculated fran the trace length on the outcrop, the 

sample is quadratically biased. These biases act as a filter to cer

tain joint sizes than can transform the true probability distribution 

function of the population into approximately log-normal forms for the 

sample, and they will pass most of the goodness-of-fit tests for log

normali ty. This indicates that the cc:mmon observation of log-normal 

probability distributions for geometric properties could be an artifact 

of sampl ing procedures and not the true form of the property being 

estimated. 

Einstein and Baecher (1981) emphasize that it is necessary to 

experiment with different class intervals for histograms. If the class 

interval size approaches that of the mean value, the histogram may 

appear to be exponential when the distribution is actually of some 

other form. An empirical guide to class interval size selection is 

given by Benjamin and Cornell (1970, Ch. 1, p. 8) as: 

where 

k = 1 + 3.3 log n (1) 

k = number of intervals between the minimum and maximum values 

n = number of data values 

log = logarithm to the base 10 

Corrections must be made to the observed trace length 

histograms before they can be used to represent true trace lengths for 

a design jOint set. At the outcrop or surface exposure, it is unusual 

to see the entire length of a joint. There are three well-defined and 
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severe biases that occur in mapping, and some attempt to correct for 

them is necessary (Baecher and Lanney, 1978). Biases are: 

1. Size Bias 

a. Large joints have a higher probability of intersecting a 

surface exposure than do smaller joints. 

b. Only a portion of the surface exposure is actually mapped 

(say, with cell mapping or detail line surveys). Larger 

jOints have a higher probability of occurring in the cell 

or intersecting the detail line. 

2. Truncation Bias: Joint lengths below some mapping cut-off 

length are not measured. 

3. Censoring Bias: True trace lengths can be observed only on a 

subset of the joints present in the surface exposure. Remain

ing joints cannot be observed in their entirety. The three 

subsets of trace length measurement are: 

a. Both ends of the jOint can be seen, 

b. One end of the joint can be seen, and 

c. No ends of the joint can be seen. 

Research at MIT resulted in techniques to adjust the observed 

trace length distribution for these biases (Baecher, Lanney, and 

Einstein, 1977; Baecher and Lanney, 1978; MIT, 1979). Most of this 

work assumes the underlying distribution of true trace length to be 

log-normal and that joints are two-dimensional disks randomly located 

in space. They also present adjustments based on an exponential distri

bution of true trace length. 
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Al though they provide the maximum likelihood estimators for 

censoring and truncation with respect to an exponential distribution, 

Baecher and Lanney (1978) do not provide the method to combine correc-

tions into the canplete distribution. 

work. 

Pahl's Method of Proportions 

They regarded this as future 

Pahl (1981) presents a method that accounts for either a 

log-normal or exponential distribution of true trace length without 

specifying the distribution of observed lengths. He claims that no 

length measurement is needed as long as the mapping window dimensions 

are known and that the manner of termination of the joint is recorded. 

This author recommends that an observed trace length measurement still 

be recorded to determine if the distributions that are calculated by 

Pahl's method are reasonable. 

Pahl considers the joint set orientation to be single

valued. Kulatilake and Wu (1984) have extended his method to consider 

the joint set orientation as a distribution. Considering the jOint set 

orientation as a distribution adds complexity to a method that is at 

best an estimation because of the severe mapping window restrictions. 

In addition, several sites should be mapped, and undoubtedly different 

proportions will result at each site, even within the same structural 

domain. It is believed that correction for variability in jOint set 

orientation, as suggested by Kulatilake and Wu, while perhaps 

theoretically correct, is not practical. 
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Pahl 's method is based on the probabil i ty associated with a 

given 'fracture length being observed in a specified width of outcrop or 

mapping window. The proportions of jOints that are contained, tran

sect, and intersect the mapping window are recorded, and these propor

tions are used to adjust the distribution of observed trace lengths to 

a cumulative distribution function for the population (Figure 4) . 

Pahl's equations are: 

Log-normal Distribution of True Trace Length: 

1 (h - 2n) (l + 8
T 

- 8 c) 
~ = ------------------~--~~----

[(1 cos¢ + h sin¢) (1 - 8T + 8c )] 

Exponential Distribution of True Trace LeJlgth: 

where: 

1 (h - n) (l + 8
T 

- 8 c) 
~ = ------------------~--~------

[(1 cos¢ + h sin¢) (l - 8T + 8 c) ] 

~ = population mean trace length 

1 = length of mapping zone (cell width) 

h = height of mapping zone (cell height) 

n = lower cut-off length in mapping 

¢ = complement of the apparent dip of the joint set on the 

mapping face, that is, ¢ = 90 degrees - Apparent Dip 

8T = proportion of observed trace lengths that transect the 

mapping zone 
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Figure 4. Definition of parameters for Pahl's length estimate (Pahl, 
1981) . (a) Definition of fracture proportions (face 
view); (b) Definition of fracture orientation (face view); 
and (c) Exponential distributions of true trace lengths. 



8 = proportion of observed trace lengths that are contained c 

within the mapping zone 

The proportions are: 

e NT 
= T N 

N 
e c = c N 

where 

N = 
I 

number of traces intersecting the mapping zone 

~= number of traces transecting the mapping zone 

N = number of traces contained in the mapping zone c 

N= total number of traces observed in the mapping zone 
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For non-vertical traces the apparent dip of the mean jOint set orien-

tation on the mapping face is calculated or measured in mapping. Then 

the inclination of the joint set from the vertical as seen on the 

mapping face is: 

¢ = 90 degrees - a 

where 

a = Apparent Dip in degrees 

A similar method was proposed by Steffen, Kerrich, and Jennings 

(1975). They used proportions to adjust the distribution of observed 

lengths to a probability distribution function of the population. They 
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developed the method for the exponential distribution and solved the 

maximum likelihood function for estimates of true mean and variance. 

Maximum Likelihood Estimator Approach 

An approach tried by the Rock Mechanics Group at Pincock, Allen 

and Holt, Incorporated, Tucson, Arizona, in the 1970s was based on a 

deri vat ion by D. Harris of the Uni versi ty of Arizona (Harris, 1974). 

The observed trace length distribution was considered to be a doubly 

truncated exponential distribution of true trace length. The maximum 

likelihood estimator for the truncated exponential distribution was 

derived as follows: 

1. Let f (x) = the distribution of true trace lengths, then 

f(x) = ee-ex x > 0; e > 0 

and 

e = maximum likelihood estimator of the reciprocal to the 

mean true trace length 

2. The censored and truncated probability density function is the 

distribution of observed trace lengths: 

where 

-ex ee 
f'(x) = ----

Xo = the truncation length (lower length cut off) 

Xl = the censored length (upper length cut off) 



3. Performing the integration gives: 

-8x 8e 
fl (x) = ------

-8x
o 

-8X
1 e - e 

Xo < x < xl 

4. The likelihood function for all x > 0; 8 > 0: 

N 
-8 l: x. 

N 8Ne i=l J. 
L(x ... x..; 8) = n f' (x ; 8) = --:-=-----

N i=l I -8xo -8~ N 
(e - e ) 
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5. Take logs to convert from multiplication to addition for ease 

in differentation: 

N -8x -8x 
In[L(xl ... ~)] = N In8 -8 l: Xi - N In(e 0 - e 1) 

i=l 

6. Maximize the function as follows: 

7. 

a {In [L (xl ... ~)]} 

Divide 

or 

ae 

through by N: 

N 
l: Xl 

1. _ i=l 
8 N 

N N 
= -8 - l: x. 

. 1 2 2= 



where 

N 
L: x. 

. 1 ]. ].= 

N [

-8X -8x ] 
= X = ! _ xoe 0 + x1e 1 

8 -8x -8x 
e 0 e 1 

X is the mean of the observed trace lengths. 
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This equation must be solved numerically for 8, which will 

describe the distribution of true trace lengths because the 

reciprocal of 8 will be the mean true trace length. By defini-

tion of the exponential distribution, the standard deviation 

will equal the mean. 

Simulation for Length Correction 

Another method, credited to R. Call (1973), is a simulation 

procedure that is simply referred to as a "window correction." An expo-

nential distribution of true trace lengths is assumed. By definition 

the exponential distribution, the mean and standard deviation describe 

the distribution. 

The process begins by specifying the dimensions of the outcrop 

or surface exposure, the dimensions and location of the mapping window 

on the outcrop, and the mean orientation of the joint set with respect 

to the outcrop orientation. For fractures that have an apparent dip in 

the face of the outcrop, a cosine correction to the window dimension is 

made. This transforms the geometry and allows the jOints to be treated 

as vertical features for ease in calculation. 
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Monte Carlo simulation begins by choosing an arbitrary value, 

say, one foot, for the mean true trace length. The reciprocal of the 

mean true trace length is used to define the negative exponential 

distribution of true trace lengths. Length values are randomly sampled 

from this distribution, and randomly located on the outcrop. A 

comparison of simulated lengths with the outcrop and mapping windCJV.l 

dimensions provides an estimate of the lengths that would be measured 

if such joints were actually mapped. 

The resulting distribution of simulated values is compared with 

the distribution of observed trace lengths from actual mapping. If the 

distributions compare closely, then the assumed distribution of true 

trace lengths is valid. If the distribution from simulation does not 

match that from mapping, a new mean value is selected for simulation, 

and the process is repeated. 

Although the procedure seems logical, there is no way to check 

its validity. The usual correction increases the trace length from 

that observed on the outcrop. As the observed lengths approach the 

dimensions of the outcrop, more correction is anticipated. 

Spacing, Frequency and Intensity 

Terminology to describe the degree of fracturing in a rock mass 

should be specific. The most cammon definitions and the ones used in 

this discussion are: 

Spacing: The distance bebreen parallel or subparallel jOints of a 

joint set measured normal to the set and expressed as a length. 
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Frequency: The number of parallel or subparallel joints of a joint 

set measured over a distance normal to the set expressed as the 

number of fractures per length. It is the reciprocal of spac-

ing. 

Intensity: The number of joints per volume of rock measured with-

out regard to joint orientation usually expressed as the number 

of fractures per length, area or volume. 

Spacing and frequency are correctly regarded as joint set properties. 

Intensity is a general characteristic of the rock mass. 

Priest and Hudson (1976) use the term "spacing" in referring to 

the distance between intersections of joints along an arbitrary 

sampling line without regard to jOint orientation. This measurement is 

more camnonly called" intensity." 

In mapping, particularly in detail line surveys, the apparent 

spacing of a joint set on the rock face is determined. To obtain the 

true spacings, the correction is: 

where 

ST = true spacing between parallel joints measured normal to 

the jOint set 

SA = apparent spacing of the joint set on the mapping face 

a = acute angle between the jOint set normal and the mapping 

direction 
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It is generally accepted that the distribution form for 

spacings of joint sets is negative exponential. This is theoretically 

supported in that if the properties of a population are from a Poisson 

process, the resulting sample will be exponentially distributed. 

Therefore, only evenly spaced joints, such as those found in some 

sedimentary and volcanic rocks, would have a distribution other than 

exponential. In slope design, where design sets are chosen rather than 

geologic sets, it is almost guaranteed that the spacing distribution 

will be exponential because the data are likely to include a mixture of 

geologic populations. 

Truncation and censoring biases can also occur when spacings 

are very wide or very small with respect to the sampling window. 

However, unlike joint length measurements where the longest feature 

needs to be estimated, the spacing measurement of most interest is the 

smallest value. Biases from sampl ing are much less severe and are 

usually not accounted for because the spacing distributions obtained in 

the mapping can be assumed representative of the population. 

If only the probability of a spacing or an average spacing 

value is required, then using an average spacing value is acceptable. 

In practice, the validity of the exponential form should be checked 

wi th accurate measurement, construction of histograms and curve f i t

ting. It should be noted that the average value and the distribution 

form are purely numerical and they do not satisfactorily describe the 

true spatial relationships of the joints. This aspect is perhaps 

related to covariance of length and spacing. It is possible that a 
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Fourier model could be used to describe the occurrence of jOints as a 

spectrum. 

Rock Quality Designation and Intensity 

The same value for fracture intensity can be measured whether 

the fractures are evenly spaced or clustered in groups. For this 

reason, fracture intensity may not be a good indicator of rock mass 

quality. To overcame this problem, Deere (1968) developed a Rock 

Quality Designation (RQD). RQD is a modified measure of core recovery 

determined by measuring the length of hard and sound core pieces which 

are over four inches (10 em) long. The core must have a diameter of 

NX-size (2-1/8 inch diameter) or more. If the core is broken by 

handling or drilling where the bremcs are obviously fresh and 

irregular, the core pieces are fitted together and counted as one 

piece. Unfortunately, these specifications seem to be partially 

ignored. It is corrmon to see soft, intact core included in the 

measurement and for practitioners to use the four-inch cut-off length 

regardless of the core diameter. 

Deere's intention was to provide a measurement that would 

indicate zones of different mechanical properties in the rock mass. It 

is important that the intent of Deere's speCifications be fOllowed. 

Hard and sound core means that the core can be handled without 

breaking, and it should not be easily crushed by hand. The length 

criterion should not be a strict four inches, but rather a length equal 

to twice the core diameter. The four-inch cut-off length was based on 

a 2-1/8 inch diameter core. This author has found that when cores with 
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different diameters are measured, more consistency in the RQD can be 

obtained if the length criterion is specified as twice the core 

diameter. Otherwise, a bias is introduced due to the core diameter. 

RQD has proven to be useful in describing a rock mass. Deere, 

Hendron, Patton, and Cording (1967) reported that detail line surveys 

on a surface exposure would give nearly tile same estimate for RQD that 

would be obtained in a borehole. They concluded that an RQD of 100 

percent correlates with a fracture intensity of about one fracture per 

foot (12-inch block size) or greater. Zero RQD correlates with five to 

six fractures per foot (2- to 3-inch blocks). They also indicated that 

sampling orientation affects the RQD determination. 

Priest and Hudson (1976) further quantified the relationship 

between RQD and fracture intensity. They assumed that fracture 

intensity followed an exponential distribution. Using this assumption 

for the population, they derived the following equation to calculate a 

theoretical RQD value: 

( 2) 

where 

* RQDt = theoretical RQD for length criterion, t 

A = mean fracture intensity (f is the mean size of the 

rock pieces between fractures without regard to fracture 

orientation) 

t = a lower bound length cutoff. 
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For the usual measurement on NX core, t, is equal to four 

inches (.33 feet) and the theoretical RQD based on footage lengths is: 

RQD* = 100 e-0 . 33A (0.33A + 1) (2b) 

Hudson and Priest (1979) showed how the value of RQD, as deter-

mined from detail line surveys, varies depending on the orientations 

and spacings of the jOint sets, and the orientations of the detail 

lines. In their example, for two jOint sets with spacings of 0.1 m and 

0.2 m intersecting at 30 degrees, as the detail line is rotated through 

180 degrees, the theoretical RQD* ranges from 57 to 97 percent. 

If the spacing and orientation for each joint set is known, it 

is possible to calculate maximum and minimum values of theoreticalRQD*, 

which reveals the strength anisotropy of the rock mass. Fracture 

intensity for any specified direction can be determined from the 

following equation (Hudson and Priest, 1979): 

where 

N 
2: Ai cosSi i=l 

As = the mean fracture intensity along the detail line 

(3) 

A. = the mean frequency (reciprocal of spacing) of the i-th 
1 

jOint set 

S. = the acute angle between the detail line and the normal to 
1 

the i-th set 

N = number of joint sets 
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As is then used for A to calculate the theoretical RQD* by 

Equation 2. If RQD* is plotted as a function of S, the minimum and 

maximum RQD directions can be determined for the rock mass. 

The International Society for Rock Mechanics (1981) also gives 

an approximate method to determine RQD from field mapping. It is based 

on the volumetric joint count, which is determined from the mean 

spacings of the joint sets as fOllows: 

1 1 1 

where 

Jv = volumetric joint count 

Sl'S2, ... SN = mean spacings of the joint sets in meters 

and 

RQD* = 115 - 3.3 JV 

RQD* = 100% for JV < 4.5 

Block Size Distribution Curves 

Joint set spacings that have a negative exponential distribu-

tion will tend to produce a wider range in block sizes than joint 

spacings that are normally distributed. This is intuitively obvious 

because a normal distribution implies a large portion of blocks of 

similar size, while an exponential distribution indicates a wider range 

in sizes. Compared with soils, however, rock block size gradations are 

all poorly graded and are within about two orders of magnitude (Hudson 

and Priest, 1979). 
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In the strict sense, RQD represents one point on a size 

distribution curve, and an infinite number of curves can pass through 

this point. A complete size gradation of rock blocks is needed for 

adjusting rock mass strength and clastic analysis. Three methods are 

available that can provide good estimates of the block size 

distribution curves. These are the Hudson and Priest Normalized Curve 

Method, the R. D. Call Numerical Method, and empirical methods based on 

measurements of drill core pieces, mapping, and screen size analysis. 

Hudson and Priest Normalized Curve Method 

Hudson ill1d Priest (1979) developed the equation for the 

probability distribution function of block areas and volumes, assuming 

a uniform distribution for joint set spacings. They considered similar 

equations for exponential or normally distributed spacings to be mathe

matically intractable. Therefore, they used Monte Carlo simulation to 

model block areas and volumes produced from negative exponential or 

normally distributed spacing distributions. They developed normalized 

curves for both areas and volumes that can be used to estimate block 

size distribution curves from any mean fracture intensity. 

Block volume is of most interest for the size gradation. For 

negative exponential spacing distributions, the mean block volume is 

assumed to be the reciprocal of the cubed mean fracture intensity. 

From Equation 2, and calculating I.e in three arbitrary, orthogonal 

directions through the rock mass, three values of I.e result. These are 

Ael , Ae2 , and Ae3 . The mean block volume, VB' is: 



1 
v = -:--~-~-

B I.e I.e I.e 
1 2 3 
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(4) 

Hudson and Priest (1979) recormnend that an overall fracture 

intensi ty, A, for the rock mass be determined by detail line surveys on 

three orthogonal rock faces, and that the mean block volume be taken as 

the reciprocal of this value. This approach is obviously impractical 

in most situations because orthogonal faces are seldom available at 

mining and construction sites. 

Mean block volume is used with the normalized block volume 

curve (Figure 5) as fOllows: the value of 1.0 on the horizontal axis 

is given the value of the mean block volume, 0.5 is given half the mean 

block volume, 1. 5 given 1. 5 times the mean block volume, and so on. A 

class interval (CI) based on mean block volume is selected, perhaps by 

using Equation 1 as a guide. The block volume histogram can be 

constructed by reading the relative frequency values where t0e midpoint 

of each class interval intersects the curve. The percentage of block 

volumes (%VB) within a given, CI, is: 

%VB = 100 0 Relative Frequency 0 CI 

The normalized block volume distribution curve developed by 

Hudson and Priest (1979) is based on the assumption that the block size 

distribution is scale-invariant over a considerable range of scales. 

This invariance is also suggested by Turcotte (1986). 
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R. D. Call Numerical Method 

R. D. Call (1982) developed a method to calculate block sizes 

from drill core, although the method is also applicable to measurements 

from a detail line survey. Given the fracture intensity, f, from a 

length of drill core or along a detail line, and assuming that the rock 

pieces are bounded by natural fractures, the mean fragment size as 

measured in the drill core or along the detail line is: 

where 

c 
x=-

f 

c = a constant that relates the measured size of the rock block 

in the drill core or along the detaH line to the true size 

of the rock block. 

f = fracture intensity, that is, the number of fractures per 

length of drill core or detail line without regard to frac-

ture orientations. 

If the rock blocks are assumed to be spherical, the true size 

is the diameter, and a line passed at random through the sphere would 

have an intercept length between zero and the sphere diameter. On the 

average, this length would be 0.62 D, where D is the true diameter of 

the sphere. Thus, c, would be the reciprocal, 1.61. The value of c 

will vary depending on the shape assumed for the rock blocks and the 

direction of drilling with respect to the joint set orientations. 
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If the joint set spacings are distributed as a negative 

exponential, the true block size distribution is also expected to be a 

negative exponential and the probability density function can be 

represented by the equation: 

x 

f(x) x 

where 

x = a measured block size from drill core or a scan line. 

N = nmrber of rock blocks. 

x = true mean rock block size. 

Block size distribution for rocks, analogous to particle size 

distribution for soils, can be inferred from the cumulative function 

and by expressing the block size as a volume. Therefore, the cumula-

tive distribution function (percent greater than size X) is: 

where 

F(x) 

v = volume of all rock blocks greater than size, x x 

V1, = total volume of rock blocks 

(5) 

These volumes are obtained by integrating the probability 

density function and by considering the volume of the rock block to be 

a function of x3 • Since Vx is divided by VT in the derivation, shape 
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factors for volumes, such as 6 for a sphere, cancel out if all block 

shapes can be assumed the same. 

Integration of the probability density function gives: 

x 

foo x3.!. eldx = 6N 0[3) 
V = N 

T 0 X 

(6 ) 

Substitution of Equation 6 into Equation 5 for the cumulative distribu-

tion function gives: 

F(x) 
(X) 3 x2 (X-) I X x 

=IOO-e (-+--+x(X2
) +x3

) 
x3 

6 
(7 ) 

2 

Equation 7 can be evaluated for several x-values (block sizes) to 

develop a block size distribution curve. For example, Figure 6 shows a 

set of curves developed for different fracture intensities and spheric-

ally shaped rock blocks. 

Empirical Methods 

An empirical approach to develop size distribution curves was 

taken at Inspiration Consolidated Cooper Company, near Globe, Arizona. 

RQD (+4 inch size) was measured in drill core according to standard 

procedure, as explained previously. In addition, plus one-inch size 
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was estimated, and the length of the longest piece in the core run was 

measured. The longest piece was arbitrarily assumed to represent the 

upper five percent block size. 

The measurements provide three points on a size distribution 

curve, but the size value is an intercepted length rather than a true 

dimension. No correction has been made at this time. It would 

probably be best to adjust the measured sizes; however, it is not clear 

whether or not all sizes should be corrected. There is a critical size 

that is a function of the drill core size. Correction is probably 

needed for sizes larger than the critical size, and no correction 

should be made for sizes smaller than the critical size. Rock frag

ments that are smaller than the drill core dimensions are most likely 

true size and no correction should be applied. This is probably where 

a 95 percent confidence could be calculated that the size would be 

smaller than the drill core diameter. 

Comparison of the uncorrected Inspiration block size gradation 

curves with rock faces in the open pit indicates that the empirically 

derived curves predict smaller block sizes than actually occur in-situ. 

Block Shape 

Although shape is a major factor in determining the manner in 

which stresses distribute within a rock mass, it is believed that only 

approximate shape description is necessary so some of the simple 

methods may be satisfactory. 

Winterkorn and Fang (1975, pp. 94-95) describe two parameters 

that may have application to rock mass studies. The first is the 
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volumetric coefficient, V , which is the ratio of the volume of a c 

fragment to the volume of a sphere that would just enclose the 

fragment. This method '!Vas used by Stewart (1986) for rock mass 

characterization for block caving parameters. The equation is: 

where 

6V 
Vc =-3 

TIa 

V = volume of the fragment 

a = largest dimension of the fra~ent 

(8) 

If the mean block volume, Vp,' calculated from Equation 4 is 

used for V, and the largest AS between AS 1, AS2, and AS3, calculated 

from Equation 3, is used for a, a volumetric coefficient for the mass 

can be calculated. The shape is defined by the value of V determined c 

fran Equation 8. 

Shape of Fragment V c 

Sphere 1 

CUbe 0.37 

Tetrahedron 0.22 

Plates 0.07 

Needles 0.01 

The other parameter described by Winterkorn and Fang is the 

Shape Factor. Ratios for elongation and flatness are calculated as: 
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b/a = g = elongation ratio 

c/b = p = flatness ratio 

2 ca/b = pig = F = shape factor 

where: 

a = the largest dimension of the fragment 

b = the intermediate dimension 

c = the smallest dimension 

Equation 3 can be used to calculate A8 's in three orthogonal 

directions to determine A81' A82' and A83. 

1 
A • 8n 

The approximate mean size for fragments in the n-direction is 

Therefore, the minimum value, c, can be approximated by the 

smallest A8 the maximum by 
n 

the largest A8 and the intermediate by the n 

intermediate A8 . 
n 

The sphericity of an average fragment, ~, can be calculated by: 

12.8(p2g) 1/3 
~ = ------------------~----~--~ 

1 + p(l + g) + 6[1 + p2(1 + g2)]l/2 

Or, the a, b, and c values can be compared to the Zingg shape classes 

(Krumbein, 1941). 
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Zingg 
Shape 
Class b/a c/b Shape 

I > 2/3 < 2/3 Disk 

II > 2/3 > 2/3 Sphere 

III < 2/3 < 2/3 Blade 

IV < 2/3 > 2/3 Rod 

Dip Dispersion, Waviness, and Roughness 

Describing the undulations on a fracture surface relates to 

scale. For slope design, surface irregularities can be placed in three 

categories; these are dip dispersion, roughness, and waviness. 

Dip Dispersion is the irregularity that occurs at a size on the 

order of the design unit. In an open pit mine, the smallest design 

unit is usually the bench height, which is commonly 40 or 50 feet. The 

mapping windONs where the measurements are taken rarely exceed these 

dimensions, and for detail line surveys the window may only be about 3 

feet high by 100 feet long. Dip dispersion is accounted for by the 

variations in the dip angle measurements. The effect is seen on 

Schmidt plots as dispersion in the orientation maxima, and as part of 

the probability of occurrence calculation that is made during stability 

analysis. 

Roughness is the irregularity caused by small-scale asperities 

that affect contact areas between surfaces and contribute to shear 

strength without causing significant dilation during shear. Roughness 

effects, and a method to account for them in determining shear strength 

from test resul ts are presented by Roko, Adisoma, and Daernen (1986). 
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Because roughness affects shear strength, the scale of roughness is 

considered to be less than about one-fifth to one-tenth the size of the 

shear sample. For large-scale laboratory samples having dimensions on 

the order of 6 inches to 1 foot, the roughness amplitude and wavelength 

would be less than approximately 1.0 inch. 

Waviness is the fracture surface irregularity having a size 

smaller than the design unit dimensions and larger than the shear 

sample. For slope design, waviness usually has a wavelength between 

1 foot and about 20 or 30 feet. This is the irregularity that causes 

rock mass dilation during shear and can contribute significantly to 

shear strength, depending on the normal load (Patton, 1966). 

Profilometers, and various-size disks with a compass, have been 

used to measure waviness (Goodman, 1976, pp. 181-182). Both of these 

techniques are cumbersome in the field and require extensive exposure 

of the fracture surface, which is usually not available. 

The recommended measurement is made by using the inclinometer 

on a Brunton compass to record an average dip for the joint trace, then 

recording the observable minimum dip. This measurement can be done in 

the plane of the joint or on a profile of the joint, so the method is a 

more acceptable field technique than profilometers or disks. 

The difference between the average dip and the minimum dip is 

the waviness angle. In engineering studies in various rock types, it 

has been found that the distribution form for waviness angles is 

negative exponential, although this has not been universally proven. 

In stability analysis, the distribution of waviness angles is included 
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as an adjustment to the friction angle in a Mohr-Coulanb strength 

criterion. 

The International Society for Rock Mechanics (1981) has adopted 

Barton's method of describing roughness. He described small-scale and 

intermediate-scale roughness. His typical small-scale roughness 

profiles have a wavelength of 10 em (4 inches) and less, with maximum 

amplitudes of about one-tenth of the wavelength. Barton's typical 

intermediate scale roughness has a wavelength of several meters, and 

his term for waviness would include wavelengths of tens of meters. 

These descriptions are alternatives to those proposed here, but they 

are specifically used in Barton's shear strength equati.ons. It may be 

possible to correlate actual waviness angle values with Barton's 

roughness classes to make them applicable in other formulations of 

shear strength. 



CHAPTER 3 

FAILURE MODES 

Models of recognized failure modes in blocky rock masses, 

soils, and loose aggregates provide the basis for the terminology and 

p~inciples needed to define failure modes in intensely fractured rock 

masses. This chapter reviews these recognized failure models. Labora

tory model studies and field observations by other investigators are 

also described to define failure modes for intensely fractured rock 

masses. Reinterpretation of these published studies and this author's 

observations during fifteen years experience in slope design are 

integrated into a flow path diagram to aid in recognizing the potential 

failure modes and to guide analysis of intensely fractured rock. 

Scale is an important factor. An intensely fractured mass at 

one scale is an assemblage of large massive blocks at another 

(Figure 7). By changing the dimension of the problem, the inhomoge

neity, discontinuity, and anisotropy of the portion of the rock mass of 

interest also change. 

change. 

Therefore, mechanics and analytical technique 

Generally, the ratio of the height of the slope to block size 

determines the failure mechanism. When block size is on the same order 

of magnitude as the slope height, sliding along one or two major 

discontinuities is most likely. If block sizes are small, say at least 

56 
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Figure 7. Scale as a factor in rock slope design. 
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an order of magnitude smaller than the slope dimensions, interaction of 

discrete blocks should be considered. 

During a slope analysis, all failure modes are initially 

considered viable until it can be shown that some do not apply or that 

their probability of occurrence is so low that further consideration is 

meaningless. This implies that more t~an one failure mode is possible, 

but each failure mode has different probabilities associated with 

occurrence and stability. Thus, a rock mass that is considered to have 

the failure modes associated with intensely fractured rock, may also 

have some possibility of soil-like shear failure, or rigid block 

sliding. It may be that several different failure modes need evalua

tion for one slope. 

Failure Modes of Rigid Rock Blocks 

Figure 8 shows the simple models that have been developed to 

describe rock failures. These models are corrnnonly used in limit equi

librium analyses. 

Rock Fall 

Rock fall and ravelling can occur on any rock slope where 

discrete blocks become detached from the surface. Causes can be 

weathering, blasting, earthquake, excavation, or any process that tends 

to loosen the rock mass. 

Although analyses of rolling and bouncing rocks can predict the 

extent of rock spray at the base of the slope, stability analyses for 

this failure mode are rarely done. The problem can usually be 
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ROC'(FALL AND RAVELLING SIMPLE PLANE SHEAR 

STEP PATH SIMPLE THREE-DIMENSIONAL WEDGE 

STEIP WEDGE TOPPLING 

Figure 8. Failure modes of rigid rock blocks. 
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BUCICLING 

SPEC8 FIC SURFACES 

Figure 8--Continued 



61 

contr.:llGd with good blasting practices or modifications in the excava

tion procedures. 

Ritchie (1963) presented a detailed discussion on rock fall 

analysis and remedial measures. Wu (1985) reported on computer 

simulation of rock fall trajectories. Simulation of rock fall has also 

been used by Call (1985) in conjunction with "back break" analysis for 

designing catch benches in open pit mines. Piteau and Martin (1977) 

discussed the effects of rockfall and backbreak on slope design. 

Broilli (1974) reported on motion pictures taken of rock falls 

induced by blasting. He determined from these films that the velocity, 

height, and length of flight of the falling rock blocks were primarily 

controlled by the block size. He further determined that the 

percentage of flying versus rolling and bouncing blocks could be 

predicted fr~ block size gradation curves. Broilli also discussed the 

frequency of secondary rock breakage due to the rock fall mechanics and 

the bloc~ sizes that eventually form the talus. 

Simple Plane Shear 

Simple plane shear failure is considered when geologic sructure 

is "approximately parallel" to the slope face and is "daylighted," that 

is, the structure has a dip flatter than the slope angle. Approxi

mately parallel generally means within 20 degrees to being parallel to 

the slope (Hoek and Bray, 1981, p. 150). Jennings (1970) considered 

the case of discontinuous joints where the failure path included rock 

bridges that failed in shear. Although this condition may exist in 

some rock masses, usually additional joint sets are present to produce 



62 

step-path failure or there is sufficient fracturing of the rock bridges 

from other joint sets to make any estimate of intact rock inaccurate. 

It is probably better to consider this condition as a length proba

bility. 

Step-Path 

Step-path failure occurs along a continuous path formed from 

multiple jOint surfaces and possibly failure of intact rock (Jaeger, 

1971) . A master joint set with a flat dip is defined, along which 

sliding occurs. This set must have a strike subparallel to the slope, 

similar to the plane shear criterion. Separation occurs along a second 

jOint set, termed the cross joint set, which also must strike approxi

mately parallel to the slope. The cross joint set can have steep dips 

into or out of the slope. 

If the continuities of the joint sets are such that continuous 

paths are not formed over the entire slope height, tensile failure of 

the rock bridge is assumed to occur between individual step-paths. 

This provides continuity, but it also is a more stable condition 

because intact rock strength is added. Percent intact rock can be 

estimated by simulation of step-paths (Call and Nicholas, 1978). 

As in the discontinuous plane shear case, there is usually 

sufficient fracturing not related to the step geometry that breaks the 

rock bridges. Therefore, it is reasonable to analyze step-path 

geometries as plane shear cases, with the added feature of induced 

"waviness" on the failure surface. Figure 9 describes a calculation to 

estimate the step-path angle from joint set properties that was 
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L = Average length of master joint set 

S = Average spacing of master joint set 

D = Averaging dip of master joint set 

d = Average dip of cross joint set 

v = Overlap 

S = Step path angle 

S 
X = 'I8n (d-D) 

V = z/L 

Y = (1- V)L 

S S 
Tan a = (l-V)L + X = -----S=----

(l-V)L + 'I8n (d-D) 

a = arctan [ S S ] 
(l-V)L + Tan (d-D) 

Step Path Angle (S) = D + a 

= D + arctan [ S ] 
(l-V)L + 'I8n ~d-D) 

Figure 9. Calculation for step-path angle (Savely and Nicholas, 1973). 
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developed by this author and D. E. Nicholas (Savely and Nicholas, 

1973) . Induced waviness is estimated as the difference between the 

step-path angle and the master joint set dip. The overlap dimension is 

an empirically derived decimal value and is usually taken to be between 

.65 and .80. 

Simple Three-Dimensional Wedge 

A simple three-dimensional wedge geometry is fonned by the 

intersection of two discontinuities. The movement direction is dawn 

the line of intersection which must plunge flatter than the slope angle 

to be a viable failure mode. The bearing of the intersection must be 

directed toward a free face on the slope. 

Einstein and Baecher (1979) refer to some significant statis

tical problems related to correlation and nesting of wedges that are 

difficult to overcome. In practice, nested wedges are usually consid

ered to be step-wedge geometries. 

Step-Wedge 

Step wedge geometry is probably a most universal and corrmon 

failure mode. It is similar to the simple three-dimensional wedge 

except that simple wedges nest throughout the rock mass to fonn contin

uous failure paths. They can be considered as intersecting step-paths 

that fonn a wedge geometry. This means that long, continuous joints or 

faul ts are not required if the combination of smaller joint sets can 

combine to produce continuity. It is more corrmon to see wedges where 

one side is a large continuous feature, such as a fault or contact, and 
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the other side is a step-path geanetry fonned from jOint sets. A step 

wedge geometry can also have rock bridges like the step-path, and 

similar estimates of percent intact rock along the failure path can be 

made. 

Toppling 

Toppling can occur in rock masses that have regular, thinly 

spaced layers or foliation. It generally occurs as an influence of 

gravity on slabs or layers that dip steeply into the slope. 'roppling 

also occurs as a secondary failure mechanism when discontinuities dip 

in the same direction as the slope. 

Viability of a true toppling failure depends on the block shape 

and the inclination of the blocks. Since overturning of the blocks is 

required, they must usually have a collIDU1ar shape. If the weight 

vector passes outside of the downslope toe of the block, an overturning 

moment is produced. Goodman and Bray (1976) present a discussion of 

the different types of toppling failures that have been recognized. 

Some of these failure types must be examined critically to decide if 

toppling occurs at the onset of failure or whether the toppling is a 

secondary mechanism. 

Care must be taken in using toppling as a primary failure mode, 

and tile failure mechanism associated with the onset of failure must be 

closely examined. If a large number of blocks must slide before 

toppling begins, then sliding is the failure mode of interest, not 

toppling. Toppling as a secondary mechanism is important in progress

ive failure and failure volume detenninations. 
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If the primary block movement begins as flexure or an interac

tion of rotating blocks, then toppling can be considered the primary 

mechanism. Although flexural bending is part of the failure process, 

failure must be initiated by some disturbance at the toe, such as 

removal or destruction of toe blocks by excavating or blasting. 

Buckling 

Simple plane shear analysis usually indicates stability when 

major discontinuities are not undercut (daylighted) by the excavation. 

In bedded or layered rocks, or in rocks with continuous fractures with 

orientations parallel to the slope face, long thin slabs can be present 

on footwall slopes and they are subject to buckling failure. 

Buckling can be either flexural, as in a bending column, or 

hinged (Cavers, 1981). The hinged mode is the most COITUllon because 

cross jOints usually occur nomal to the bedding which provide the 

geometry for the hinged mechanism. Buckling requires slabs to be 

parallel to the slope and the slope angle must be steeper than the 

friction angle along the bedding or discontinuity surfaces. Failure 

occurs as buckling or bending of the slab, or crushing at the toe, and 

translational failure above the buckle. Layer thickness, slope shape 

(that is, concave, planar, or convex in profile), and water pressures 

are major influences on stability. 

Specific Failure Surfaces 

Geologic mapping and interpretation often indicate failure 

geometries formed from major 9i:;ologic features or combinations of these 
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features. Their location and occurrence are considered to be precise 

for engineering purposes. These specific failure surfaces are often 

the first failure geometries recognized in a site investigation. They 

usually control major slope instability. 

Failure Modes of Soil and Loose Aggregate 

Material that has low intact substance strength, usually less 

than about 100 psi, and contains only sparse or no geologic structure, 

can be analyzed as soil material. Also, granular material having 

particles in random orientation separated by pore volume can be consid

ered loose aggregate. Discrete granular particles can have a wide 

range in sizes from fine sands (0.42 mm diameter) to coarse rock fill 

and mine waste dump materials (600 mm diameter and larger). Figure 10 

shows failure models applicable to soils and loose aggregate. 

Rotational Shear 

Rotational shear failure is possible in soil materials that 

behave in a plastic or ductile manner, where no dominant geologic struc

ture is present. The failure surface is usually assumed to be circular 

or log-spiral in shape and represents a path where the ratios of shear 

strength to shear stress are minimums. 

The position of the failure surface depends on the slope 

geometry, the material properties, and the pore water pressures. The 

stochastic variables are material properties and pore water pressures, 

which are used to calculate a global mean safety factor and its 

sta~dard deviation. 



FOUNDATION SPREADING 

Figure 10 F ' allure modes of 

SHALLOW FLOW SLIDE 

soils and 1 oose aggreg'at e. 

68 



69 

Slumps and Shallow Flow Slides ' 

Slumps are shallow rotational shear failures common in granular 

materials. They usually occur in uncompacted embankments or waste 

dumps that become oversteepened at the upper portion of the slope. 

They are usually inconsequential, and they can be controlled by 

periodic leveling of the crown as the dump or embankment is raised. 

The run-out distance for slump debris depends on the foundation 

inclination and the slope height. This criterion and the impact of the 

debris on facilities or the environment govern design. 

OVersteepening in the upper portion of the slope is caused by 

accumulation of fine material and near-surface compaction that produces 

a temporary increase in cohesion. Eventually this cohesion begins to 

break down, resulting in settlement and slumping. 

Shallow flow slides are caused by shear failure of the material 

or collapse of the soil structure. In soil collapse the load is 

transferred from the soil grains to the pore water, which has no shect~ 

strength. Water recharge, infiltration rate and external influences 

such as seismic forces or vibrations are parameters that contribute to 

failure. 

Flow slides occur in rock fill and mine waste dumps that have 

become saturated at the face. The failure usually is very rapid and 

extends to the depth of saturation. The types of failure are 

frequently associated with leaking water lines or ponding that cause 

continuous local saturation of an embankment face. 



70 

Foundation Spreading 

When embankments and waste dumps are placed on weak foundation 

materials, foundation spreading is possible. The weak foundation is 

generally soil or decomposed rock of sufficient thickness to cause 

settlement as pore water pressure dissipates. It is possible to have a 

similar failure condition in a rock slope that contains a weak continu

ous layer between two harder units. 

Development of excess pore pressure in the weak foundation 

layer depends on the degree of saturation, the perrneabili ty of the 

foundation material, and the loading rate. Loading can be caused by 

dumping or construction. If this loading exceeds the shear strength of 

the foundation material because of the pore pressure buildup, the 

foundation fails and the slope or embankment settles. Usually movement 

stops when the loading is stopped. This type of failure is controlled 

by matching the loading rate of pore pressure dissipation so that the 

"undrained" strength of the foundation material is not exceeded. 

Base Translation 

When granular or cohesive material is in contact with hard rock 

or a l~rd foundation, an interface is formed where base translation is 

possible. This is applicable to embankments, waste dumps and slopes of 

conglomerate, alluvium, or surficial deposits overlying hard rock 

units. The shear strength of the soil-rock contact is critical as well 

as its inclination and the height of the slope. These types of 

interfaces are also likely to have high water pressures which further 

contribute to instability. 
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Failure Modes of Intensely Fractured Rock Masses 

Failure in rock masses that have been intensely fractured in 

place are different from that of soil or rock blocks. Interlocking of 

discrete blocks adds strength, but under certain loading conditions the 

blocks can become mobile and cause instability by sliding, rolling, 

crushing, or shearing. These components have been observed in labora

tory physical models, excavated slopes, and in large scale landslides. 

Physical Models 

NlID1erous model studies were done on the mechanics associated 

with failure in fractured rock masses. Goodman (1972) reported on 

simple base friction model studies of slopes. His results demonstrate 

the importance of proper geological characterization to determinations 

of f ai lure modes. Al though it is dif f icul t to produce a mode I that 

meets all of the geometric, kinematic, and dynamic aspects required to 

simulate a real rock mass, valuable insight on failure processes can 

often be gained from model studies. 

Fractured rock masses have been generally modeled with assemb

lages of plaster or brick cubes and prisms, and usually only one block 

size has been considered. Emphasis has been placed on the effects of 

confinement, block size, and the joint orientation and continuity on 

deformation patterns. Statements identified as "interpretation" in the 

following text are those of this author and are not necessarily stated 

in the conclusions from the cited studies. 

Muller and Hofmann Model. Muller and Hofmann (1970) developed 

a model of a steep rock slope builtin two-dimensions of equivalent 
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materials. Stresses were self weight and those induced by excavation. 

The model was divided by two systems of joints at right angles to each 

other to form discrete block elements of about one order of magnitude 

less in size than the size of the slope (Figure 11) • 

Two cases were considered: one a model with a firm toe but 

containing a discrete slip surface with a friction angle less than the 

slip surface inclination; the other a model with a soft toe foundation. 

The friction angle of the block surfaces was greater than the joint 

inclination toward the free face. Therefore, the trivial case (as 

defined by Muller) of sliding along block layers was prevented. The 

model was considered to be a mass of rock elements with high partial 

mobility. 

When blocks were removed from the model as a representation of 

excavation, rotational failure modes developed both as a large masses 

Clnd as individual discrete blocks, and definite stages of deformation 

occurred (Figures 11 and 12). These are: 

Stage 1: Overturning of the top of the slope with subsequent rock

falls. 

Intepretation: General loosening of the rock mass occurs as a 

resul t of excavation and as a possible precursor to larger 

scale movement. 

Stage 2: Deformation and loosening at considerable distance into 

the slope, ending with failure of the slope face. 
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Figure 11. Failure of a block model slope (after Muller and Hofmann, 
1970). -- (A) Block rotation; (B) Development of internal 
shear surfaces; (C) Arching of blocks; and (E) Crushing of 
blocks. 
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Figure 12. Failure of a block model slope (Muller and Hofmann, 1970). 
-- (A) Block rotation; (C) Arching of rows of blocks; (D) 
Separation surface; and (E) Block crushing. 



Interpretation: 
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Loosening can progress back into the slope for 

large distances in a rock mass failure mode unless large scale 

discontinuities become incorporated in the failure and form 

boundaries. 

Stage 3: Sliding along the discrete slip surface or through the 

soft stratum. 

Interpretation: Continuous, low strength discontinuities control 

the failure mode if they are present and they completely 

override the initial rock mass failure that was occurring. 

It is obvious that throughgoing discontinuities control the 

slope behavior on this scale. But it is also interesting to note the 

occurrence of other mechanisms such as the internal rotation of the 

blocks (A in Figures 11 and 12), the developnent of internal shears 

(B in Figure 11), development of separation surfaces (D in Figure 12), 

arching of rows of blocks as contact is lost with proximate blocks 

(C in Figures 11 and 12), and the crushing of individual blocks as they 

become overstressed by line and point contacts (E in Figures 11 

and 12). Failure of the full slope occurred before the continuous slip 

plane was "daylighted. II Crushing of the blocks in the toe area and 

rotation of blocks initiated the failure (Figure 12) . 

Rosenblad's Jointed Rock Mass Model. Rosenblad (1970) devel

oped and tested a jOinted rock mass model composed of sand and gypsum 

cement. Uniaxial compressive strength of his model material was 

610 psi. Similitude suggests the tests are probably representative of 

a jointed rock mass with high intact rock strength. He considered a 
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variety of block sizes and shapes and assembled the blocks in a 2 ft. 

by 2 ft. by 6 in. frame that he tested tmder plane stress conditions. 

The significant results from Rosenblad's tests are: 

1. Four modes of failure were observed, depending on block size 

and block orientation. These were: 

a. slip along joints, 

b. tensile failures of blocks producing vertical cracks, 

c. tensile failures of the blocks producing horizontal cracks, 

and 

d. shear failures (thrust faults) through intact material. 

Interpretation: Both tensile and shear failure of the intact 

rock blocks occur, which indicates multiple modes of 

failure that occur simultaneously. Sliding along jOints 

indicates that the shear strength of the block surfaces is 

also important to the strength of the rock mass. 

2. Strength of a fractured mass is less than that of an intact 

block and may be as much as 92 percent less, depending on the 

failure mode. 

3. Slip along joints in one direction causes an increase in 

strength in the perpendicular direction due to block interlock; 

that is, the jOints become stepped and nonplanar in the direc

tion perpendicular to movement. 

Interpretation: The effect of block interlock caused by slip 

between blocks destroys continui ty in the perpendicular 

direction and increases rock mass strength in that 
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direction; therefore, block interlock could be a 

significant contribution to rock mass strength anisotropy. 

4. The gradient of principal strain magnitude in a jOinted rock 

mass is much larger and less predictable than for an intact 

block. 

Interpretation: Local stress concentrations occur in a jointed 

rock mass that are sufficiently high to fracture intact 

rock blocks. 

Brawn and Trollope's Plaster Models. In a series of model 

tests, Brawn and Trollope (1970), Brown (1970a, 1970b), and Brown and 

Hudson (1972) studied the effects of block geometry and joint conti

nuity on the strength and deformation behavior of fractured masses. 

The model material had a uniaxial compressive strength of 3010 psi. 

Consequently, these tests are probably representative of a rock mass 

with high intact rock strength. The tests were performed triaxially on 

4 in. by 4 in. by 8 in. plaster models comprised of 1 in. cubic blocks; 

that is, block size was approximately one order of magnitude less than 

the size of the model 

Failure modes recognized were (Figure 13) : 

1. Dilation involving movement of blocks on joint planes and 

opening up of gaps (probably most significant at low confine

ment and when the unit rock block is small compared to the size 

of the rock mass under consideration) , 

2. Collapse due to block movement involving dilation and opening 

of gaps (low confinement), 
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A c 

Figure 13. Failure modes in plaster models (after Brawn and Trollope, 
1970) . (A) Axial cleavage; (B) Shear failure along a 
single planar surface; (C) Collapse at low confinement, 
block movement and dilation; (D) Slip of continuous 
pre-formed joint planes; (E) Formation of a slip plane, 
partly along jOint partly through block; (F) Complex failure 
surfaces partly through blocks, partly along joints; (G) 
Multiple conjugate shear plane with high confinement; (H) 
Multiple conjugate shear planes partly along joints. 



3. Sliding on single joints, 

40 Sliding on multiple jOints, 

5. vertical tensile failure of blocks (ION confinement),. 

6. Shear failure of blocks independent of joints, 

7. Shear failure partly through blocks, partly along joints, 

8. Multiple conjugate shear planes (high confinement), and 
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9. Multiple modes involving sliding, crushing and complex shear 

surfaces (high confinement) . 

Significant results from these tests are: 

1. Greatest strength is when jOints are oriented 0 or 90 degress 

to the principal stress direction; weakest strength occurs when 

joints are oriented 30 or 60 degrees. 

2. At high confinement (greater than 1000 to 2000 psi) the effect 

of the joints is less noticeable and the behavior is ductile. 

3. Failure envelopes for both jointed and unjointed tests are best 

represented by a power failure law (Chapter 4) . 

4. Macrotensile strength of block jointed masses containing no 

joint infilling is zero. 

5. Analyses based on simple shear strength theories can produce 

kinematically inadmissible modes of failure in fractured rock 

masses; therefore, other modes must be postulated. 

Deformation behavior was controlled by confining stress, block 

shape, and joint continuity with respect to the major principal stress 

direction (Figure 14) . 
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Figure 14. Load defonnation curves obtained in BrCMI1 and Trollope's 
(1970) tests on plaster models. -- (a) Unconfined and low 
confinB~ent, unjointed, cubic blocks at 00 and 90°, 
trapezoidal and hexagonal blocks at 600

; (b) High 
confinement; (c) High confinement; (d) Unconfined to lo.v 
confinement cubic and trapezoidal blocks at 45°, hexagonal 
blocks at 60°; (e) Unconfined and low confinement hexagonal 
blocks at 30° and 450

• 
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Ladanyi and Archambault's Models. Concrete bricks were used by 

Ladanyi and Achambault (1970, 1972) for model tests to simulate 

discrete rock blocks. Uniaxial compressive strength of the brick was 

found to be 3600 psi, which represents high intact rock strength. The 

uniaxial tensile strength was found to be 400 psi. Each brick was cut 

lengthwise to produce a prism 1/2 in. by 1/2 in. by 2-1/2 in. These 

brick prisms were stacked together and fitted into indented plates in a 

direct shear apparatus then tested under various normal loads 

(Figure 15) . 

Significant results from the direct shear tests are: 

1. When rows of blocks were subjected to shear stress and a high 

normal load (greater than 400 psi), the blocks were first 

fissured and crushed into smaller fragments by compression. 

Shear failure then occurred through this partially damaged 

rock. 

2. The failure mode was a function of normal load. At normal 

stresses less than 400 psi, the blocks rotated with little 

crushing. 

crushed 

At normal stresses greater than 800 psi, the blocks 

in a brittle manner before shearing developed 

(Figure 15). 

3. The principles of work and energy are useful in stability 

analysis to account for dilation of the rock mass during 

failure. 

4. The degree of interlocking of the blocks affected strength. 
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a. 

b. 

Figure 15. Failure modes of block assemblages in a direct shear test as 
a function of normal load (after Ladanyi and Archambault, 
1972). -- (a) Low normal load (120 psi); and (b) High normal 
load (870 psi) . 
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5. A power equation most closely fits the strength curve for the 

rock mass. 

Ladanyi and Archambault (1980) extended their previous work and 

considered failure modes in more detail. In this study the model was 

composed of blocks of uniform size arranged in a manner that simulated 

continuous joints. The model was tested under biaxial stress condi

tions. Additional results for the biaxial tests are: 

1. The failure mode under biaxial stress depended on the orienta

tion of continuous fractures and on the confining stress. 

2. Three distinct failure modes were observed (Figure 16): 

shear plane 

shear zone 

kink band 

3. At confinement stresses less than about 100 psi, the orienta

tion, 8, of continuous fractures as measured from the 

horizontal, determined the failure mode: 

a. If 8 was nearly zero, that is, horizontal fractures, a 

distinct shear plane formed. 

b. If 8 was between 10 degrees and 40 degrees, a shear zone 

formed at 25 to 85 degrees from the horizontal. 

c. If 8 was between 40 and 80 degrees, that is, approaching a 

steep inclination, a kink band developed at 55 to 105 

degrees from horizontal (Figure 17) . 

4. At high confinement, shear zones and kink bands became narrow. 
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1 2 

3 4 

Sequence of photographs shONing the development of a kink 
band with block rotation in a biaxial test (from Ladanyi 
and Archambault, 1972). 
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5. The development of kiruc bands produced a residual shear 

strength lower than the frictional residual shear strength. 

6. Minim1.llll strength of a slope can occur from either slow joint 

slip movement leading to progressive loss of interlock between 

rock blocks, or by formation of a kiruc band. 

7. The strength predicted by simple plane shear sliding does not 

accurately predict the strength of an intensely fractured rock 

mass because the failure mode is incorrectly modeled. 

Ladanyi and Archambault (1980), reported on further tests with 

the same apparatus except in these biaxial tests they constructed a 

model with two different block sizes. The block sizes were 1 in. by 

1 in. by 2-1/2 in. and 1/2 in. by 1/2 in. by 2.5 in. The blocks were 

arranged to model discontinuous joints. 

20 in. by 40 in. frame. 

The model was tested in a 

Failure of the models occurred predominantly by shearing along 

a joint followed by shearing of the adjacent solid block. Very little 

loosening was noticed until after the initial shear failure. All of 

these tests were conducted with confining stresses of from 50 to 

350 psi. Kink bands were not noticed in the models of discontinuous 

jOints where only shear planes or shear zones developed. Ladanyi and 

Archambault concluded that: 

1. In a blocky rock mass composed of various size blocks and dis

continuous jOints, kiruc band failure does not occur. Failure 

takes place along joints and through intact solid blocks. 
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2. When shearing of solid blocks occurs the blocks are sheared off 

progressively, which means that solid cohesion and joint fric

tion do not mobilize at the same time. The load-defonnation 

curve does not shaw a peak strength but instead only rises to a 

residual strength. 

3. Failure mode and rock mass strength are strongly affected by 

unifonnity in block size and continuity of joints. 

Barton and Bandis Model Study. Scale effect studies on shear 

strength led Barton and Bandis (1982) to consider a biaxial model of a 

jointed rock mass. Their previous studies showed shear strength and 

shear stiffness of joints to decrease with increase in block size due 

to the smaller blocks having more mobility. The smaller blocks rotate 

and "feel" the small asperities. Large blocks "feel" the flatter 

inclination of larger-scale asperities. Thus, smaller blocks receive a 

higher waviness or roughness angle contribution to shear strength 

(Patton, 1966) than do larger blocks. 

These conclusions imply that rock masses composed of small 

blocks should have higher shear strength than rock masses composed of 

large blocks. Field observation of real rock masses seems to indicate 

that rock masses composed of large blocks are generally more stable. 

Barton and Bandis devised model tests to detennine if the 

assemblage of rock blocks would give the same resul t as tests on 

individual specimens. The model tests were perfonned biaxially on 

assemblages of weak, brittle model material. Three different block 

size assemblages were considered. The largest block assemblage had a 
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block size of about one order of magnitude less than the size of the 

assemblage. The smallest assemblage had a block size of about two 

orders of magnitude less than the size of the assemblage. Both diamond 

and square shaped blocks were modeled and tested. 

Failure modes observed were: 

1. For the smallest size blocks, independent of block shape, fail

ure was accompanied by rotation of the blocks and development 

of a kink band at least eight blocks wide. 

2. Assemblages of large or intermediate size blocks failed along 

several continuous joints. 

3. Some tests showed simul taneous development of both kink band 

and shear plane failure modes. 

Barton and Bandis used Poisson's Ratio as a criteria to define 

the onset of different failure modes (Figure 18). They concluded that 

the stiffer, large-block assemblages, which typically failed by in

plane joint shear, experienced a rapid increase in Poisson's Ratio due 

to dilation as the blocks overrode the roughness of the shear planes. 

In contrast, the small block size assemblages were less stiff 

and tended to consolidate before shear became apparent. This caused a 

moderate increase in Poisson's Ratio until shear failure occurred. 

Poisson's Ratio at this point could continue to increase even beyond 

one, which was indicative of kink band development. 

Significant conclusions from the Barton and Bandis (1982) tests 

are: 
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1. A fundamental change in deformation and strength behavior 

occurred when the number of blocks per loaded area exceeded 

sane limit. 

2. Block size controlled both the shear strength and deformation 

characteristics of the mass. 

Note: If Poisson's Ratio is an indicator of failure mode, 

moni toring of slopes and calculating horizontal and vertical 

movements may indicate the failure mode in the mass. For large 

dilation, a kink band formation should be suspected if the 

jOints are oriented in a manner that allows this failure mode. 

3. Shear displacement required to mobilize peak shear strength is 

less for small block sizes. 

Deformation Modes Using Numerical Models 

Numerical models can be used to analyze the effects of changing 

conditions and to support conclusions drawn from physical model studies 

and field observations. However, they are not verifications of the 

physical models. 

Cundall's Discrete Block Method. Perhaps one of the most 

interesting numerical modelS is the discrete block method developed by 

Cundall (1971, 1976). Each rock block is treated as a rigid or 

semi-rigid, discrete element. Translation and rotation of the blocks 

are permitted and each block may be in contact with another, except at 

a free surface. Normal and shear forces and displacements are associ

ated with the block surfaces. In Cundall's original model, deformation 

of the block itself was not allowed and stresses within the blocks were 
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not considered. It was strictly a clastic mechanics model. Further 

modi.fications in the method have considered the rock blocks to be 

semi-rigid and an accounting for normal and shear stiffiness between 

blocks is made (Voegele and Fairhurst, 1982). 

Cundall (1976) was able to simulate "arching" of blocks and 

"kink band" developuent in an assemblage of angular particles steadily 

compressed by a piston (Figure 19). When he plotted the results of the 

study he found that the model showed rotation rather than sliding in a 

large band of the discrete block elements (Figure 20). He concluded 

that this "kink band" development, or his term "buckling," was a 

dominant mechanism in the failure process. He further concluded that 

sliding of the blocks, which occurrs during the later stages of defor

mation, is a secondary effect. 

Cundall's (1976) results ""ere similar to the results from 

Muller and Hofmann (1970) (Figures 11 and 12) where "kink" development 

was also recognized as an early development in the failure process. It 

is likely that arching of the blocks occurs and clastic interblock 

stresses develop as explained by Trollope (1968). In some cases the 

initiation of failure seems to be block rotation in a shear zone at the 

base of the slope rather than block sliding. 

Trollope's Clastic Mechanics Model. The clastic mechanics 

model proposed by Trollope and Brown in a series of publ ications 

(Trollope, 1957, 1961, 1968, 1975, 1978; Trollope and Brown, 1966; 

Trollope and Burman, 1970) and expanded on by Burman (1974) and Burman 
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Figure 19. Assemblage of granular particles canpressed by a piston in a 
s~ulation by Cundall's discrete block method (CUndall, 
1976) . 
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Figure 20. Buckling of one row of particles in the simulation by 
Cundall (CUndall, 1976). 
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and Hammett (1976) has the potential for predicting the load-

deformation behavior of a fractured rock mass based on measurable 

geologic parameters. It is a predictive tool, at least to the extent 

that the rigid block models represent slope behavior in masses composed 

of large blocks. This model is explained more fully in Chapter 5 and 

is recommended for the stability calculations presented in Chapter 6. 

In the Clastic Mechanics Model a discontinuum is represented by 

an assemblage of discrete rock blocks that is described geometrically 

by "systone angles." The systone angle is the inclination from 

vertical of a line that passes through the centroid of each block in 

the block arrangement (Figure 21). These angles are different for 

different block shapes and arrangements (Figure 22). stress trajec

tories in a rock mass are defined by the systone angle. An estimate of 

stress magnitude can be made based on the systone angle, the discrete 

block characteristics, and the slope geometry (Figure 23) . 

Strength criteria must be defined for crushing, sliding, and 

shearing of blocks for use in a clastic analysis. Strength and stress 

are compared to predict failure and failure mode. One important aspect 

of the clastic model is the introduction of the arching concept. This 

concept provides the mechanism to produce high horizontal stresses, 

particularly in the toe and basal areas of slopes, that result from the 

specific arrangement of blocks and their body weight. Arching is 

defined and discussed in more detail in Chapter 5. 
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Figure 21. Definition of the systone angle, 8, in a blocky rock mass. 
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Figure 23. Stress trajectories and stress magnitude defined by the 
,systone angle, 8, and the slope geometry. 
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Burman (1974) and Trollope (1978) reported on further develop

ments in numerical models based on clastic mechanics. In one case the 

assemblage of blocks was replaced by an equivalent structural truss 

where the centroids of the blocks are nodes and the truss members are 

assigned longitudinal, shear, and moment stiffness. The advantage of 

this variation is that if the truss members are assumed to be elastic, 

the solutions compare with finite element results. If the stiffnesses 

are varied, other deformation can be modelled, including the fully 

clastic case. Thus, the full range of possible solutions from ideal 

elastic to fully clastic can be considered. 

Deformation Modes in Slopes 

Several deformation modes were simulated by the physical and 

numerical models that were developed to predict the behavior of 

intensely fractured rock masses. A failure mode that is observed only 

in a laboratory model cannot be considered valid unless the same 

process is seen in a real rock mass. Similarly, elegant numerical 

solutions can be devised from hypotheses that have no relationship to 

natural phenomena. It is necessary to determine if the models 

represent behaviors observed in nature. 

Open Pit Mine Slopes. At the Inspiration mine near Globe, 

Arizona, slope failures are often associated with toe heave. Toe heave 

has been observed on slopes with heights as low as 200 feet and as high 

as 900 feet. Usually, there appears to be bulging in the middle of the 

slope and extensive tension cracking at the crest. Tension cracks 

generally coincide with joint sets or major structure trends. Movement 
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rates of the fastest moving portion of the slope are almost always 

below 1 to 2 feet per day, although occassionally a rapid drop of 50 

feet or a slowly developed toe heave of 10 to 20 feet will occur. 

Generally, when toe heave is present, the slope continues to 

move at a slow creep. In cases where the toe heave areas have been 

mined out, a gradual increase in movement rate occurs rather than 

sudden, catastrophic failure. Often slip surfaces caused by thrusting 

up at the toe can be seen associated with the toe heave. 

Trollope's arching theory requires some initial movement such 

as toe heave. When toe heave occurs, arching develops, which increases 

the stresses on the rock blocks. The increase in stress can crush some 

of the blocks. This crushing causes a further increase and 

redistribution of stress as the crushing failure progresses. 

The arching mechanism could be one interpretation of the 

failure mechanics at Inspiration. The initial toe heave is probably 

produced by slip between blocks or block rotation near the toe of the 

slope as a result of excavation. Thus, the failure breaks out near the 

toe, and the arching process is initiated. 

Kink bands produce a roller bearing effect that could explain 

some cases of failure when no visible or interpreted structures are 

tldaylighted." Block rotation in the kink band would be particularly 

viable when the rock blocks have high strength and where shearing 

through rock material would otherwise be required for failure to occur. 

In these cases, a kink band development could explain how failure 
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planes that have steeper dips than the slope break out to the face and 

cause failure. 

Consider a plane shear or three-dimensional wedge intersection 

that dips or plunges at 60 degrees behind a 40 degree slope. The 

driving stress is dawn the dip or plunge. Even without an additional 

stress contribution from surcharge or tectonics, there would be enough 

stress from self weight to develop arching, rotation of blocks, and 

dilation. The significant aspect is that rolling shear resistance 

could be less than either the sliding shear strength of joints or the 

shear strength of the rock substance, or previously crushed material. 

In this case, the rolling resistance determines stability. 

Three-dimensional wedge failures have been observed on bench 

faces at Inspiration. The failures did not follow rigid block mechan

ics. Although the failures were limited by two intersecting joint 

planes, the intensely fractured failure mass loosened and fell apart. 

Small discrete blocks rolled down the plunge of the intersection and 

fell from the sides toward the intersection. The general sense was one 

of small blocks flowing and rolling, toward and down the intersection, 

rather than sliding. 

Characteristics of an active-passive wedge mechanism, that is 

often assumed in a rigid block analysis, might also be evidence of kink 

band and rolling block behavior. The observable features are only that 

the middle portion of the slide has formed a graben structure between a 

forward and back block (Figure 24). The middle graben is bounded by 

steep shear planes. Internally, the deformation could be rotation of 
1..' , 
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Figure 24. Active-passive wedge geometry showing sequence of deforma
tion in intensely fractured rock masses. -- (1) Toe heaves; 
(2) Arching and kink bands develop; (3) Horizontal movement 
at base and toe of slope, toe segment moves; (4) Middle 
segment begins to collapse; (5) Shear planes develop as 
middle segment continues to move, a graben develops. 
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discrete blocks at the base of the forward block before developnent of 

conjugate shear planes through the failing mass. Muller and Hofmann's 

model seemed to show this sequence of deformation (Figure 11) . 

This interpretation of the deformation has implications for the 

stability calculation that considers the driving wedge to be restrained 

by a rigid forward block, and sliding friction of the base and along 

shear surfaces. If the shear resistance is really due to rolling 

blocks or a kink band mechanism, the associated rolling friction will 

be less than the assumed static sliding friction. The lower segment 

would move at a faster rate than the other segments, and there would be 

little or no contribution from the driving forces of the active wedge. 

The active wedge would be a response rather than a contribution to 

stresses on the lower slope segment. 

Landslides. Cliff collapses and rock avalanches, called 

II sturzstroms , II are rapid movements of rock resulting from failure of 

rock slopes in mountainous regions. They usually have large volumes on 

the order of 10 million cubic ya:r.ds, and the slide characteristically 

travels for several miles. Some of these large-scale rapid movements 

are thought to have reached velocities of over 100 miles per hour 

(Shreve, 1968). 

The mechanics of such rapid movements have been explained by an 

upward flow of air or a trapped layer of compressed air beneath the 

landslide material that acted like a frictionless cushion (Kent, 1965; 

Shreve, 1968). Goguel (1978) postulated the development of high

pressure steam generated by frictional heat that became trapped along 
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the sliding surface. These hypotheses do not have as much credibility 

today because deposits similar to struzstroms have been recognized on 

the moon. Because the moon is relatively dry and airless, a different 

explanation is required (Guest, 1971; Howard, 1973). 

It is common to see large rock blocks that have remained intact 

even after being transported long distances during a sturzstrom. This 

means internal deformation was not excessive, which is compatible with 

the "negative sense" movement described by Hayashi (1966). Hayashi 

(1966) detennined that when joints were dipping in the same direction 

as the shear stress, the deformation occurred along separation surfaces 

and very little internal deformation occurred. "Positive sense" was 

present when joints were dipping in the direction opposite to the shear 

direction (Figure 25). Deformation related to positive sense would be 

distributed throughout the jointed mass. 

Davies (1982) proposes mechanical fluidization as a process for 

streaming avalanche debris. His concept requires a high energy input, 

such as sudden rock cliff collapse or earthquake, that causes high 

impulse contact pressures between individual rock blocks. The mass 

dilates, the blocks become separated, and the internal resistance to 

shear stress is reduced. As a result, the mass flows due to gravity. 

If the basal shear stress does not maintain the dilation, the internal 

friction increases and the mass stabilizes. 

Mechanical fluidization requires that the mass of dry rock 

pieces behaves as a Newtonian fluid; that is, the ratio of shear stress 

to shear strain rate (viscosity) is constant. This can occur during 
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Figure 25. Definition of negative and positive sense joint orienta
tions (after Hayashi, 1966). -- (a) Negative; and (b) Posi
tive. 
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mass movement because as the failure progresses, portions of the mass 

reach the bottom and are pushed to the sides. They are no longer 

involved in the movement. Therefore, the weight of the moving mass 

decreases, thus the shear stress acting on the base also decreases. 

However, dilation of the mass can be maintained, even at low values of 

shear strain rate. Therefore, as long as the mass is dilated, the 

fluidization is active. A similar mechanism can operate at a slower 

rate in an interlocked rock mass as the result of excavation and 

relaxation, where a gradual separation of blocks and a slower dilation 

rate probably occurs. 

Eisbacher (1979) used the term "roller bearing" to describe 

rotation of large rock blocks that characterized movement in the basal 

zone of large mass movements (Figure 26) . The similarity between his 

proposed failure mechanism and the rolling cylinder model (Figure 27) 

proposed by Pariseau and Voight (1978, p. 25) is clear. Eisbacher 

observed that the rock within the mass was relatively undisturbed and, 

in one example, a complete section of carbonate rocks was carried 

undisturbed for more than 6 miles. This type of failure mechanism 

seems to be associated with "blocky" carbonate and crystalline rocks, 

and flat failure surfaces with dips of 15 to 30 degrees. 

Eisbacher described what he believes to be the failure process 

of the rock slope: 

in general the breakaway zone does not display any 
obvious structural weakness it appears that during 
collapse on a gently inclined bedding plane the 
disintegrating rock mass is probably carried forward by the 
rotation of joint-bounded blocks in the basal rupture zone. It 
is probable that these rotational movements in the basal zone 
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Figure 26. Failure modes in larger landslides (Eisbacher, 1979). -
(a) Basal sliding; and (b) Roller bearing. 
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Figure 27. Rolling cylinder model of a rock slide (from Pariseau and 
Voight, 1978). -- (a) Initial shearing; (b) Rotation with 
continued shearing; (c) Continued motion with front 
erosion; and (d) Free body diagram of cylinder and riding 
block. 



coincide with the crushing and communition of the constituent 
blocks. Major dry failure above low-angle bedding planes (say 
13-20 degrees) therefore demands an equally low "kinetic 
friction" (tan 13 to tan 20 degrees) corresponding to the 
resistance encountered by the rotating blocks in the basal 
breakaway zone. At angles reaching values close to and 
exceeding 30 degrees the classic situation of the sliding block 
with a "static coefficient of friction" around tan 30 degrees 
is probably realistic. 
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Eisbacher further stated that in nature there is probably a 

complete transition between the sliding and the roller bearing mecha-

nisms on flat surfaces. He also indicated that the initial breaking up 

and grinding that fonns the basal zone is probably several tens of 

meters or more in thickness. Since the dimensions of the blocks 

involved are on the order of 10 to 30 meters, this represents multiple 

rows of blocks in the failure zone, which is consistent with the 3 to 8 

rows of blocks observed during buckling and kink band development in 

the small scale physical models. 

Synthesis for Deformation Modes 

Integration of results from field observations, published model 

studies, and this author's experience suggest at least four failure 

modes in rock mass failure: 

1. Slippage between blocks and sliding on continuous joints or 

continuous jOint paths. 

2. Shear failure through intact blocks and shearing off of corners 

of blocks. 

3. Rotation of discrete blocks in a defined zone (internal block 

rotation, also called kink band, roller bearing, or buckling) . 

4. Crushing of intact blocks by induced tension. 
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Some of these failure modes occur independently, but most occur in 

combinations, with each contributing a component to the total strength. 

Usually stability is assessed at the onset of failure, and in 

the case of rolling blocks some deformation must occur before the 

mechanism can develop. Then, the mass must remain dilated for the 

rolling mechanism to continue. If the stability assessment is based on 

sliding resistance, stability may be predicted. However, disturbance 

of the mass by excavation, and particularly by repeated blasting, may 

loosen the mass, which is generally not considered in a stability 

analysis. Loosening allows block rotation, and stability will parti~ 

ally depend on the rolling resistance of the rock blocks. 

Rotating blocks and kink bands occur only when jOints or joint 

paths are continuous; that is, the rock blocks must be discrete. In 

addition, the dip of the continuous joint sets or continuous paths must 

be in the same direction as the field shear stress (a negative sense) . 

The rock block sizes must be at least two orders of magnitude smaller 

than the slope height. Block shape must be conducive to a rolling 

motion, which means equidimensional or rod-shaped blocks are most 

susceptible. Other failure modes are also possible, and possibly more 

likely, so rotation of blocks in a basal shear zone is only one of 

several failure modes that may develop in a slope. 

When a continuous joint system or paths dip in the same 

direction as the shear stress, a negative sense as defined by Hayashi 

(1966), high dilatancy is to be expected. The slope moves as a large 

mass away from thin surfaces of separation. This is where kink band 
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and block rotation occur in a defined basal shear zone under low nonnal 

stress. When the continous joint system or paths dip in a direction 

opposed to the shear stress, a positive sense, low dilatancy is 

expected and the defonnation will be more distributed throughout the 

mass (Figure 25) • 

These observations on failure modes and anisotropy in rock mass 

dilation make it possible to define "recognition criteria" for failure 

modes in intensely fractured rock masses (Figure 28). Although only 

two discontinuity orientations are shawn for clarity, the intent is 

that orientations of continuous features must be identified. When the 

criteria calls for continuity with a dip steeper than the slope angle, 

this means that all identified continuous paths must be steeper. If 

the criteria calls for discontinuity, all paths must be discontinuous, 

r~gardless of the actual number of fracture sets. 

Not included in this criteria are rock fall and ravelling, 

which are modes of rock mass failure associated with loosening of 

blocks and which can occur under a variety of conditions. Usually, 

these are nuisance failures that do not develop into large-scale 

failure. 

Slope failures in nature often have complex geometries not 

suited to the simple models. Some examples are shawn in Figure 29. It 

is common to have influence from major structure, with the other major 

component being soil-like or rock mass failure. Analyses of these 

complex modes are generally done on an ad hoc basis. Ingenuity and 

judgment are needed to combine analytical techniques or to develop an 
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approximation that gives a reasonable estimate of the stability. The 

recogni tion criteria are intended to be an aid in canpleting these 

canplex models as well. 



CHAPTER 4 

STRENGTH CRITERIA 

Strength criteria for shearing of joints and failure of intact 

rock in a rock mass are well represented in the literature (John, 1969; 

Brown, 1970a, 1970b; Jaeger, 1971; Ladanyi and Archambault, 1972, 1980; 

Barton, 1982; Hoek, 1983). For rock mass failure modes, criteria are 

needed for sliding, shearing, and crushing. Also, rolling resistance 

that considers dynamic shear strength and dilation of the rock mass is 

needed. 

This chapter begins with a review of the developed strength 

criteria. Many of these criteria only consider certain aspects such as 

sliding or shearing. There is no current strength theory that consid

ers all of th~ requirements needed for clastic analysis of intensely 

fractured rock. The last portion of this chapter synthesizes the 

current strength criteria into an acceptable criteria for the analysis 

of intensely fractured rock. There is considerable future work to be 

done with regard to developing better strength testing methods, and 

developing better criteria to represent the rolling resistance. 

It is difficul t to obtain a realistic estimate of rock mass 

strength because it is difficult to representatively sample and test a 

rock mass composed of fractures and rock blocks. The interactions that 

take place in a rock system have a large effect on the strength and 

114 
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deformation properties. Scale is a major restriction because a repre-

sentative sample of a rock mass might require dimensions on the order 

of tens of hundreds of feet. For testing, it is desired to have a 

sample size at least five times the size of the largest constituent 

particle (Schultze, 1957). Hoek and Bray (1981, p. 111) recommend a 

16 to I ratio. 

For these reasons, Muller (1974) became a proponent of in-situ 

testing. However, in-situ tests often do not meet the 5 to 1 require

ment either, and if they do, the tests are still only point samples 

fran a large mass. In-situ tests are expensive, and cost usually 

I imi ts the number of tests that can be done. Fewer test resul ts are 

obtained than in laboratory testing. This author believes that it is 

preferable to perform a large number of laboratory tests for the avail

able money than to do a few in-situ tests because a large number of 

tests have a better chance of defining the variability in the strength 

values. 

Al though the task of determining rock mass strength seems 

formidable, some estimate is necessary for analysis and design. It may 

not be possible to predict strength exactly, but the estimate should be 

as reliable as possible, and it should try to account for variability 

in the strength parameters. This leads to statistical description of 

rock mass strength. 

Rock masses can be considered as large bodies of rock with 

deformation and strength properties associated with the rock mass as a 

whole. Discontinuity and rock block properties are considered 
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imp 1 ici tly . Or, rock masses can be considered canponent systems of 

discontinuities and rock blocks, each possessing defonnation and 

strength properties that are assessed individually then combined to 

predict the rock mass strength. 

Austrian SchOOl Equations 

The Austrian School, represented by Muller and John, consider 

three modes for rock mass failure. They are sliding on joints, 

shearing of rock blocks without jOint sliding, and shearing of rock 

blocks with joint sliding. Linear Mohr-Coulomb failure criteria is 

used for both joint sliding and rock block shear failure, with 

calculation of friction angles for the joint surface and the intact 

rock substance. Cohesion is also calculated for the intact rock, but 

is assumed to be zero for the jOint surface. 

A failure mode that considers both jOint sliding and intact 

rock shearing would have a strength between the two limiting conditions 

of joint shear and intact rock shear strength. A graphical procedure 

is used to superimpose the influence of several joint set orientations 

to detennine a more precise rock mass strength. 

This method has some obvious limitations. It does not use a 

power law strength criterion, which is generally accepted as the most 

representative relationship for fractured rock masses (Jaeger, 1971, p. 

129) . This means that strength at low nonnal stresses, which is the 

usual case for slope stability, will be overestimated when shearing of 

elements and sliding of joints occur. When sliding is only along the 

joints, the residual linear relationship is used, which will probably 
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underestimate the strength at higher nonnal stresses in most si tua

tions. . The method does not consider a strength criteria for rolling 

rock blocks. 

Jaeger's Power Curve 

A bilinear failure criterion for sliding on joint surfaces was 

proposed by Patton (1966). This was the developnent of the i-angle 

tenninology for the inclination of asperities on the joint surface. 

Jaeger (1971) proposed that the true relationship was a power law 

because he saw a more gradual transition as asperities were sheared off 

and their effects became less and less. 

Jaeger's equation is one of the best to represent shear 

strength of a discontinuity. However, it is only valid for sliding or 

intact rock shearing failure mechanisms and is not sufficiently 

complete to describe the shear strength of the rock mass system. Addi

tional criteria on dilation and rock block interactions are required. 

For rigid block analyses, such as plane shear, step-path, and 

intersection wedge where sliding is the dominant mechanism, the power 

law is the recommended strength criteria. 

Brown and Trollope's Failure Criteria 

The failure criteria proposed by Brown and Trollope, developed 

from testing of block models and numerical analysis, can be expressed 

as either a linear or power law relationship. The equations account 

for shearing along joint surfaces, shearing of intact rock without 
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sliding on joints, and rock mass shear failure tllat includes both rock 

shear and joint shear. 

In defining the rock mass shear equation, allowances are 

included for joint continuity and degree of shear strength mobiliza

tion. The power law parameters are adjusted for joint orientation, 

which implicitly includes the block shape. The rolling hlock failure 

mode resul ting fran rock mass dilation at low nonnal stresses is not 

considered. 

The major advantage to this criterion is that an accounting of 

block shape is included. Also, the block arrangement affects the 

resul ts because the rock mass has intennittent joints or continuous 

joints, depending on the specific block shape and block arrangement. 

The necessity or validity of including joint continuity in the 

strength equation is debatable. In a real rock mass, the amount of 

intact rock that must be broken for a failure surface to fonn does not 

depend exclusively on the rock between joints in the same set. Usually 

other joint sets are present that fracture the rock bridges or provide 

continuous paths. These significantly reduce the amount of intact rock 

that would be detennined when only one set is considered. Therefore, 

strength estimates using the joint continuity factor are probably too 

high. It would be better to look at step-path type failure modes in 

this case and consider a continuous path with an effective waviness 

produced by the intersection of parallel, steep and flat jOint sets. 
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Barton's Empirical Shear Strength Equation 

Barton (1973) proposed an empirical strength equation that 

accounted for roughness and waviness of the jOint, jOint wall compres

sive strength, and water. Bandis, Lumsden, and Barton (1981) extended 

this concept to the rock mass by considering mul tiple joints. They 

conducted several model tests to represent a fractured mass at various 

scales and determined a block size-shear strength relatiol1ship. ThE

familiar JCS (joint wall compressive strength) and JRC (joint roughness 

coefficient) values are adjusted from laboratory and field tests to the 

stress levels anticipated for design. Included in this adjustment is a 

correction relating the size of the test specimen to the size of the 

in-place rock block. 

Adjusted JCS and JRC values are used in Barton's (1973) equa

tion for strength criterion. This relationship can also be developed 

probabilistically if the variation in the parameters can be determined 

or estimated. One standard deviation about the mean strength relation

ship is necessary to define the normal distribution that is assumed for 

the probability calculations. 

Barton's equation is valid for shearing on individual joints 

and rock shearing only, and is not valid for the rolling block failure 

mode. Also, the assumption inherent in this criterion is that one 

block size will represent the rock mass. 

It may be possible to make better estimates of JRC and JCS from 

a complete block size distribution curve of the rock mass. Adjustments 

for size would only be made for the blocks less than the 050 s~.ze 
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because Barton and Bandis (1982) suggest that the size effect is not 

evident after the natural block size of the rock mass is exceeded. D50 

is the block size at 50 percent on the size gradation curve and 

represents the median block size. For each size class below and 

including D50, JCS and JRC values are calculated. 

Advantages to this method are that measureable rock mass 

properties are used. Also, the failure mechanism is described 

explicitly as shearing or overriding of asperities; thus, the effect of 

different strength parameters can be assessed. 

A major disadvantage is that while simple in concept, it is 

very difficult to obtain consistent results in the required field 

measurements of JRC and JCS. This causes wide variations in calculated 

strength, which limits the usefulness of the method. 

Hoek and Brawn Empirical Failure Criterion 

Hoek and Brawn (1980, pp. 137-177), have developed a rock mass 

strength criteria based on experimental data on the behavior of 

fractures, intact rock, and fractured masses. They express the rock 

mass strength in terms of principal stresses, but offer additional 

equations of shear strength more applicable to rock slope design, which 

are credited to J. W. Bray (Hoek, 1983). 

The approach is to develop a nonlinear strength relationship 

for the rock mass. In this sense, the fractures and interaction of the 

rock blocks are considered implicitly. For rock slopes, the Mohr 

failure envelope corresponding to the empirical failure criterion is: 



where 

and 

where 

T = shear stress at failure 
, 

¢. = instantaneous friction angle at a given normal stress 
1 

¢: = tan- l (4h cos2 (30 + 1/3 sin- l h-3/ 2) _ 1)-1/2 
1 

a' = 

c. = 1 , 
c. = 1 

, 
16 (rna + sa ) 

h = 1 + ____ ~~--=c_ 
3m

2 ac 

effective normal stress 

instantaneous cohesive strength 

T - a' 
, 

tan ¢i 
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(9) 

The values m and s are empirical constants that are determined fran 

rock type and rock mass classification using the CSIR RMR system or the 

NGI Q-system and entering the empirical table published in Hoek and 

Bray (1981, p. 108) and Hoek (1983). Large m-values of 15 to 25 are 

associated with brittle igneous and metamorphic rocks that would have a 

high friction angle at low normals. Low m-values of 3 to 7 are more 

tyical of ductile carbonate rocks. An m-value of .001 would represent 

an intensely fractured, highly disturbed rock mass. 

The unconfined compressive strength of the intact rock can be 

used to estimate the compressive strength of the rock mass, and it also 

scales the Mohr failure envelope through Equation 9. The compressive 
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strength of intact rock is corrected for size by the following 

equation: 

where 

A = a (50)J.US 
c c50 d 

0c50 = unconfined compressive strength of a 50 rom diameter tested 

specimen 

a = unconfined compressive strength of diameter, d c 

d = diameter of specimen in rnrn 

The maximum s-value of one is associated with intact rock. The 

minimum s-value of zero represents heavily jointed or broken rock. 

Unconfined compressive strength, a ,of the rock mass is estimated by: ern 

and the uniaxial tensile strength, 0trn' of the rock mass by: 

a = 1/2 a (m - (m2 + 4s)1/2) 
trn c 

Standard deviation limits about the mean shear strength rela-

tionship could be obtained by assuming a range for the Hoek strength 

parameters, considering the range to be three standard deviations fram 

the mean, and assuming a normal distribution. One standard deviation 

could then be determined using conventional methods (Miller and Freund, 

1985; Benjamin and Cornell, 1970). 

In practice, it is difficult to select appropriate curve para-

meters and these are extremely critical to the result. A better method 
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of choosing the parameters is needed that relies more on the quantifi

cation of the rock mass properties and not so much on qualitative 

description and rock mass classification. 

Ladanyi and Archambault Shear Strength Equations 

Ladanyi and Arc hambau 1 t, in a series of publications (1970, 

1972, 1980), have suggested a method to estimate the shear strength of 

a jointed or blocky rock mass. They develop a mathematical expression 

which accounts for fracture orientations, fracture dilation during 

shear, fracture shear strength, and shear through intact rock sub

stance. 

In principle, the method estimates the rock mass strength for a 

given stress condition based on geologic properties. They have found 

good agreement between calculations and model studies. Of significance 

is that they apply a shear strength reduction based on the development 

of the rolling block failure mode. They consider this mode by 

adjusting the power curve shear strength parameters and allowing for a 

low degree of block interlocking. This reduces the calulated shear 

strength. Thus, the blocks are highly mobile and free to rotate, 

although the actual forces acting on the rolling blocks and the rolling 

resistance are not calculated. 

This model can be used for three different failure modes; these 

are shear plane, shear zone, and rolling block. When the effective 

nonnal stress is of the same magnitude as the uniaxial canpressi ve 

strength of the intact rock, the shear equation reduces to that of the 

intact rock shear strength. 
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Difficulties associated with the model are that an estimate of 

the area of contact between fracture surfaces and degree of failure sur

face interlock, thus dilation rate, are required. These are difficult 

to determine with any precision. Only one jOint set can be considered 

at a time in the deformation. This is a most serious limitation 

because the interactions of other jOint set orientations will tend to 

redistribute stresses and cause additional complex deformations. It is 

still possible to estimate a rock mass strength anisotropy by consider

ing each fracture set individually and assuming superposition (Bray, 

1967; Goodman, 1976). 

Synthesis of Strength Criteria for Analysis 

A useful strength criteria can only be developed by considering 

the most likely failure modes and aspects of the design. The topic in 

this study is rock slope design. This determines the relevant stress 

ranges as well, which are usually low (less than 1000 psi) in slopes. 

Considering the failure modes that have been defined in Chapter 3, 

their analysis requires probability density functions representing 

crushing strength of intact rock, shear strength of intact rock, 

sliding shear strength on jOint surfaces, and rolling block shear 

strength. Important questions arise regarding the effects of block 

size, block shape, and block orientation on the development of certain 

failure modes and on rock mass strength. 
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GENERAL ~\l10DEL: 

Figure 30. Power shear strength criteria showing variability for a 
specific nonnal load. 



126 

Sliding Strength 

Criteria for sliding along discontinuities and rock block 

surfaces is the power failure curve proposed by Jaeger (1971). The 

general equation is: 

where 

T S = To + k~ + an tan i 

T = sliding shear strength s 

T = intrinsic shear strength (shear strength at zero normal o 

stress) 

a = normal stress on the shear surface 
n 

k,m = power curve parameters fram nonlinear regression 

i = waviness angle 

When m equals one, k equals tan ¢ (¢ = sliding friction angle) and s s 

the equation reduces to the linear Mohr-Coulomb criteria. 

The standard deviation about the mean shear strength relation-

ship should be developed by the method proposed by Call (1981), which 

produces a distribution for shear strength at a specific normal stress 

(Figure 30). The final result fram reduction of the direct shear test 

resul ts and regression on the data points is three equations. The 

first equation defines the mean shear strength for a given applied 

normal stress: 

T la = T + ka
m + a tan i s non n (10) 
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The second two linear equations define the standard deviation of the 

mean shear strength for a given applied normal stress. The equations 

are a result of linear regression through points representing one 

standard deviation in shear strength. These points are taken from 50 

bell-shaped distribution curves of shear strength representing the 

range of normal stresses that will be encountered in the design 

problem. 

This procedure gives 50 points that represent one standard 

deviation about the mean shear strength. The 50 points do not neces-

sarily fallon a perfectly straight line; therefore, linear regression 

is done through the 50 points to give the best fit linear equation. 

Since the power failure law is used for the mean shear strength curve, 

it is necessary to approximate the standard deviation line as a 

bilinear curve. Therefore, two equations are required and selection of 

the appropriate equation depends on the normal stress being considered 

in the stability calculation. The equation for the standard deviation 

of the mean shear strength for a given normal stress is: 

S [T 10 ] = Ao + B s n n 
( 11) 

where 

A = linear regression parameter representing the slope of the 

standard deviation line 

B = linear regression parameter representing the shear strength 

intercept of the standard deviation line 
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Two sets of A and B-parameters are determined because of the bilinear 

form of the standard deviation line. If the normal stress being 

considered in the stability calculation is less than the transition 

normal stress (that is, the normal stress at the point of intersection 

of the two linear equations), then the equation representing low normal 

stresses is used. Similarly, if the normal stress being considered in 

the stability analysis is greater than the transition normal stress, 

the second set of parameters that represent the standard deviation at 

high stresses is used. 

Miller and Borgman (1984) further developed the concept of 

variability about the mean shear strength. Their approach uses 

nonlinear regression to determine the standard deviation lines about 

the mean shear strength relationship. 

Rolling Strength 

Clearly, the only strength criteria that accounts for block 

rotation is that of Ladanyi and Archambault. A shear strength 

reduction is produced by specifying strength parameters that represent 

minimum interlocking of rock blocks. Minimum interlocking implies that 

the blocks are free to rotate, although the interblock forces and the 

rolling resistance are not actually calulated. However, until other 

equations that consider more kinematic and kinetic aspects of the roll

ing block failure mode can be developed, the Ladanyi and Archambault 

equations with the modification by Hoek and Bray (1981, pp. 104-105) 

will be used. 
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The approach is to develop the distribution for shear strength 

for each nonnal stress considered in the analytical problem. This 

distribution can be determined by Monte Carlo simulation of the 

probability distribution functions of the input variables if they are 

known or can be estimated. Alternatively, point estimates can be used 

to approximate the variability for a given normal stress (Rosenblueth, 

1975, 1981; Harr, 1987). The general equation is: 

and 

c. 
T = a ' (1 - a ) (v + tan¢. + -f) 

s J a 

. 
v= 

+ asnoc ~ - 1 (1 + ~~~)1/~ - (1 - as)v tan~R 
(12) 

T = rolling shear strength 

a' = effective normal stress 

a = shear area ratio s 

v = dilation rate due to shear 

¢j = sliding friction angle 

c. = cohesion for sliding 
J 

¢ = friction angle of rock substance 
R 

a = uniaxial compressive strength of rock c 
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n = ratio of uniaxial compressive strength to uniaxial tensile 

strength 

0T = transition normal stress 

n = degree of interlocking on the failure surface 

i = waviness angle 

For kink band development and block rotation: 

where 

K = 5 

L = (2/n
r

)3 tan i 

n = 0.5 

n = number of rows of blocks in the kink band (usually 2 to 5) 
r 

Shearing Strength of Rock 

The most applicable equation for intact rock shear strength is 

a power curve or linear relationship. The equations are: 

where 

T = C ko
m 

R R + n 

T = intact rock shear strength 
R 

CR = intact rock cohesion 

on = normal stress 

k,m = power curve parameters for intact rock 

¢R = internal friction angle of rock 

(13a) 

(13b) 
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The standard deviation about the mean strength relationship is 

determined as in the sliding stength calculation or from a regression 

analysis on failure stress versus confining stress plot of triaxial 

test data. 

Crushing Strength of Rock 

Best estimates for crushing strength probably come from point 

load tests or Brazilian disk tension tests. In their uniaxial 

compression tests on block jointed models, Brown and Hudson (1972) 

observed that the discrete rock blocks would either fail in induced 

tension, or by sane combination of induced tension and shear. The 

exact nature of the failure depended on the block shape and its 

orientation with respect to the applied stress. 

It is likely that the Brazilian tensile strength is a lower 

bound and the uniaxial compression strength an upper bound for 

crushing. For the clastic analysis, the canpressive strength is 

determined from the uniaxial compressive strength and size-strength 

relationship. A probability of crushing is calculated for each size 

fraction, and the probability of failure is determined by summing the 

probabilities of crushing over the entire size distribution. 

In the clastic analysis, the strength of the fraction of very 

small sizes of 10 rom size is arbitrary, but in a practical sense the 

objective is not to assign a rock crushing strength to soft gouge and 

thoroughly crushed materials that would be better represented by stand

ard soil tests. 
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The size gradation of rock blocks which is determined from the 

structural analysis can be expressed as a histogram of sizes (Figure 

31) . The mean crushing strength is assigned to each class interval 

based on results from testing of various size rock blocks. It is 

possible at this point to include a size-strength relationship if it is 

known or if it can be assumed. For large blocks that are impractical 

to test, it may be necessary to either assume a size-strength relation

ship or assume no reduction in strength. 

Confinement is not considered in the crushing strength estimate 

because for crushing to develop, the blocks must adjust to produce line 

and point loads. In this configuration the blocks are unconfined. 
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Figure 31. Gradation curve and histogram of rock block sizes. 



CHAPTER 5 

STRESSES IN SLOPES 

Many different definitions for in-situ stresses have appeared 

in the literature. The terms used in this dissertation are those 

defined by Bielenstein and Barron, as reported by Amadei (1983). 

Figure 32 is modified from this work. These terms are presented to 

clarify the discussions on stress that are presented in this chapter. 

A slope stability analysis for intensely fractured rock re

quires estimates of horizontal, vertical and shear stresses. While 

this author proposes that the clastic method be used for stress 

estimates, there are two other methods that are based on finite element 

studies that could be used. All three of these stress estimation 

methods are discussed in the following text. 

Terminology 

"Induced stresses" are caused by excavation or other loading, 

which includes surcharge loads. They are man-made and are controlable 

as part of the design. "Natural stresses" are present prior to the 

excavation, and they are the result of geology and tectonic history of 

the rock mass. 

Natural stresses can be further defined. "Gravitational 

stresses" are natural stresses caused by the weight of the overburden. 

D4 
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Figure 32. Terminology for stresses (after Amadei, 1983). 
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These are approximated by the common assumption of a linearly increas

ing stress with depth detennined from the density of the overlying 

material. "Tectonic stresses" are caused by defonnation of the rock 

mass due to crustal adjustments. If the crustal adjustments are 

current, the stresses producing the defonnation are referred to as 

"active tectonic stresses." If the stresses are due to past 

defonnation, and the stresses are only partially relieved, they are 

referred to as "remanant tectonic stresses." 

"Residual stresses" are best defined as self-equilibrating 

stress components that remain in a rock when external forces and 

moments are removed (Voight, 1967). Usually the residual strain alig-ns 

with a major geologic feature, such as foliation, joint sets, or 

faults. 

The concept is that stored strain is introduced into the rock 

mass by external, natural loading conditions, which can be caused by 

gravi ty , tectonics, or thennal gradients. These strains are then 

locked in by permanent non-elastic deformation. This might be plastic 

or viscous flaw, consolidation or expansion, cementation, or chemical 

changes. This causes both intergranular and intragranular stresses. 

If a rock face is excavated, the stored strain energy is released near 

the surface, the cut surface is destressed, and a new grain-to-grain 

equilibrium must be established inward. The concept of stored strain 

energy is important to discussions of clastic analysis presented in 

later chapters of this dissertation. 
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For most applications, the presence of residual stresses causes 

aberrations in stress measurements. They are not a design factor 

unless their magnitudes are on the same order as the gravitational and 

tectonic stresses, or unless the design is sensitive to small changes 

in stress. For slope stability, the primary concerns are gravitational 

stress, tectonic stress, groundwater pressures, and stresses induced by 

excavation, and surcharges. 

Natural Stresses 

Gravitational Stress 

The vertical stress, also called gravitational, overburden, or 

geostatic stress, can be approximated by the equation: 

where 

cr = fZ ydz = yoz 
Z 0 

cr = vertical stress 
Z 

Z = depth at which stress is calculated 

y = unit weight of overburden materials 

(14) 

For intensely fractured rock masses, it is assumed that the effective 

stress principle applies (Farmer, 1983, pp. 51-54). The spaces between 

the discrete rock blocks are interconnected and tight, but they can 

contain water. When groundwater is present and the rock is saturated 

the effective stress equation is: 

(15) 



where 

Ysub = submerged unit weight of the rock mass 

= y - y 
w 

y = unit weight of water w 

Z = height of water between depth, Z, and the water table w 

Tectonic Stress 
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Tectonic stresses can change the stress distribution in an 

excavated slope. The effect of added horizontal stress, for example, 

might be enough to cause failure of the slope when stability would be 

predicted in a stress field where all horizontal stress components are 

equal to the vertical stress (hydrostatic, also called lithostatic 

stress field). 

Coates and Grant (1966), in their study at Elliot Lake, 

Ontario, where large tectonic stresses are believed to be active, 

reported horizontal stresses three times those of vertical. Hoek and 

Brawn (1980, pp. 97-100), summarized results of in-situ stress measure-

ments in various locations and rock types. Their data suggest it is 

unusual to have a horizontal stress that exceeds three times the 

vertical stress, and a more common ratio is two or less. Hoek and 

Brawn (1980, p. 96) determined empirically that the ratio of horizontal 

to vertical stress, k, lies within the limits: 

(lOO/z) + 0.3 < k < (1500/z) + 0.5 

where z is depth in meters. 



139 

Alternatively, Goodman 1980, pp. 101-103), considered the 

active (nonnal faulting) and passive (reverse faulting) states to 

define the possible range of k: 

where 

2 gu 2 ¢ 1 
ka = cot (45 + ¢/2) - Y cot (45 + 2") z 

%.1 +-Y z 

¢ = angle of internal friction 

g = unconfined compression strength of rock 
u 

and k would have a value between k and k . a p 

(16a) 

( 16b) 

Often the best estimate of the stress field is obtained by 

relating geology to an estimate of stresses that would cause the 

observed defonnation. Abel (1972) suggested that because geology 

reflects all states of stress that have acted on the rock mass, it 

should be possible to estimate stresses from analysis of the geology. 

On this premise, and literature research, he developed a flow path 

method to estimate orientation and magnitude of tectonic stresses based 

on the geologic environment. 

Although stress magnitudes are the most difficult to estimate, 

it is easier to make an estimate of stress direction based on the 

geology. It primarily depends on the geologist's ability to recognize 

geological features and their origins. Price (1959) presents guide-

lines for recognizing different types of joints, the manner in which 

they fonn, and their relationship to principal stress orientations. 
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Ragan (1985, pp. 134-136), reviews the basic principles of fault 

classification based on orientation of principal stresses: 

Vertical Fault 
Principal Plane Fault 
Stress Dip Class 

°1 45 + ¢/2 Normal 

°2 Vertical Strike-slip 

°3 45 - ¢/2 Reverse 

The tmportant relationships are: 

1. The orientation of the intermediate principal stress, °2, is 

the intersection of two conjugate shear fractures. 02 is the 

pole to the plane containing the major and minor principal 

stresses. 

2. The major principal stress, 01' bisects the acute angle between 

two conjugate shear fractures. 

3. The minor principal stress will be orthogonal to both 01 and 

° 2· 

4. The intersection of the fault plane and the plane containing 

the major and minor principal stresses is the slip direction of 

the fault. 

An esttmate of the stress magnitude can be obtained by 

considering the conditions that would cause renewed sliding along 

faults (Ragrul, 1985). For a normal fault, the major principal stress 

is vertical, and the stress magnitude is calculated from the overburden 

weight using Equation 14. The magnitude of the minor principal stress 



141 

is found by using the ratio, k , detennined by Equation 16a. For a 

reverse fault, the overburden weight is equal to the minor principal 

stress and the magnitude of the major principal stress is found from 

the ratio, k , detennined fram Equation 16b. 

Geologists who have attempted this type of analysis realize the 

amount of interpretation involved regarding genesis of faults, folds, 

and joints that make the best analysis suspect. As Deere (1968, 

p. 19), points out: 

. even if the complete geologic history were known, it 
would not be possible to ascertain the stress state because the 
pertinent material properties under long-tenn loading and the 
actual mechanisms of defonnation during uplift, erosion, etc., 
are in themselves unknown. . The only practical means of 
obtaining an estimate of the stress state is by means of field 
measurements. 

Although most engineers would agree with Deere's statements, it 

is not always possible to make stress measurements, or if measurements 

are made, to obtain consistent results over the area of interest. This 

means a best estimate must be made and the geologic analysis combined 

with inexpensive stress measurements, such as the "doorstopper" or 

inclusion cell, is the most practical method. Leeman (1964), Fanner 

(1983), and Kim and Franklin (1987) review the most useful stress meas-

uring devices, their applications, theoretical basis, and shortcomings. 

Induced Stresses 

Induced stresses are those produced by excavation and surcharge 

loading. In many circumstances, excavation will cause groundwater to 

increase f low toward the opening. In these cases, added groundwater 

pressure might also be considered an induced stress. 
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Finite element analysis to detennine the stresses in a slope 

is necessary when the geometries and geology are complex. It is the 

preferred method to estimate stress magnitudes for most problems. 

Finite element methods have been popular for several years; and the 

techniques are reported on in many texts (Desai and Abel, 1972: Coates, 

1981) . 

The remaining discussions center on other methods to estimate 

stresses in slopes when it is impractical to run finite element models, 

or when the finite element model is difficult to fit to the problem. 

This is perhaps the case in a truly clastic rock mass when relatively 

large defonnations and the interaction of rock blocks need to be 

considered. The finite element approximation methods discussed are 

those of Stacey (1970) and Coates and Yu (1978). The clastic stress 

method is that of Trollope (1968). 

Stacey's Stress Contour Plots 

Stacey (1970) developed dimensionless stress contour plots 

based on finite element analysis, and by assuming that the rock 

material surrounding the slopes was homogeneous, isotropic, and linear

elastic. An example of one of his plots is shawn in Figure 33. Four 

variables were considered: 

1. Slope angle: 30, 45, 60, and 75 degrees. 

2. Width of the floor of the pit or excavation: zero to 6H (H = 

slope height). For values of floor width exceeding 0.8H, there 

is no further increase in stress. 
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-0.10 Horizontal stress 
-0.0 - - - - Vertical stress 

---- -0,09 ----- Shear stress 

Figure 33. Dimensionless stress contour plot for a slope with a 30 
degree slope angle and no horizontal stress (from Stacey, 
1970). -- The value of the contour multiplied by the unit 
weight of the material and the slope height equals the 
stress magnitude. 
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3. Horizontal stress field, which combines induced and natural 

stresses. Gravitational stress is given by: 

where 

v 
O"H = 1 + V yz 

O"H = gravitational horizontal stress 

v = Poisson's ratio 

y = unit weight of the material 

z = depth of interest 

Other states of horizontal stress considered were zero, yH, and 

3YH. 

4. Poisson's ratio for the rock material. Values of 0.1, 0.2, and 

0.3 were considered. 

Contours of horizontal stress, vertical stress, and shear 

stress for the four slope angles were presented in dimensionless form 

by dividing stress by ti1e product of the unit weight and slope height. 

The stress contours provide a canplete distribution of stresses in a 

slope for any value of the four variables. Other values can be interpo-

lated or extrapolated. 

Horizontal, vertical, and shear stresses can be determined at 

any point in the slope by simply obtaining the value from the 

applicable chart and multiplying this value by the product of the unit 

weight and slope height. It is apparent that unless considerable 

variability in stress magnitude is acceptable, an estimate of the 
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natural stresses must be made in order to select the appropriate chart. 

This emphasizes the importance of the basic information on stresses 

that is obtained from geologic analysis and stress measurements. 

Coates and Yu's Stress Curves 

A similar study to Stacey's was done by Coates and Yu (1978) 

for toe crushing stability analysis. They were interested in the 

stresses that develop near the toe of the slope, where maximum compres

sive stresses are expected to occur. They ran a series of finite 

element models for different slope angles and different ratios of 

horizontal to vertical stress. From the results, they constructed 

curves of toe stress versus slope angle, and displacement versus slope 

angles (Figure 34). These calculations were for a point located near 

the toe, two meters in from the rock surface. 

Coates and Yu considred both the long infinite slope (plane 

strain condition) and the influence of tangential stress produced by 

circular plan geometry (axisymmetric case). For the axisymmetric case, 

they also considered different relationships of horizontal stress to 

the slope section. The disadvantage to their method was that only 

compressive stresses are calculated for a crushing analysis, so shear 

stresses were not included. Failure modes of rock mass dilation with 

rotation of rock blocks, or interblock slippage were not considered. 

Polynomial approximations to the curves for the plane strain 

stress case were developed by this author for computer applications. 

Stress ratios of 0.3, 0.5, 1, 2, and 3 were included. These equations 

are presented in the computer program BLKFLW, a program developed to 
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Figure 34. Coates and Yu's stress curves (from Coates and Yu, 1978). 
-- (a) Toe stress versus slope angle; and (b) Displacement 
versus slope angle. 
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calculate block flow stability by the method of Coates and Yu. A 

listing of the program is given in the Appendix. 

Trollope's Clastic Stress Method 

Trollope and Burman (1970) and Trollope (1968) explain hON 

stresses develop in a clastic rock mass. Stresses develop from self

weight of the rock blocks and a process referred to as arching. To 

explain the concept of arching, it is first necessary to examine the 

forces required to maintain equilibrium of a rock block in a rock mass. 

If no displacement has occurred, each block is in total contact with 

surrrounding blocks and the assumption is made that all stresses are 

equally distributed between the blocks (Figure 35). 

When the toe of a slope is excavated, the floor can rebound or 

heave in response to the unloading. Rock blocks adjust position as the 

rock mass begins to yield. If the rock blocks are small compared to 

the slope height, a small displacement is all that is required to allow 

the blocks to slide or rotate. This small displacement could also be 

caused by groundwater pressures, blasting, or earthquruce forces. 

As the blocks adjust to restore equilibrium, some contacts 

between the blocks are lost. Gaps between rows of blocks can open, 

some individual blocks move into the gaps and lose contact, and point 

contacts between blocks may form as some blocks rotate. These block 

adjustments create an unbalanced stress and a reduction in confinement 

on the rock blocks. 

The stress that was carried by a block that has moved must nON 

be redistributed among the remaining blocks that are in contact. These 
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Figure 35. L~it states in a rock mass (after Trollope, 1961). -- (a) 
No arching; and (b) Full arching. 
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rock blocks can become overstressed, making them susceptible to brittle 

failure. If a rock block fails, usually in induced tension or shear, 

further block adjustment and redistribution of stress is required. 

This process of lost contact between blocks, unbalanced stress, and 

adjustment of proximate blocks to restore equilibrium is referred to as 

arching. This was seen in Muller and Hofmann's model of a slope 

failure in a blocky rock mass (Figures 11 and 12) . 

The limit states are no arching, a low horizontal stress 

condition, and full arching, a high horizontal stress condition. If 

the rock mass is assumed to have no tensile strength, the actual 

arching condition in the slope will always be between these two limit 

states. The degree of arching that actually develops in the slope 

primarily depends on the strength of the rock blocks and the amount of 

rock mass dilation. Stress magnitudes and their configuration behind 

the slope face depend primarily on the block arrangement and block 

shape with respect to the geometry of the slope. 

For the idealized case, a hexagonal block shape is assumed 

where joints are considered to be discontinuous (Figure 36; Trollope 

and Burman, 1970). Assumptions are that all block faces are initially 

in contact with proximate blocks, there is no tensile strength between 

blocks, and the lines of action of all contact forces on a block act 

through the centroid of the block. 

The block shape and block orientation define the systone angle, 

e, (Figure 36). This angle represents the direction in which inter

block stresses are transferred. For hexagonal shapes and the block 
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orientation shawn, 8 is 30 degrees. The systone angle will be differ-

ent for other block shapes and block orientations. A unique stress 

transmission geometry is defined for each systone angle. 

stresses are detennined as average stresses in the systone 

(Figure 37). The area over which the stresses act is represented as 

the distance between centroids of adjacent blocks. 

The slope profile shown in Figures 38 through 40 are divided 

into three zones defined by the systone angle, 8, and the slope angle, 

i. The x-z coordinate axes is indicated at the crest of the slope. 

Horizontal, vertical and shear stresses can be calculated for each zone 

as developed by Trollope (1968). 

Equations for Stress in a Slope (Clastic Model): 

Zone 1 (Figure 38) : 

-Z oot i < x < - Z tan 8 

= l sin 8 ["in 8 sin i(l+k) + cos 8 cos i (l-k) ] 
a cos i(Z cot i + x) 

x l+k cos(8 + i) cos(8 - i) 

( 17a) 

cos 8 sin i 

[cos ( 9
1 k 

J a = (Z cot i + x) + 
z 1 + k + i) cos ( 8 -

(17b) 

y sin 8 sin i 

[cos ( 9 

1 k 

u1 T = (Z cot i + x) + 
xz 1 + k + i) cos(8 -

(l7c) 
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Figure 37. Average stresses in a hexagonal systone. 
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Zone 2 (Figure 39) : 

-Z tan e < X < Z tan e 

y tanS [ k cos e cos i (Z cot i + X)] 
o = k Z(tan e + cot i) + x -x 1 + cos ( e - i) 

( 17d) 

Y Jz k cos e sin i(Z cot i + X)] 
Oz = + 

1 + cos (e - i) 

( 17e) 

k sin e sin i(Z coti + X)] 
LXZ = Y [z (tan S -

1 + k cos (e - i) 

(17f) 

Zone 3 (Figure 40) : 

x > Z tan e 

[z 
1 - k 

+ X)] 0 = ytan e tan e + (Z cot i x 1 + k 
(17g) 

0 = Yz z ( 17h) 

YZ(l-k) 
L = tan e xz 1 + k 

(17 i) 

The arching factor, k, is used to define the stess state. For 

no arching, k = 1, and for full arching, k = O. Because the conditions 

for full arching are developed by the effects of toe heave, water 

pressure, and seismic forces, most stability analysis should be based 

on the k = 0 full arching state. It can be seen in Figure 41 that if 
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Figure 41. Variation in stress for a 300 foot high, 30 degree, dry 
slope and full arching conditions. 
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full arching develops, the horizontal stress becomes very large behind 

the slope in zone three. 

Corrnnon geometric shapes of blocks are shawn in Figure 22. 

These arrangements shOvV how block shape affects the systone angles. 

Cubes and equidimensional shaped blocks form systone angles of about 30 

degrees. Shapes elongated vertically, such as columns, form steep 

systone angles of 15 to 30 degrees. Flat shapes form wide systone 

angles of 45 degrees and greater. 

Knowledge of the joint set orientations and their characteris

tics makes it possible to calculate a theoretical block volume and to 

define the shape of the rock blocks, as discussed in Chapter 2. A 

first estlinate of the mean systone angle can be made based on shape and 

block orientation alone because the systone angle is independent of 

block size. More elaborate methods are available for determing block 

shape that could be used (Goodman and Shi, 1985, Ch. 2). 

It is the variability in the systone angle that must be deter

mined if stress distributions are to be used in probability of failure 

calculations. For this reason, step-path and joint set simulations 

provide the best estimate of the systone angle and its variability. If 

the block shape determination methods in Chapter 2 are used, it is 

necessary to assume a variability. A coefficient of variation for the 

systone angle that is equal to the highest coefficient of variation 

found in the jOint set orientations would be reasonable to use if no 

other infonnation is available. 
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Figure 42 shows a two-dtmensional stmulation of four joint sets 

in a rock mass. As more and more joint sets are overlaid, the blocks 

approach a cubic shape. If more than about four joints sets are 

present, which is often the case in intensely fractured rock, the rc~ck 

fragments can usually be described as cubic. For cubic blocks the 

systone angles are about 30 degrees, and this is probably a good 

esttmate if other data are not available. 

Another good approxtmation for the systone angle is to consider 

a step-path geometry. The systone angle would be the complement of the 

step-path angle. The distribution of step-path angles can be 

determined by stmulation as described by Call and Nicholas (1978) if 

the characteristics of the fractures are known. The dispersion in the 

systone angle would be the same as the dispersion in step-path angle. 

An approxtmation to the step-path angle can be determined by the 

equations in Figure 9, which are used in the computer program STEP, 

located in the Appendix. 

When continuous joints with dips into the slope are present, 

the systone angles can be approxtmated by the complements to the dip 

angles. The variability in the systone angles will be the same as the 

variability in the dip. 

Referring to the geometry of Figure 41, slopes located within 

Zone 1 are termed sub-critical, the slope at Point B the critical 

slope, and slopes in Zones 2 and 3 supercritical slopes (Trollope and 

Burman, 1970). When the slope angle is equal to the systone angle, a 

critical stress state is produced where the minor principal stress, 03' 
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Figure 42. Two-dimensional simulation of rock blocks in a rock mass 
with four joint sets. 
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is zero and the major principal stress, is in the face of the 

slope. Magnitude of the major principal stress is a function of slope 

height, H, and is given by the equation (Trollope and Burman, 1970): 

The critical height, H , is calculated by: c 

where 

H = c 

3 cr c 
4 Y 

cr = unconfined compressive strength of the rock mass c 

Y = unit weight of the rock 

Slopes steeper than the critical slope are supercritical. 

Stability would require the rock mass to have tensile strength, so 

these slopes are unstable in the long term and will ravel or collapse. 

Sub-critical slopes are flatter than the critical slope. These 

slopes have no stresses in the face and stability is independent of 

height. It does not mean, however, that these slopes are stable. If 

the stresses exceed the strength at the critical slope toe (Point B), 

an unbalanced horizontal stress is produced. If there is not enough 

mass in Zone 1 to resist this stress, failure of the sub-critical slope 

will occur. Consider a 300-foot high slope with systone angles of 30 

degrees. It is required to calculate stresses for slope angles of 30, 
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45, and 60 degrees. The slope is dry and no seismic forces are 

considered. Unit weight of the rock is 165 pef. 

Trollope's equations are used to calculate the stresses along 

the base of the slope using the full arching condition. Considering 

the critical slope at Point B in Figure 41, the vertical and shear 

stresses are not affected by changes in slope angle for the full 

arching condition. The horizontal stress, however, decreases with 

slope angle (Figure 43). Stresses are found to be much more sensitive 

to slope height, particulary for the develor:ment of horizontal and 

shear stresses (Figure 44) . 
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CHAPTER 6 

STABILITY ANALYSIS 

The previous chapters have discussed the input requirements for 

a stability analysis. This chapter begins with a general discussion of 

the probability concepts that are used in probabilistic slope stability 

analysis. A brief description of the methods for probabilistic 

evaluation of rigid block failure modes is given followed by a similar 

discussion for the soil and loose aggregate materials. 

The final section of this chapter discusses the probabilistic 

clastic analysis that is developed from this dissertation research. 

This analysis integrates a wide variety of concepts and information to 

provide a rational method for evaluating the probability of failure for 

intensely fractured rock masses. The method is new and considers more 

aspects of failure than any other available method. 

Probabilistic and statistical methods are needed in geotechni

cal engineering because of the inability to precisely determine rock 

and soil mass properties. If a rock mass is described statistically in 

terms of material strength, and strength and fabric of discontinuities, 

a probabilistic evaluation will indicate the most likely failure modes. 

In cases \vhere the boundaries between failure modes are not distinct 

and the possibility of more than one failure mode is present, the 

probabilities can be camposited. The composite probability of failure 

165 
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contains components of both series and parallel systems, as illustrated 

in Figure 45. 

In Figure 45, the failure modes represented by components A and 

C have the highest probabilities of failure in the rock mass. If 

failure occurs, it will most likely be of the mode represented by compo-

nent C because it has the highest probability of failure. Remedial 

design should focus on techniques that will improve the stability of 

components A and C. If their probabilities could be reduced to .10, by 

slope support or drainage, for example, the probability of failure for 

the rock mass system reduces fram .741 to .364. 

In mining applications it is necessary to calculate probabili-

ties on increments of slope height for economic analysis. This 

incremental probability of failure is the probability that a slope will 

fail when the pit is deepened by one mining increment, which is usually 

taken as one bench height. Compositing of probabilities is done in the 

same manner as described previously except that the values take on a 

different meaning; that is, probability of failure as the increment is 

mined rather than probability of failure of the full slope. 

A series-connected Product Law of Reliabilities is expressed in 

terms of unreliability to give the probability of failure of the rock 

mass system (Call and Kim, 1978; Miller and Freund, 1985, pp. 452-455). 

For a series-connected system the composite probability of failure is 

given by: 

n 
Pf = 1 - Jll 

i=l 
(1 - P.) 

1. 
(18) 
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PARALLELCOMPON~NTS 

= 

Po, :I ('OO)(.SO)(.20) = .018 

= 

.40 .SO .018 

P
f 

:I 1- ~ e -.40) (C -- .20) (J -,46)( 1- .018 ~ = .741 

Figure 45. Calculations for combined series-connected and parallel
connected canponents in a rock mass system (after Miller 
and Freund, 1985). 



where 

P. = probability of the i-th failure mode 
1 

n = number of failure geometries 

168 

If there is a viable rigid block failure mode or a soil failure 

mode in addition to the rock mass failure modes, all of the probabili-

ties should be calculated and composited to give the total probability 

of failure for the slope. The values calculated for the various 

probabilities indicate the most likely failure mode; therefore, addi-

tional information on slope behavior is obtained from the probability 

calculation. This also means that in theory, it is not necessary to 

define distll1ct boundaries between failure modes, provided each viable 

possibility is accounted for and its occurrence is properly evaluated. 

For example, if an analysis has indicated a probability of 

fai lure for a rigid block plane shear geometry, PPS, a rigid block 

wedge geometry, PW, and rock mass failure modes of block crushing, PBC, 

and interblock slippage, PBS, all in the same slope, the composite 

probability of failure is: 

Pf = I - [(1 - PPS) (I - PW) (I - PBC) (I - PBS) ] 

Compositing probabilities as a series system assumes that the 

failure modes are independent, which may not be strictly correct. If 

there is in fact dependence between modes, it could be accounted for by 

adding in the Product Law of unreliabilities and treating covariant 

failure modes as parallel canponents in the rock mass system. The 
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probability of failure for a parallel system is given by the Product 

Law of a parallel-connected system: 

Pf = ft P. 
i=l 1 

Methods of Probability Calculation 

Usually formulations in engineering have more than one random 

variable. To calculate probabilities, it is necessary to determine the 

probability density function of the formulation. The three basic 

methods are the exact, the first-order second moment, and the point 

estimate (Harr, 1984, 1987). 

Exact Methods 

Exact methods determine the complete probability density 

function of the formulation. The advantage is that they identify 

specifically and quantitatively the influence of each variable on the 

probability calculation. This focuses design efforts and leads to 

increased understanding of the problem. Exact methods include: 

1. Numerical Integration 

2. Monte Carlo Simulation 

Numerical Integration. The procedure is to calculate the 

probability from the formulation by integration of the probability 

density function of each variable. For multivariate equations the solu-

tion involves a high-order multiple integral that is usually difficult 
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to integrate. If the integrals can be solved, it is the most useful 

and accurate method of probability calculation. 

Explicit solutions are obtained only if the distribution of 

each variable in the formulation is knCMTl. These are difficult to 

obtain with certainty, and generally an assumption on the distribution 

forms is made, such as normal, log-normal, uniform, or exponential. If 

the distribution forms are assumed, then the solution cannot be consid

ered explicit but is instead referred to as closed form. 

Monte Carlo Simulation. When numerical integration is diffi

cuI t, Monte Carlo simulation can be used instead to develop the 

probability density function of the formulation. In this process, the 

formulation is solved numerous times using random values for each 

variable. The random values are obtained by generating a random number 

to sample each distribution associated with the variables. Formulas 

containing a large number of variables usually require a large number 

of trials, but this depends on the variability shCMTl by the distribu

tions. Monte Carlo methods are sometimes the only means available to 

solve complex equations. 

In a Monte Carlo simulation it is necessary to determine if a 

sufficient number of trials have been performed to give a reasonable 

estimate of the probability density function. One method is to specify 

the maximum difference that would be acceptable between the mean of the 

simulated values, and the mean of the true probability density 

function. This difference defines the maximum error of estimate and it 

can be used by specifying confidence limits to determine the number of 
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trials necessary for a specified precision. The results are meant to 

be a guide and not a rigid requirement. 

The equation is based on the standard normal distribution 

(Miller and Freund, 1985, pp. 190-192). The number of trials, n, is 

given by: 

where 

2 
n = [(Za/2 • S) / E] 

za/2 = (l - a) • 100% confidence level of the standard normal 

distribution 

S = estimated standard deviation of the formulation based on 

prior studies or a best guess 

E = maximum error of estimate or the maximum allowable 

difference in the simulated and true means 

a = specified risk level for confidence limits about E 

For example, suppose safety factor calculations from similar 

studies indicate a reasonable standard deviation to be 0.50. It is 

desired that the true safety factor be off by at most 0.03. The number 

of trials necessary to assert with 95 percent confidence that the 

safety factor has this precision is calculated as follows: 

1 - a = .95 or a = .05, a/2 = .025 

from the t-distribution table with infinite degrees of freedom: 

z . 025 = 1. 960 
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therefore: 

n = [(1.960 0 0.50) I 0.03]2 = 1067 trials 

Ang and Tang (1984, pp. 291-292) give a similar equation based 

on the probability of failure that can be solved for n: 

n = [(1 - Pf) I Pf] 0 (Za/2/E)2 

For example, to specify that the probability calculations must have a 

precision of five percent at the 95 percent confidence level and that 

probabilities of about 30 percent are expected, the number of trials 

needed is: 

n = [(1 - 0.30)/0.30] a (1.960/0.05)2 

= 3585 trials 

For a confidence level of 80 percent, Za/2 is 1.282, and 1534 trials 

are required. 

First-Order Second Moment Method 

First-order second moment methods simplify the formulation by 

expressing it as a Taylor's series. They are called first-order 

because all terms past the first-order are truncated. Additional 

precision might be obtained by retaining the second order term as well. 

Second moment refers to the fact that only the first and second 

moments, that is, the means and standard deviations of the variables, 

are needed for the solution rather than their complete probability 

density function. Because the complete probability density functions 
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of the variables are not used, the first-order second moment method 

will give only an approximate solution for the formulation in terms of 

moments (mean, standard deviation, skewness, and kurtosis) rather than 

the complete probability density function. 

Although the first-order second moment method is usually 

simpler to use than explicit solutions, mathematical sophistication is 

still required. Derivatives of the formulation with respect to each 

variable must be found. An additional assumption for the form of the 

output distribution must be made before probability calculations can be 

performed. Harr (1977, pp. 502-506) discusses the Taylor Series 

Approximation, and he gives examples of applications. 

Point Estimate Method 

Rosenblueth (1975, 1981) proposed the point estimate method to 

approximate the moments of the formulation based on the first and 

second moments of the variables. Several authors have used this method 

for enginerring applications (Harr, 1977, 1984, 1987; Chameau and 

Harr, 1981; McGuffey, lori, Kyfor, and Athanasou-Grivas, 1981). The 

basis of the methods is a beam analogy to approximate the statistical 

moments (Figure 46). A distributed load on the beam is replaced by two 

reactions, P_ and P+ acting at x_ and x+. These reactions are the same 

as point estimates that replace the continuous distribution of x. It 

follows that x > 0 and: 

1. P+ + P = 1. 

2. P x + P x = X = E[f(x)] = mean value. - +-

3. P (x _ X) 2 + P + (x+ - X) 2 = Sx2 = 0 2 [F (x)] = variance. 
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4. P = skewness. 

If X, Sx' and Sl are known, then there are four equations with 

four unknowns that can be solved for P_, P+, x_, and x+; therefore: 

the sign preceding the radical quantity is the sign of -Sl' and: 

x = X - S x 

x = X + S + x 

If Sl is posi ti ve, the distribution of x is skewed right. If S 1 is 

negative, the distribution of x is skewed left. If x has a symmetrical 

distribution, Sl is zero (no skewness) and: 

P+ = P = 1/2 

x = X - S x 

x = X + S + x 

Point estimates are insensitive to the coefficient of skewness, 

Sl' and usually the assumption of a symmetrical distribution is used. 

The mean value then is: 
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to calculate the variance, the value of the squares is needed: 

and the variance is: 

2 2 EE[y ] -,E(E[y)) (19) 

the general equation for one variable is: 

where y_ and y+ are values of the function f(x) at x_ and x+. 

Figure 47 illustrates how two variables combine to produce 

point estimates. For any number of variables, more dimensions are 

involved and the equation becomes: 

where 

N 
Y "k 1J 

(20) 

N The number of calculations required is equal to 2 , where N is the 

number of variables. 

The process is to calculate the formulation with all comb ina-

tions of +1 and -1 standard deviations of the variables. Equations 19 

and 20 are used to estimate the mean and variance. If the number of 

variables approaches about ten, the number of calculations required 

approaches that of the Monte Carlo runs, and it would be better to use 
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Figure 47. Point estimates for two variables. 



178 

Monte Carlo if the canplete distribution fonus of the variables are 

known or can be approximated. 

Capacity-Demand Probability Calculation 

Stability analysis is basically a comparison of nvailable 

strength to imposed stresses. These quantities could be called 

capacity and demand of the rock system. With this approach, the 

distribution of capacity, C, is the strength distribution, and the 

distribution of demand, D, is the stress distribution. 

tional safety factor is defined from the mean values as: 

SF = C/D 

The conven-

Probability of failure can be calculated from this ratio by assuming 

the safety factor to be normally distributed, and calculating the 

standard normal for the limit case of SF = 1. Al ternatively, the 

safety margin can be defined as the difference between the capacity and 

demand, and: 

SM = C - D (21) 

The limit case for the safety margin is SM = O. 

When the capacity and demand distributions are compared as in 

Figure 48, and if the distributions are assumed to be normal, the 

standard normal is given by the equation (Harr, 1984, 1987): 

C - D 

Z = -;================= 
\/a2 [c] + cr 2 [D] - 2rcr[C]cr[D] 

(22) 
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Figure 48. Probability density functions. (a) Capacity demand; 
(b) Safety factor; and (c) Safety margin. 



180 

where 

r = correlation coefficient 

a = standard deviation 

The probability of failure, Pf is: 

Pf = 1/2 - tIJ[Z] 

and tIJ[Z] represents the area under the normal curve where the safety 

margin is less than zero. This area is obtained from the standard 

normal table or calculated using a numerical approximation like the one 

listed in the computer programs NORMPROB and CDPROB in the Appendix 

(Abramowitz and Stegun, 1968). These probabilities can also be solved 

from beta variates where the limits of the distributions are specified. 

This is important when probabilities less than about 10-3 are needed. 

Probabilistic Analysis of Rigid Block Failure Modes 

Probabilistic analysis of rigid block failure modes considers 

the probability that a geometry will be formed from geologic features 

that is adverse to the stability of the slope (probability of occur

rence), and the probability that if the geometry is present that the 

shear strength will be exceeded (probability of sliding). The mathe

matical procedure is fundamentally the same for all rigid block modes; 

the primary difference is in the definition of the probability of 

occurrence. Marek and Savely (1978) present the procedure for 

probabilistic analysis of the plane shear failure mode. This same 

procedure is applicable to wedge intersections and step-paths. The 
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only major difference is that the dip distribution used for the plane 

shear analysis is replaced by the distribution of intersection plunges 

for the wedge and the distribution of step-path angles for the 

step-path. 

The probability of failure along a single continuous path is 

the composite probability of orientation (PD), length (PL), and sliding 

(PS), summed over the range of possible daylighted paths: 

Pf = 

where 

N 
L: 

i=l 
PD. n PL .• PS. 
111 

(23) 

N = the number of increments of the orientation, that is, dip, 

plunge, or step-path angle. 

The length probability, PL, for the plane shear case is the 

probability that a discontinuity will be long enough to extend from the 

crest to the toe of the slope. If the lengths are considered to have a 

negative exponential distribution, the length distribution is a 

cumulative distribution function and the probability of a length can be 

determined directly (Figure 49). 

For the step-path calculation, the length probability is always 

equal to one because the combination of joints, by definition of the 

failure mode, forms a continuous path. For the wedge intersection, the 

length probability must consider both sides of the wedge. The combined 

length probability of the two sets forming the wedge is simply the 

product of the two length probabilities. 
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The probability of occurrence (PO) for each increment, i, of 

dip, plunge, or step-path angle, is the joint probability of the length 

and the orientation: 

PO. = PD. • PL. 
111 

The -.probability of sliding, PS, is determined by canparing the 

strength distribution with the stresses produced by the geometry. This 

can be evaluated by Monte Carlo simulation of the safety factor 

equation, or by calculating the standard normal for the capacity-demand 

distributions and determining the probability. Jaeger (1971) presents 

the basic equations for stability of these failure modes. 

The probability calculated from Equation 23 is the probability 

of failure for a single failure path at the toe of the slope and does 

not account for the presence of other failure paths and failure modes. 

Therefore, it is not an adequate assessment because other paths may be 

exposed in the slope face (Call and Kim, 1978). 

In mining applications, slopes are usually increased incre-

mentally by benches. Each increase in slope height, as represented by 

the bench height, exposes more possible failure paths. Thus, the 

probability is increased incrementally. The number of failure paths 

exposed in each mining increment is determined fram the spacings of the 

discontinuities. The probability of failure for each increment of 

slope height is different fram the probability of failure of the full 

slope (Figure 50). The incremental probability of failure, PI, is: 
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Figure 50. Definitions of full slope height and mining increment for 
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where 

N 
PI = I - (I - Pf) 

N = the expected number of failure paths exposed in the 

increment 
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For wedges, N is the number of intersections (Savely, 1979), 

and for step-paths, N is the number of expected step-paths. If several 

different failure modes are present, compositing is done, as presented 

ln Equation 18. 

Analysis for step-wedge geometries is not fully developed, but 

performlng the probabilistic analysis as a simple wedge geometry and 

using step-path angles instead of dips will give an approximate 

stability assessment. A roughness value equal to the difference 

between the master joint set dip and the step-path angle should be 

included in the shear strength equation for the step-paths. 

In buckling failure modes, critical slab dimensions of length 

versus buckled length are determined. Euler's formula is used to 

evaluate flexural buckling. Cavers (1981) presents the equations to 

analyze the hinged buckling failure mode. This analysis can be done 

probabilistically by considering shear strength, water pressure, layer 

thlckness, and slab length as random variables. 

Specific failure modes have a probability of occurrence equal 

to one. The stochastic parameters are usually only shear strength and 

perhaps water pressures. The calculations are done using the analyti

cal method of Sarma (1979) or Spencer (1967), where the geology can be 
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specified, and using their basic algorithms with a Monte Carlo or point 

estimate overlay. 

Probabilistic Analysis of Soil and Loose 
Aggregate Failure Modes 

Rotational shear failure is performed probabilistically by 

using the Bishop (1955) Method of Slices with a Monte Carlo overlay. 

Shear strength is the only stochastic parameter, and one shear strength 

value for the surface is randomly sampled from the shear strength 

distribution. Bishop's analysis is used as a subroutine to perform the 

calculations. After many calculations, usually between 200 to 1000, a 

distribution of safety factors is obtained. 

The probability is calculated by direct count of the number of 

safety factors less than one compared to the total number of safety 

factors. Or, a normal distribution can be assumed for the safety 

factors and the probability calculated from the standard normal variate 

and the mean and standard deviation of the safety factor (see program 

NORMPROB, Appendix). 

CANMET (1977) presents a proximate analysis to calculate 

failure probabilities that is accurate for homogeneous slopes, although 

it does not provide a means to locate the critical slip circle. The 

computer program COATES, listed in the Appendix, is a program written 

by this author for the proximate analysis. If volume determinations 

are needed, they can be estimated using Hoek and Bray's (1981, pp. 240-

241) chart for locating the critical circle. 
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Other failure modes such as active-passive wedge geometries and 

base translation can be evaluated probabilistically by point estimates 

and Monte Carlo techniques. Analysis concentrates on determining the 

critical distance behind the slope where the failing mass will break 

away as it slides along the basal interface. This determines the 

potential slide volume. Strength properties of both slope material and 

the interface are required. Spencer's method, Sarma's method, and the 

method proposed by Blight (1981) are applicable. Flow slides are 

usually evaluated as an infinite slope problem, and the simple 

equations are easily adapted to the first-order second moment method. 

The infinite slope equations are provided in Lambe and Whitman (1969, 

pp. 352-356). 

Probabilistic methods of slope analysis, to be thorough, must 

consider variability of geometry, strength, and pore pressure in three 

dimensions. Ignoring variability in slope length, that is, the length 

parallel to the slope axis, is assuming homogeneity of the material 

properties. This is usually an unrealistic and inconsistent assump

tion, and one which can cause large error in the calculation of failure 

probabil i ty . 

A failure width needs to be determined. Vanmarcke (1977) 

considers a probability of occurrence due to the probable width of the 

failure. He does this by dividing the slope length into cells based on 

the soil variability as determined from borings. His approach consid

ers a decay function in the soil strength variabil i ty , but this is 
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similar to constructing a variogram along the length of the slope and 

calculating the range of influence to determine a cell width. 

If the range is greater than the slope length, the cell width 

equals the slope length. Stability can be assessed with one 

two-dimensional cross-section because plane strain conditions and 

homogeneity in the material properties can be assumed. When the range 

is less than the slope length, cells with widths equal to the range are 

defined along the slope length. Strength properties are assigned to 

each cell based on geostatistical estimation techniques if there are 

enough borings with test results. 

Expected failure width can be determined by incrementally 

selecting an arbitrary width along the embankment and averaging the 

strength values for all of the cells included in the specified width. 

Standard deviations are similarly averaged. The probabilistic plane 

strain analysis is done using these strength values. As the width is 

increased, the variability of the weighted strength is expected to 

change, and this changes the probability calculation. The width 

corresponding to the highest probability of failure is the critical or 

expected failure width. 

Probabilistic Analysis in Intensely Fractured Rock 

Intensely fractured rock masses are an important middle ground 

between rigid block sliding and rotational shear failure. Stability 

analysis for these intensely fractured masses is commonly done by 

either assuming the failure process resembles that of a soil, or that 

small rock blocks will behave the same as large blocks and will slide 
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with a minimum of block interaction similar to the rigid block failure 

modes. 

When joints, faults, and other weak geologic features form a 

continuous failure path and they are adversely oriented to the slope, 

they will cause failure. Even a rock mass composed of small rock 

blocks can be satisfactorily modeled and analyzed as a rigid block when 

the failing mass moves as a unit as though the blocks were hinged 

together. Planar, smooth surfaces are particularly conducive to this 

type of sliding. Uniformity of shear strength along the failure path 

determines if the mass really moves as one unit or as many individual 

rock pieces. 

If an intensely fractured mass is completely loosened, or if 

the rock substance is so weak that it is better characterized as a 

soil, the material will tend to behave in a plastic manner. Rotational 

shear methods, such as Bishop's Method of Slices (Bishop, 1955), will 

adequately assess stability. The important assumptions in this method 

are that all points on the failure surface must reach failure 

simultaneously, and stresses are completely redistributed from slice to 

slice along the failure surface. 

The intensely fractured mass that has been fractured in-place 

is not loose aggregate or large rigid blocks. Instead, it is an 

assemblage of interlocked rock blocks at maximum packing density. It 

has low void space, as represented by fracture aperture width relative 

to block size. The relevant porosity is from fractures rather than 

pore volume. 
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Tight packing inhibits mobility of the rock blocks and gives 

added strength to the rock mass. The blocks cannot move relative to 

adjacent blocks without crushing blocks or the mass dilating suffi-

ciently to release the interlocking. This is in contrast to soil 

materials wh~re fragments can slip relative to each other and move into 

a denser packing arrangement as load is applied. 

In fractured rock, line load and point load stresses develop at 

the contacts of the rock blocks as a resul t of internal adjustments 

caused by excavation, blasting, gravity loading, and water pressure. 

Failure is progressive rather than instantaneous. At low stress 

levels, blocks may rotate and their comers may shear off, or the 

blocks may crush in induced tension. This causes stresses to redistri

bute, \vhich overstresses proximate blocks and the failure progresses. 

Rotational shear analysis or other soil mechanics analyses are 

not appropriate because shear strength is not mobilized along the 

entire failure surface simultaneously and, in fact, it may take an 

extended period of time for failure to completely develop. 

In other situations, the basal rock blocks may be so over

stressed that complete failure occurs in a lower segment of the slope 

that pulls away from a "hanging" segment. 'rhe contribution of shear 

strength from other portions of the failure surface are only mobilized 

as a secondary failure, which adds to the failure volume, but not to 

the stability of the mass. This is characterized by the occurrence of 

active-passive wedge geometries and hanging segments. 
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It is the fractured in-place mass composed of small rock 

blocks, with substance strength equal to or greater than the shear 

strength along the sides of the blocks, that must be considered 

differently from soil or rigid blocks. Geologic structure must be such 

that the failure cannot be modeled as large rigid blocks. This 

generally occurs when geometries formed by faults and joints are 

oriented steeper than the slope or otherwise not adverse to stability. 

Al though these restrictions may seem to el iminate most rock 

masses, in practice, these considerations occur with enough frequency 

and serious implications that an accurate stability analysis is needed. 

These occurrences are particularly prevalent in a mining environment 

where the host rock for mineralization and the surrounding wall rock 

are characteristically intensely fractured. 

There are two general approaches to modeling an intensely 

fractured rock mass: 

1. Rock mass characteristics are modeled as part of a continuum. 

Discontinuities are considered implicity, and the problem is to 

determine representative deformation parameters for the con

tinuum. 

2. Rock mass characteristics are modeled specifically. Analysis 

considers the measurable properties of both discontinuities and 

intact rock blocks to predict the deformation of the system. 

Resul ts from models depend entirely on assumptions made to make the 

problems mathematically tractable and on input parameters used to 

predict rock mass behavior. 
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Block Flow Analysis 

coates and Yu (1978) and Coates (1981) consider brittle failure 

of rock blocks in their block flow analysis. The program BLKFLW in the 

Appendix is for the plane strain stability analysis. Crushing of 

blocks at points of highest stress is considered to be the failure 

mode. They consider this failure mode possible only when plane shear 

sliding and rotational soil-like failure are not likely. One of the 

requirements of this analysis is a strength relationship with block 

size. 

The block flaw analysis does not consider shear stresses, water 

forces, or seismic forces. Stress field relationships are required, 

and the argument is given that this assumption has such a large effect 

on the resul ting calculations that the errors introduced by omitting 

other stresses are insignificant. A similar statement could be made 

about most stability analyses. The fact that shear stresses are not 

included is considered to be a major shortcoming that makes the 

analysis incomplete. Only one block size can be specified which is to 

represent the entire rock mass. In real slopes there are zones of 

different distributions of block sizes and shapes. 

This author has used the Block Flow Analysis in practice with 

variable success, which has given the impetus for this current study. 

It seems that more aspects of failure need to be considered other than 

just crushing failure, and better estimates of in-situ stress are 

needed. 
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Mathematical Development. To detennine the strength of the 

rock substance in the blocks, a series of tests on samples of varying 

size can be run to develop a size-strength relationship. Coates and Yu 

suggest the following relationship if these tests cannot be done: 

(24) 

where 

QB = uniaxial compressive strength of a rock black 

Q = 0 
uniaxial compressive strength of a tested sample 

V = B volume of the intact rock block 

Vo = volume of the tested sample 

a = exponent describing the size-strength relationship 

If detailed testing is not perfonned, a can be assumed to be .05, and 

the standard deviation of QB can be assumed to be the same as that of 

The next part of the analysis uses the curves in Figure 34 to 

estimate the compressive stress near the toe of the slope where crush-

ing is assumed to initiate. To use the appropriate curve, an estimate 

of the in-situ stress field is needed, which is usually based on a 

fault study and tectonic history of the area. 

For each slope angle of interest, a mean critical slope height 

is calculated, which is the height where the mean compressive stress at 

the toe is equal to the mean uniaxial strength of the rock as deter-

mined from the size-strength equation. The mean critical height for 

the plane strain case is calculated as: 



where 

where 

~ = mean critical height 

MQ = mean uniaxial compressive strength of the rock 

MY = mean y-value, a dimensionless variable determined from 

the curves in Figure 34 

crt = mean stress at the toe 

H = slope height 

y = in-situ density of the rock mass 

Standard deviation of the critical height is: 

and 

S = standard deviation of the y-value y 
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This standard deviation is determined from the stress field 

estimate. If ~< is the mean stress ratio and SK is the estimated 

standard deviation, then Sy is the interpolated difference in the 

y-values for y = ~ and y = ~< - SK. 
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Probability calculations are based on the mean critical height, 

MB' and its standard deviation, SH' and an assumed normal distribution. 

The probability is determined from the standard normal variate Z where: 

Probability of failure is the probability that the actual slope height, 

H, is equal to or greater than the critical height. A safety factor 

could be calculated as the ratio of the slope height to the critical 

height. Similar equations are given by Coates and Yu (1978) for the 

axisymmetric case where slope curvature in plan can be included. 

Empirical Failure Criterion 

Hoek and Brown (1980) and Hoek and Bray (1981) describe the 

Empirical Failure Criterion. Probably the most serious shortcoming to 

this method is that it does not consider the mechanics of the fa.ilure. 

These must be accounted for implicitly in the definition of the 

strength curve, as discussed in Chapter 4. 

The nonlinear strength relationship is used in conventional 

soil mechanics stability analyses such as Bishop's, Spencer's, or 

Sarma's (Bishop, 1955; Spencer, 1967; Sarma, 1979). Hoek (1983) gives 

an example of a deterministic application to a rock slope stability 

analysis using Sarma's method. Computer codes could be written to 

accept the nonlinear shear strength-normal stress relationship, and 

they can be developed further with Monte Carlo or point estimate over-

lays to determine failure probabilities. 
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It is not known haw much effect incorrect stability analysis 

models have, which will be the case if soil mechanics methods are used 

for interlocked rock masses, although some judgments can be made. If 

the real rock mass behavior is plastic or strain hardening, then the 

analysis procedure using the empirical failure criterion with soil 

mechanics methods will adequately estimate stability. 

The tests on block models by Brown (1970b), discussed in 

Chapter 3, showed that brittle or strain softening behavior is most 

likely when the rock blocks are interlocked (Figure 14). If the real 

rock mass behavior is strain softening, then the soil mechanics analy

sis will overestimate stability because the progressive nature of the 

failure process is not modeled. If the actual behavior is brittle, the 

stability will be underestimated because peak strength will Getermine 

stability. 

Clastic Analysis 

Trollope (1975) examined four case histories where he applied a 

deterministic clastic analysis to describe initiation of failure. It 

is important that he considers the clastic approach as an assessment of 

failure initiation. Further collapse of the slope in shear involves 

the development of shear surfaces. This later stability could be 

analyzed by Spencer's or Sarma's methods, but it would not represent 

the onset of failure or the true stability of the rock mass. Although 

these shear surfaces have low strength, as represented by the falling 

portion of the stress-strain curve for brittle and strain-softening 
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materials, the strength is assumed to be present along the entire shear 

surface. This produces an overestimation of stability. 

Strain-softening or brittle behavior is expected in rock masses 

where continuous failure paths are not undercut by the slope, and where 

the rock substance strength is high. These rock masses dilate and lose 

strength with increasing defonnation and often fail in a stick-slip 

manner. This may mean that some type of stick-slip stTength criterion 

could be used in a failure model. 

If the slope is composed of very small blocks compared to the 

size of the slope, a systone angle based on equidimensional blocks is 

adequate, and this angle will be about 30 degrees. Another good 

approximation of the systone angle is to detennine step-path angles or 

wedge intersection plunges and assume their complement is the systone 

angle. 

If the fracturing is such that blocks of large size with 

respect to the slope height are present, the systone angle will be 

detennined by the block shapes and block arrangement because the 

stresses are expected to be transmitted through the centroids of the 

blocks. If the blocks are very large, or the blocks act as a hinged 

unit, then rigid block analysis can be used instead of the clastic 

method. 

The analytical process is to specify the slope geometry and to 

postulate the appropriate systone angle (Figure 41). The systone angle 

is determined from block shapes and block arrangement as developed from 

jOint set mapping and structural analysis. Shear failure along the 
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base of the slope, AB, and crushing failure between Points A and B, 

must be considered (Figure 41). Slope angles steeper than the systone 

angle require rock mass tensile strength, so these slopes are 

considered unstable in the long-term. 

The analysis examines stress and strength at Point B because 

this is the location behind the slope where maximum stresses develop 

under the full arching condition (Figure 41). If this point is 

unstable, then further analysis can be done toward the toe at Point A 

to determine the location where stress first exceeds strength. The 

results fran the analysis at Point B determines the stable slope angle, 

and further analysis between Point A and B determines the likely 

failure volume. 

If Point B is stable, the slope can be considered stable, 

although it shoUld be recognized that under the full arching condition, 

horizontal stress continues to build away from the slope face until the 

rock mass strength is exceeded. Al though this does not cause slope 

failure, the rock mass can be stressed and weakened for a considerable 

distance behind the slope, and this has implications in mining where 

slopes are developed in pushbacks. Previous excavation produces a 

weaker rock mass for later slopes. 

The stresses at Point B are determined from Equations 17d, 17e, 

and 17f. Stresses between Points A and B are calculated fran Equations 

17a, 17b, and 17c. The next step in the analysis is to select strength 

criteria for shear failure and crushing failure and compare than with 

the calculated stresses for the stability determination. Effective 
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stresses, tectonic stress field anisotropy, and surcharge loads can be 

included, as discussed previously in Chapter 5. 

Probabilistic analysis treats stresses and strength as 

stochastic properties. The process begins with a geologic characteri

zation to define the nature of the fracturing, groundwater conditions, 

field stress, and possible failure modes. After eliminating sane 

failure modes from consideration or calculating the probability of 

failure for rigid block sliding for large blocks, and rotational shear 

soil-like failure, it is necessary to determine likely failure modes in 

the intensely fractured mass. The flow path of Figure 28 is used. 

Based on the results of this failure mode determination, appropriate 

strength criteria is selected. The probability density function for 

strength is determined from the effective normal stress along the base 

of the slope, as determined from the slope geanetry. 

For the clastic analysis, it is necessary to define the systone 

angle from the structure analysis. Variability in this angle is 

usually about the same as the variability in step-path angles, wedge 

intersection plunges, or the dips of dominant joint sets that are 

steeper than the slope angle. The probability density function of 

stress at Point B is determined from Equations 17d, e and f, by using 

point estimates or Monte Carlo simulation to include the variability in 

the systone angle. These are gravity stresses only. Stresses due to 

tectonics, groundwater, and surcharge have only been included as 

deterministic parameters at this time. They increase the value of the 
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mean stress, but only the standard deviation of the gravity stress is 

used for the variability. 

The probabil i ty density function of stress is treated as the 

demand distribution. The strength probability density function is 

treated as the capacity distribution. Probability of failure is deter

mined from the standard normal variate, and a numerical approximation 

of the normal distribution (program CDPROB, Appendix). 

presents examples of stability analysis using this process. 

Chapter 7 



CHAPTER 7 

EXAMPLES 

Examples showing the application of clastic mechanics and 

reliability in assessing stability of intensely fractured rock masses 

are presented in this chapter. In the examples, two fracture sets are 

present that combine to form a step-path geometry (Figure 9c). It is 

assumed that the step-path angle is the complement of the systone 

angle, as illustrated in Figure 51. The characteristics of the 

fracture sets and the step-path angle approximation method (Figure 9) 

are used to calculate the step-path angle and its variability. The 

step-path angle is determined to be 64 degrees, with a standard devia

tion of 14 degrees (Table 3). The systone angle is the complement of 

the step-path angle, or 26 degrees, with the same standard deviation as 

the step-path angle. 

The full arching condition is assumed because at some time 

during the excavation of the slope the worst case with respect to 

stresses is expected to occur, which is the full arching condition. 

Full arching could be caused by the excavation alone, or additionally 

by water pressures, blasting, earthquake, or any other disturbing force 

that initiates a displacement (Trollope, 1968, 1975). For the full 

arching condition, the highest shear stress occurs in the zone ABC, 

shown in Figure 52. 

201 
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Figure 51. A step-path geanetry showing that the systone angle, 8, is 
the complement of the step-path angle, 



203 

A 

c 8 o 

Figure 52. Slope geometry and systone angle used in examples. 
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Table 3. Point estimate calculation for distribution of step-path 
angle (Figure 9) . 

Stochastic Variables 

Dip 

Std. Dev. 

+ 1 Std. Dev. 

- 1 Std. Dev. 

Spacing 

Std. Dev. 

+ 1 Std. Dev. 

- 1 Std. Dev. 

Length 

Std. Dev. 

+ 1 Std. Dev. 

- 1 Std. Dev. 

Overlap 

Std. Dev. 

+ 1 Std. Dev. 

- 1 Std. Dev. 

Equation: 

-1 
f3 = D + tan 

(1 - V)L + 

S 

Set 1 
Master Joint Set 

D = 52 degrees 

9 degrees 

61 degrees 

43 degrees 

S = 1.54 feet 

1.OB feet 

2.62 feet 

0.46 feet 

L = 25.6 feet 

IB.O feet 

43.6 feet 

7.6 feet 

V = 0.5 

S 

0.3 

O.B 

0.2 

tan(d - D) 

Set 2 
Cross Joint Set 

d = 106 degrees 

20 degrees 

B6 degrees 

126 degrees 
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Table 3--Continued 

Master Spacing Length Cross Overlap f3 (32 
Jt. Dip (feet) (feet) Jt. Dip V (degrees) 

D S L d 

61 2.62 43.6 126 .8 76 5776 

61 2.62 43.6 126 .2 65 4225 

61 2.62 43.6 86 .8 71 5041 
", 

61 2.62 43.6 86 .2 65 4225 

61 2.62 7.6 126 .8 105 11025 

61 2.62 7.6 126 .2 81 6561 

61 2.62 7.6 86 .8 81 661 

61 2.62 7.6 86 .2 74 5476 

61 .46 43.6 126 .8 64 4096 

61 .46 43.6 126 .2 62 3844 

61 .46 43.6 86 .8 64 4096 

61 .46 43.6 86 .2 62 3841 

61 .46 7.6 126 .8 76 5776 

61 .46 7.6 126 .2 65 4225 

61 .46 7.6 86 .8 71 5041 

61 .46 7.6 86 .2 65 4225 

43 2.62 43.6 126 .8 59 3481 

43 2.62 43.6 126 .2 47 2209 

43 2.62 43.6 86 .8 56 3136 

43 2.62 43.6 86 .2 47 2209 

43 2.62 7.6 126 .8 98 9604 
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Table 3--Continued 

Master Spacing Length Cross Overlap (3 (32 
Jt. Dip (feet) (feet) Jt. Dip V (degrees) 

D S L d 

43 2.62 7.6 126 .2 65 4225 

43 2.62 7.6 86 .8 74 5476 

43 2.62 7.6 86 .2 59 3481 

43 .46 43.6 126 .8 46 2116 

43 .46 43.6 126 .2 44 1936 

43 .46 43.6 86 .8 46 2116 

43 .46 43.6 86 .2 44 1936 

43 .46 7.6 126 .8 59 3481 

43 .46 7.6 126 .2 47 2209 

43 .46 7.6 86 .8 56 3136 

43 .46 7.6 86 .2 47 2209 

Total 2041 136994 

Mean, (3 = 2041/32 = 64 degrees 

Variance, V[(3] = (136994/32) -(64)2 = 185 

Standard Deviation, S[(3] = 14 

Coefficient of Variation, V = 22% 
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For shear strength evaluation and analysis for crushing of rock 

blocks, it is necessary to calculate the major principal stress at 

Point B. This requires a determination of the vertical, horizontal and 

shear stresses at Point B, which are given by Equations 17d, 17e and 

17f for x equal to Z tan 8. For the full arching condition, k = 0, and 

the equation for the vertical stress (Equation 17e) reduces to: 

a = y. Z 
z 

Since both rock density, y, and slope height, Z, a:ce deterministic 

parameters, the vertical stress is deterministic for each slope height 

considered. 

From the graph of Figure 41, Chapter 5, which shows the results 

from calculations using Equations 17a through 17 i, the maximum hori-

zontal shear stress occurs at Point B. Therefore, the horizontal shear 

stress and its variability are calculated at Point B using Equation 

17f. A pOint estimate calculation of horizontal shear stress for a 500 

foot high slope with a 30 degree slope angle, and full arching 

conditions is given in Table 4. 

The horizontal stress is needed to calculate principal stresses 

used in the analysis for crushing failure and to calculate normal and 

shear stresses for shearing failure modes of intact rock blocks. The 

point estimate calculation for horizontal stress based on the clastic 

analysis and Equation 17d is presented in Table 5. 
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Table 4. Point estimate calculation for distribution of horizontal 
shear stress. 

Stochastic Variables: 

Systone Angle 

Standard Deviation 

+ 1 Std. Dev. 

- 1 Std. Dev. 

Deterministic Parameters: 

Rock Density 

Full Arching Condition 

Slope Height 

Slope Angle 

Equation: 

T = yz tan 8 xz 

x-distance 
x = -z tan 8 

( feet) 

-420 

-106 

Total 

Systone 
Angle 

(degrees) 

40 

12 

Mean, T = 620/2 = 320 psi xz 

Variance, V[T ] = (260650/2) - (310)2 = 34225 xz 

Standard Deviation, S[Txz ] = 185 psi 

Coefficient of Variation, V = 60% 

8 = 26 degree 

S[8] = 14 degrees 

= 40 degrees 

= 12 degrees 

y = 170 pcf 

k = 0 

z = 500 feet 

i = 30 degrees 

(Eq. 17f) 

495 245025 

125 15625 

620 260650 
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Table 5. Point estimate calculation for distribution of horizontal 
stress. 

Stochastic Variables: 

Systone Angle 

Standard Deviation 

+ 1 Std. Dev. 

- 1 Std. Dev. 

Deterministic Parameters: 

Rock Density 

Full Arching Condition 

Slope Height 

Slope Angle 

Equation: 

a = yz tan 8 cot i x 

x-distance 
x = -z tan 8 

(feet) 

-420 

-106 

Total 

Systone 
Angle 

(degrees) 

40 

12 

Mean, ax = 1075/2 = 538 psi 

8 = 26 degree 

S[8] = 14 degrees 

= 40 degrees 

= 12 degrees 

y = 170 pcf 

k = 0 

z = 500 feet 

i = 30 degrees 

(Eq. 17d) 

Horizontal 
Stress 
(psi) 

858 

217 

1075 

Horizontal 
Stress 

Squared 
(psi) 

735972 

47226 

783198 

Variance, V[Ox] = (703198/2) - (538)2 = 102155 

Standard Deviation, S[Ox] = 320 psi 

Coefficient of Variation, V = 59% 
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Example 1, Simple case 

a. Consider slope angle, i = 30 degrees, slope height Z = 500 ft, and 

a dry slope. 

b. Calculate the vertical stress from Equation 17e: 

y = 170 pcf 

0z = 170 x 500 

= 8500 psf (590 psi) 

c. The step-path geometry represents a continuous path that is 

oriented approximately parallel to the slope. Fran Figure 28, 

Chapter 3, the left side of the diagram applies. The step-path 

dips in the same direction as the slope, which indicates that defor

mation is expected to occur at separation surfaces. Thus, failure 

is expected to originate along the base of the slope in a defined 

zone, perhaps 2 to 8 blocks wide. The step-path angle of 64 

degrees is steeper than the slope angle of 30 degrees, indicating 

that the following rock mass failure modes need to be considered: 

- Shearing through blocks independent of jOints. 

- Sliding between rock blocks 

- Rotating of blocks with formation of a kink band 

- Crushing of rock blocks 

A normal distribution has 99. 7 percent of its values wi thin 3 

standard deviations and 95.4 percent within 2 standard deviations 

of the mean. The slope angle of 30 degrees is 2.43 standard 

deviations from the mean step-path angle of 64 degrees. Therefore, 

a small percentage of the step-path angles fran the distribution 
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will be daylighted. A daylighted step-path could cause a transla

tion step-path failure, so this probability of failure needs to be 

evaluated. 

d. Evaluate shear failure through blocks independent of sliding on 

jOints. 

From Tables 4, 5 and 6, and the vertical stress of 590 psi: 

The demand distribution, D, is the distribution of shear 

stress on the failure plane through an intact rock block. The 

failure plane angle, a, measured from the vertical axis of the 

stress field is estimated from the Mohr failure envelope and is 

given as: 

a = (45 - ¢/2) 

where ¢ is the angle of internal friction for the intact rock. 

The normal and shear stresses on the failure plane are 

detennined from equations given by Goodman (1980, p. 338). 

Table 6 ShO\'lS the point estimate calculation to determine the 

variability of the stresses. 

The shear stress on the failure plane for the state of 

stress determined in the clastic analysis is the demand distri

bution 

D = 228 psi 

V [D] = 24017 

where D is the mean value and V[D] is the variance. 
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Table 6. Point estimate calculation for stress on expected failure 
plane through intact rock. 

Stochastic Variables: 

Horizontal Stress (Table 6) 

Standard Deviation 

+ 1 Std. Dev. 

- 1 Std. Dev. 

Horizontal Shear Stress (Table 5) 

Standard Deviation 

+ 1 Std. Dev. 

1 Std. Dev. 

Coefficient of Internal Friction 

o = 538 psi x 

S[o ] = 320 psi x 

= 858 psi 

T = 310 psi xz 

S[T ] = xz 185 psi 

= 495 psi 

= 125 psi 

tan ¢ = .831 

Standard Deviation S[tan ¢] = .166 

+ 1 Std. Dev. 

- 1 Std. Dev. 

Deterministic Parameters: 

Vertical Stress 

Equations: Goodman (1981, p. 338) 

a = 45 - ¢/2 

2 . 2 . 2 ° = 0 cos a + 0 Sln a + T Sln a a x z xz 

La = -1/20x sin 20'. + 1/2 Oz sin 20'. + L cos 20'. xz 

= .997 

= .665 

o = 590 psi z 
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Table 6--Continued 

° ° T T T2 T T2 
z x xz ex ex a a 

590 858 495 22.5 255 65025 11691 1366561 

590 858 495 28.2 162 26244 1210 1464100 

590 858 125 22.5 6 36 907 822649 

590 858 125 28.2 42 1764 902 813604 

590 218 495 22.5 482 232324 622 386884 

590 218 495 28.2 429 184041 713 508369 

590 218 125 22.5 220 48400 361 130321 

590 218 125 28.2 224 50176 405 164025 

Totals 1820 608010 6289 5656513 

Mean, To. = 1820/8 = 228 psi 

Variance, V[Tex ] = (608010/8) 2 - (228) = 24017 

Standard Deviation, S[To. ] = 155 psi 

Coefficient of Variation, V = 68% 

Mean, 00. = 6289/8 = 786 psi 

Variance, V[To. ] = (5656513/8) - (786)2 = 89268 

Standard Deviation, S[Oo.1 = 299 psi 

Coefficient of Variation, V = 38% 
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From Table 7: 

The capacity distribution, C, is the distribution of intact 

rock shear strength calculated from Equation 13b and using the 

normal stress on the failure plane. 

C = 2548 psi 

V[C] = 840323 

To determine the probability of failure using the standard 

normal distribution, the variate, z, is calculated from Egua-

tion 22. 

Since the shear strength and the shear stress are assumed 

to be uncorrelated, the correlation coefficient, r, is zero. 

Therefore, Equation 22 reduces to: 

C - 0 2548 - 228 
z = = -------

V[C] + V[D] 840323 + 24017 

= 2.57 

Fran the tables for a 

(Spiegel, 1961, p. 343), the 

normal curve at z = 2.57 is: 

lJJ[z] = .495 

standard normal distribution 

area lJJ [z], under the standard 

and the corresponding probability of failure for shear failure 

through intact rock blocks independent of jOint sliding is: 
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Table 7. Point estimate calculation for distribution of intact rock 
shear strength. 

Intact Rock Cohesion 

Standard Deviation 

+ 1 Std. Dev. 

- 1 Std. Dev. 

Coefficient of Internal Friction 

Standard Deviation 

+ 1 Std. Dev. 

- 1 Std. Dev. 

Normal Stress on Plane (Table 6) 

Standard Deviation 

+ 1 Std. Dev. 

- 1 Std. Dev. 

Equation: 

Intact 
Rock 

Cohesion 
(psi) 

2764 

2764 

2764 

2764 

Internal 
Friction 

Coefficient 

.997 

.997 

.670 

.670 

Normal 
Stress 

(psi) 

1085 

487 

1085 

487 

CR = 1893 psi 

S[CR] = 871 psi 

= 2764 

= 1022 

tan CPR = .831 

S[tan CPR] = .166 

= .997 

a n 

S [ 2] 

(Eq. l3b) 

Intact Rock 
Shear Strength 

(psi) 

3846 

3250 

3491 

3090 

= 

= 

= 

= 

= 

.670 

786 psi 

299 psi 

1085 psi 

487 psi 

Intact Rock 
Shear Strength 

Squared 

14789755 

10559504 

12186732 

9549892 



Table 7--Continued 

Intact 
Rock 

Cohesion 
(psi) 

1022 

1022 

1022 

1022 

Totals 

Internal 
Friction 

Coefficient 

.997 

.997 

.670 

.670 

Nonnal 
Stress 

(psi) 

1085 

487 

1085 

487 

Mean, TR = 20386/8 = 2548 psi 

Intact Rock 
Shear Strength 

(psi) 

2104 

1508 

1749 

1348 

20386 

Variance, V[TR] = (58661012/8) - (2548)2 = 840323 

Standard Deviation, S[TR] = 917 psi 

Coefficient of Variation, V = 36% 
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Intact Rock 
Shear Strength 

Squared 

4425743 

2272674 

3058826 

1817886 

58661012 



Pf == 1/2 - ~)[z] 

= 1/2 - .495 

= .005 
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Program CDPROB listed in the Appendix can be used instead of 

the standard normal table for the capacity-demand probability 

of failure calculations. 

e. Evaluate sliding between rock blocJ<:s. 

From Table 8: 

The capacity distribution is the sliding shear strength 

calculated from Equations 10 and 11 and the vertical stress of 

590 psi. 

C = 272 psi 

V[C] = 676 

The demand distribution is the horizontal shear stress (Table 

4) • 

D = 310 psi 

V[D] = 34225 

The standard nonnal variate, z, is: 

z = -0.20 

The area under the standard nonnal curve is: 

1/J [z] = -.079 
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Table 8. Calculation for distribution of interblock sliding shear 
strength (dry slope). 

Shear testing on natural fractures and non-linear regression of shear 
strength versus nonnal stress points have given the following results 
(Figure 53): 

k = .8921 

m = .8966 

for 0 < 358 psi: 
n 

S[O 10 ] = .0338 0 + 5.806 s n n 

for 0 > 358 psi: 
n 

S[T 10 ] = .0338 0 + 5.806 s n n 

Equations: 
m 

T = T + kO + 0 tan i son n 

for T and i equal to zero: 
o 

In 
T = kO s n 

Calculations: 

for 0 = 590 psi: 
n 

Mean, T = .8921(590) .8966 
s 

= 272 psi 

Standard deviation, S[T 10 ] = .0338(590) + 5.806 s n 

Variance, V[T ] = 676 s 

= 26 psi 

Coefficient of Variation, V = 10% 
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and the probability of failure for interblock sliding is: 

Pf = .581 

f. Evaluate kink band and rolling of blocks in a basal shear zone. 

Equation 12 is used to evaluate the shear resistance when the rock 

blocks rotate and fonn a kink band. Direct shear testing on 

natural jOint surfaces has provided the shear strength parameters 

(Figure 53). Uniaxial compression tests on 2-inch diameter, 4-inch 

high cylinders have provided the uniaxial compressive strength for 

rock substance, and Brazilian disk tension tests on 2-inch 

diameter, I-inch thick disks have provided the estimate for tensile 

strength. 

From Table 9: 

The capacity distribution is the available shear resistance. 

c = 807 psi 

V[C] = 133956 

The demand distribution is the horizontal shear stress (Table 

4) • 

D = 310 psi 

V[D] = 34225 

The standard nonnal variate, z, is: 

z = 1. 21 
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Figure 53. Direct shear test results for jOint surfaces. 
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Table 9. Point estimate calculation for distribution of shear resis
tance from kink band and block rotation. 

Stochastic Variables 

tan ¢. = .439 
J 

Coefficient of Sliding Friction 

Standard Deviation S [tan ¢.] 
J 

= .087 

+ 1 Std. Dev. = .526 

- 1 Std. Dev. =.352 

Cohesion on Sliding Surfaces C. = 11 psi 
J 

Standard Deviation S[C j ] = 20 psi 

+ 1 Std. Dev. = 31 psi 

- 1 Std. Dev. = o psi 

Intact Rock Compressive Strength ac = 8268 psi 

Standard Deviation S lac] = 3609 psi 

+ 1 Std. Dev. = 11877 psi 

- 1 Std. Dev. = 4659 psi 

Intact Rock Tensile Strength To = 983 psi 

Standard Deviation S[TO] = 226 psi 

+ 1 Std. Dev. = 1209 psi 

- 1 Std. Dev. = 757 psi 

Dilatancy Angle (Systone Angle) i = 26 degrees 

Standard Deviation S [i) = 14 degrees 

+ 1 Std. Dev. = 40 degrees 

- 1 Std. Dev. = 12 degrees 



Table 9--Continued 

L-Parameter 

Standard Deviation 

+ 1 Std. Dev. 

- 1 Std. Dev. 

Transition Normal Stress 

Deterministic Parameters: 

K-parameter for Kink Band 

Number of Rows of Blocks in Kink Band 

Degree of Interlocking 

Nonnal Stress 

Equations: 

c. 
T = a (1 - a ) (; + tan<P

J
. +~) + 

n s an 

11 
ana s c 

o a 
(1 _ ~)K 

nat 
v= 

n = a ITO c 

+ n - 1 

~ + ::)1//1 n 

tan i 
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L = .145 

S[L] = .1 

= .245 

=.045 

a = a t c 

K = 5 

n = 3 r 

n = .5 

a = 590 psi n 

0 

- (l - a )v tan <p. 
s J 
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Table 9--Continued 

Compo Tensile Dilitancy Cohesion Coeff. of L 
2 

T T 
Strength Strength Angle (psi) Sliding (psi) 

(psi) (psi) Friction 

11877 1209 40 31 .526 .245 1497 2242022 

11877 1209 40 31 .526 .045 979 958031 

11877 1209 40 31 .352 .245 1224 1499256 

11877 1209 40 31 .352 .045 732 566982 

11877 1209 40 0 .026 .024 1457 2122220 

11877 1209 40 0 .526 .045 937 878113 

11877 1209 40 0 .352 .245 1188 141136 

11877 1209 40 0 .352 .045 716 512109 

11877 1209 12 31 .526 .245 964 929990 

11877 1209 12 31 .526 .045 542 293396 

11877 1209 12 31 .352 .245 838 702657 

11877 1209 12 31 .352 .045 422 178424 

11877 1209 12 0 .526 .245 932 868733 

11877 1209 12 0 .526 .045 509 258702 

11877 1209 12 0 .352 .245 807 650710 

11877 1209 12 0 .352 .045 3.90 152197 

11877 757 40 31 .526 .245 1875 3515909 

11877 757 40 31 .526 .045 1049 1101261 

11877 757 40 31 .352 .245 1564 2445375 

11877 757 40 31 .352 .045 816 666242 

11877 757 40 0 .526 .245 1835 3365469 



Table 9--Continued 

Compo 
Strength 

(psi) 

11877 

11877 

11877 

11877 

11877 

11877 

11877 

11877 

11877 

11877 

11877 

4659 

4659 

4659 

4659 

4659 

4659 

4659 

4659 

4659 

Tensile 
Strength 

(psi) 

757 

757 

757 

757 

757 

757 

757 

757 

757 

757 

757 

1209 

1209 

1209 

1209 

1209 

1209 

1209 

1209 

1209 

Dilitancy Cohesion Coeff. of 
Angle (psi) Sliding 

Friction 

40 0 .526 

40 0 .352 

40 0 .352 

12 31 .526 

12 31 .526 

12 31 .352 

12 31 .352 

12 0 .526 

12 0 .526 

12 0 .352 

12 0 .352 

40 31 .526 

40 31 .526 

40 31 .352 

40 31 .352 

40 0 .526 

40 0 .526 

40 0 .352 

40 0 .352 

12 31 .526 

L 

.045 

.245 

.045 

.245 

.045 

.245 

.045 

.245 

.045 

.245 

.045 

.245 

.045 

.245 

.045 

.245 

.045 

.245 

.045 

.245 

T 
(psi) 

1008 

1527 

779 

1265 

598 

1132 

477 

1233 

565 

1101 

445 

853 

574 

722 

455 

821 

540 

691 

412 

709 

224 

1015451 

2332764 

606643 

1600798 

357105 

1282318 

227576 

1520104 

318717 

1211793 

197821 

727209 

329370 

521185 

197704 

673816 

291460 

477625 

169598 

502173 
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Table 9--Continued 

Compo Tensile Dilitancy Cohesion Coeff. of L '[ '[2 
Strength Strength Angle (psi) Sliding (psi) 

(psi) (psi) Friction 

4659 1209 12 31 .526 .045 442 195804 

4659 1209 12 31 .352 .245 606 366923 

4659 1209 12 31 .352 .045 336 112624 

4659 1209 12 0 .526 .245 679 461132 

4659 1209 12 0 .526 .045 411 169002 

4659 1209 12 0 .352 .245 576 332246 

4659 1209 12 0 .352 .045 304 92700 

4659 757 40 31 .526 .245 1071 1146940 

4659 757 40 31 .526 .045 615 378748 

4659 757 40 31 .352 .245 933 870048 

4659 757 40 31 .352 .045 485 234902 

4659 757 40 0 .526 .245 1039 1079625 

4659 757 40 0 .526 .045 581 338012 

4659 757 40 0 .352 .245 902 813489 

4659 757 40 0 .352 .045 452 204169 

4659 757 12 31 .526 .245 911 829742 

4659 757 12 31 .526 .045 481 231167 

4659 757 12 31 .352 .245 806 650214 

4659 757 12 31 .352 .045 374 139551 

4659 757 12 0 .526 .245 881 776739 

4659 757 12 0 .526 .045 449 201959 



Table 9--Continued 

Comp. 
strength 

(psi) 

Tensile 
Strength 

(psi) 

Dilitancy Cohesion Coeff. of 
Angle (psi) Sliding 

Friction 

4659 757 12 0 .352 

4659 757 12 0 .352 

Totals 

Mean, T = 52416/64 = 819 psi 

Variance, V[T] = (50822784/64) - (819) 2 = 123345 

Standard Deviation, S[T] = 351 psi 

Coefficient of Variation, V = 43% 

L 

.245 

.045 

T 

(psi) 

777 

342 

2 
T 

226 

603768 

117263 

52416 50822784 
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The standard normal table gives: 

tjJ[z] = .387 

and the probability of failure for kink band and rotation of 

blocks in a basal shear zone is: 

Pf = . J.l3 

g. Eva 1 uate crushing of rock blocks. 

If no size-strength relationship is assumed and the crushing 

strength of a rock block is assumed to be the uniaxial compressive 

strength, the capacity distribution is: 

C = Co = 8268 psi 

V[C] = V[Co] = 1302481 

The demand distribution is the major principal stress at Point B. 

Table 10 is the point estimate calculation for principal stresses 

given the two-dimensional stress field determined from clastic 

analysis. 

D = 926 psi 

V[D] = 46947 

The standard normal variate is: 

z = 2.03 

tjJ[z] = .479 
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Table 10. Point estimate calculation for principal stresses. 

Stochastic Variables: 

Horizontal Stress (Table 5) 

Standard Deviation 

+ 1 Std. Dev. 

1 Std. Dev. 

Horizontal Shear Stress (Table 4) 

Standard Deviation 

+ 1 Std. Dev. 

1 Std. Dev. 

Deterministic Parameters: 

Vertical Stress 

Equations (Goodman, 1980, p. 340): 

0' = 1/2 (0' + 0' ) + [T + 1/4(0' -1 x z xz x 

0' = 2 1/2 (0' + 0' ) x z - [T + xz 1/4(0' -x 

Calculations: 

Horizontal Horizontal 0'1 
Stress Shear Stress 
(psi) (psi) 

858 495 1237 

858 125 907 

218 495 933 

218 125 628 

Totals 3705 

0' )2]1/2 
Z 

0' )2]1/2 
z 

15301679 

822649 

870489 

394384 

3617691 

0' = 538 psi x 

S [0' ] = 320 psi x 

= 858 psi 

= 218 psi 

T = 310 psi xz 

S [T ] = 185 psi xz 

= 495 psi 

= 125 psi 

0' = 590 psi z 

0'2 

(psi) 

211 

541 

-125 

180 

807 

44521 

292681 

15625 

32400 

385227 



Table 10--Continued 

Mean, 01 = 3705/4 = 926 psi 

Variance, V[Ol] = (3617691/4) - (926)2 = 46947 

Standard Deviation, S[Ol] = 217 psi 

Coefficient of Variation, V = 23% 

Mean, 02 = 807/4 = 202 psi 

Variance, V[02] = (385227/4) - (202)2 = 5503 

Standard Deviation, S[02] = 236 psi 

Coefficient of Variation, V = 117% 
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and the probability of crushing failure at Point B is: 

Pf = .021 

h. Evaluate the probability of step-path translational failure. 

If the step-path angle is assumed to have a normal distribu

tion, the area under the normal curve that represents the percent

age of step-path angles in the distribution that are less than 30 

degrees can be calculated. The canplete stability analysis for 

step-path failure that considers sliding along the master joint set 

is given in the Appendix in the computer program POWERSTEP. 

Conservatively, it can be assumed that sliding will occur if 

the step-path is daylighted; that is, the probability of sliding is 

equal to 1. The probability of failure would be equal to the 

probability of occurrence of a step-path flatter than 30 degrees 

from a normal distribution of step-path angles, with a mean of 64 

degrees and a standard deviation of 14 degrees. The standard 

normal curve gives this a probabil i ty of occurrence of .007. 

Therefore, no further evaluation is required for the step-path 

translational failure mode. 

The more precise step-path analysis done in POWERSTEP follOWS 

procedures similar to those described by Marek and Savely (1978) 

for the plane shear failure mode but uses the step-path angle 

distribution instead of the dip distribution. Detailed discussion 

of the step-path failure mode is beyond the scope of this example. 
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POWERSTEP and data from Table 3 and Figure 53 have given a 

probability of step-path failure of .005. 

i. Calculate the composite probability of failure for the 500 foot 

high slope with a 30 degree slope angle. The probability calcula-

tions gave the following results: 

Failure Mode Probability of Failure 

Shear through material .005 

Interblock sliding .581 

Kink band block rotation .113 

Block crushing or bearing .021 

Step-path translation .005 

The composite probability of failure for a 500 foot high, dry 

slope, with a 30 degree slope angle is given by Equation 37 for a 

series-connected system: 

or 

n 
P = 1 - n (1 - P.) 

f f~l 1 
(37) 

P = 1 - [(l - .005) (1 - .581) (1 - .113) (1 - .021) (l - .005)] 
f 

= .640 

Example 2, Include Block Size Distribution 
and a Size-Strength Relationship 

The first example implicitly assumed that the rock blocks were 

all the same size and that each rock block had the same crushing and 

shearing strength. The second example considers the same problem, 

except that the distribution of block sizes and a size-strength 
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relationship are used to adjust the shearing and crushing strength of 

the blocks. The incremental fractions of the size distribution curve 

are considered to be the probability of occurrence of rock or the proba-

bility of occurrence of soil and crush material. In this example, 

block sizes of .5 inches and less are arbitrarily considered to be soil 

and crush materlal. For the rock class described by the size distribu

tion curve of Figure 54, 68.9% of the material is intact rock blocks 

and 31.1% is soil and crushed material. 

Different size blocks have the effect of making the stress 

trajectories wavy rather than straight. The calculated values for the 

stress magnitude at Point B do not change. 

a. Adjust the shear strength distribution based on block size distribu

tion. Evaluate shear failure through blocks independent of sliding 

on joints and shear failure through soil and crush material. 

From Table 4 and shear strength criteria for soil and crushed 

rock of Figure 55: 

The shear strength for soil and crushed rock for a normal load 

of 590 psi is the capacity distribution (Table 11): 

c = 211 psi 

V[C] = 1296 

The de~and distribution for soil and crushed rock shear failure is 

the horizontal shear stress (Table 4) : 

D = 310 psi 

V[D] = 34225 
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Figure 55. Direct shear test results for fault gouge and crushed rock. 
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Table 11. Calculation for distribution of shear strength for soil and 
crushed rock (dry). 

Laboratory direct shear tests and nonlinear regression of shear 
strength versus normal stress have given the following results (Figure 
55) : 

k = .8088 

m = .8723 

for an < 173 psi: 

S[T 10 ] = .0003 a + 6.187 s n n 

for a > 173 psi: n 

S[T 10 ] = .0708 a - 6.014 s n n 

Equations: 

m 
T =T +kon s 0 

For T equal to zero 
o 

T = kom 
s n 

Calculations: 

for a = 590 psi: n 

Mean, T = .8088(509) .8723 
s 

= 211 psi 

Standard Deviation, S[T 10 ] = .0708(590) - 6.014 s n 

= 36 psi 

Variance, V[T
S

] = 1296 

Coefficient of Variation, V = 17% 
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The probability of failure for these strength and stress distribu-

tions is .702. This is only valid if all of the material is soil 

and crushed rock. From the size distribution curve, the proba-

bility of occurrence of soil and crushed rock is the same as the 

fraction of this material in the rock class, or .311. Therefore, 

the probability of soil and crushed rock shear failure is the proba

bility of shear failure multiplied by the probability of occurrence 

of the material. The probability calculation is: 

Psc = .702 x .311 = .218 

There is also a probability that the shear failure will be through 

intact rock blocks. The probability of occurrence of an intact 

rock block is .689 as determined from the size distribution curve. 

The capacity distribution is the shear strength of the intact 

rock (Table 7) : 

c = 2548 psi 

V[C] = 840323 

The demand distribution is the shear stress on the expected failure 

plane (Table 6) : 

D = 228 psi 

V [D] = 24017 

This gives the same probability of intact rock shearing as Example 

1, Part d, of .005. However, if this probability is weighted by 
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the probability of occurrence, the probability of intact rock block 

failure is: 

Pr = .005 x .689 = .003 

The probability of failure that considers both probabilities of 

shearing through soil and crushed rock, and shearing through intact 

rock blocks is: 

Pf = Psc + Pr = .218 + .003 = .221 

By considering the size distribution for this rock class, the 

probability of shearing failure calculation for a 500 foot high dry 

slope at 30 degrees increased from .005 to .221. This higher 

probability is reasonable, considering that 31.1% of the material 

in the slope is low strength, soil--like material and not intact 

rock. 

b. The probability of sliding between rock blocks is calculated, as 

described in Example 1 except that the probability of sliding must 

be weighted by the size fraction that is intact rock. In this 

example, the probability of interblock sliding from Example 1 is 

.581. The size fraction for rock is .689. Therefore, the proba

bility of interblock sliding accounting for size distribution is: 

Pf = .581 x .689 = .400 

The soil fraction is considered to fail in shear and has already 

been accounted for in Part a. 
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c. The probability of failure for block rotation and kink band 

fonnation must also be weighted by the probability of occurrence 

for rock blocks, or .689. The probability calculated in Example 1, 

Part f, was .113. The probability of kink band block rotation 

becomes: 

Pf = .113 x .689 = .078 

As in Part b of this example, stability of the soil and crush 

fraction has already been accounted for as a shear failure through 

the ITIaterial. 

d. Adjust crushing strength based on size distribution of rock blocks 

and a size-strength relationship. 

If a size-strength relationship for rock block canpressive 

strength has not been developed fran laboratory testing, a power 

relationship such as the one proposed by Coates and Yu (1978) or by 

Hoek and Brawn (1980, p. 156) can be used for the intact rock block 

fraction. This ex~ple uses Equation 24, the relationship proposed 

by Coates and Yu (1978). 

For the soil and crush fraction, bearing capacity is used in 

place of crushing strength. The equations from Coates (1981, 

Chapter 1, pp. 1-19) are used. Table 12 gives the point estimate 

calculation for bearing capacity of soil and crush material. 

The probability calculation is done incrementall.y over the size 

distribution (Table 13). The capacity distribution for each size 

increment is the bearing capacity distribution for sizes less than 
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Table 12. Point estimate calculation for bearing capacity of soil and 
crushed rock materials. 

Stochastic Variables: 

Coefficient of Friction (Figure 53) 

Standard Deviation 

+ 1 Std. Dev. 

- 1 Std. Dev. 

Cohesion 

Standard Deviation 

+ 1 Std. Dev. 

- 1 Std. Dev. 

Deterministic Parameters: 

Unit Weight 

Equations (Coates, 1981, pp. 1-19): 

N = tan2 (45 + ¢ /2) exp (TI tan ¢ ) q s s 

N = (1 + 0.2 tan2 (45 + ¢ /2)) [(N -
c s q 

N = 1.5(N - 1) tan ¢ q s 

tan ¢ = .355 s 

S[tan ¢ ] = .041 s 

1) /tan ¢ ] 
s 

= .396 

= .314 

C = 8.95 psi s 

S[C ] = 1.20 psi s 

= 10.15 psi 

= 7.75 psi 

y = 150 pef s 

(assumes unit dimension) 

Friction 
Coeff. 

.396 

.396 

Cohesion 
(psi) 

10.15 

7.75 

7.51 23.57 

7.51 23.57 

3.87 

3.87 

Q 
(psi) 

241 

185 

58081 

34225 



Table 12--Continued 

Friction 
Coeff. 

.314 

.314 

Totals 

Cohesion 
(psi) 

10.15 

7.75 

Mean, Q = 739/4 = 185 psi 

4.98 17 .36 

4.98 17.36 

Variance, V[Q] = (142131/4) - (185)2 = 1308 

Standard Deviation, S[Q] = 36 psi 

Coefficient of Variation, V = 20% 

1.87 

1.87 

Q 
(psi) 

177 

136 

739 

240 

31329 

18496 

142131 



Table 13. Probability calculation for crushing failure. 

Capacity Distributions: 

Soil and Crushed Rock (Table 12) 

C = 185 psi 

v [C] = 1308 

Intact Rock 

C = Q (V Iv )-.05 
o s 0 

where: 

Q = Compressive strength of test sample = 8268 psi 
o 

Standard Deviation = 3609 psi 

241 

Vo = Volume of test sample (4 in. x 2 in. dia. cylinder) = 25 cu. in. 

V = Volume of rock block s 

V[C] = 13024881 

Demand Distribution: 

Major Principal Stress (Table 10) 

Block 
Size 
(in. ) 

.25 

.50 

1.00 

2.00 

4.00 

Rock 
Block 

Vo3· 
(in) 

.016 

.125 

1 

8 

64 

Prob. of 
Occurrence 

(Fraction of 
Block Size) 

.136 

.175 

.338 

.266 

.072 

D = 926 psi 

V[D] = 46947 

Mean 
Capacity 

(psi) 

185 

185 

9718 

8753 

7888 

Prob. of 
Crushing or 

Bearing 
Failure 

1.000 

1.000 

o 

o 

o 

Prob. of 
Failure 

.136 

.175 

o 

o 

o 



Table 13--Continued 

Block 
Size 
(in. ) 

6.00 

8.00 

Totals 

Rock 
Block 
Vo~. 
(in) 

216 

512 

Pf = .311 

Prob. of 
Occurrence 

(Fraction of 
Block Size) 

.009 

.004 

1.000 

Mean 
Capacity 

(psi) 

7423 

7109 

Prob. of 
Crushing or 

Bearing 
Failure 

o 

o 

242 

Prob. of 
Failure 

o 

o 

.311 
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.5 inches. For sizes over .5 inches, the mean value of the 

capacity distribution is the compressive strength of the rock 

adjusted by the size-strength equation. The standard deviation of 

compressive strength from the testing is assumed to be the standard 

deviation for all sizes over .5 inches. 

10) • 

The demand distribution is the major principal stress (Table 

D = 926 psi 

V[D] = 46947 

The probability of crushing failure considering the incremental 

fractions of rock block sizes is: 

Pf = .311 

For this size class, the probability of crushing failure is 

completely dominated by the soil fraction, and stability depends on 

the bearing capacity of the soil and crush fraction. The proba

bility of failure is essentially the probability that soil and 

crush material will occur in the slope. 

e. The step-path probabilities are based on the assumption that all of 

the material is rock. Therefore, these probabilities should also 

be multiplied by the probability of occurrence of rock; that is, 

the fraction of the size distribution curve that is rock blocks. 

For this example the rock block fraction is .689. The step-path 

probability of failure is: 
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Pf = .005 x .689 = .003 

f. The composite probability of failure is: 

Failure Mode Probability of Failure 

Shear through material .221 

Interblock sliding .400 

Kink band block rotation .078 

Block crushing or bearing .311 

Step-path translation .003 

Pf = 1 - [(1 - .211) (1 - .400) (1 - .078) (1 - .311) (1 - .003)] 

= .704 

In this example, the probability of failure increased from .640 

to .704 when the distribution of block sizes was included in the 

calculations. This increase is from the higher probabilities of 

shearing and crushing of intact material. The resul t is reason-

able because 31.1% of the material is soil and crushed rock, which 

is expected to be considerably weaker than intact rock in the 

crushing and shearing failure modes. 

Example 3, Include vvater Pressure 
and External Stresses 

The first two examples did not include additional stresses such 

as water pressure, surcharge, or high horizontal stress (tectonic or 

residual stresses). Surcharge is easily included in the analysis by 

adding the surcharge to the vertical stress from the clastic analysis. 

High horizontal stress can be included by using measured or estmlated 
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values in place of the horizontal stress fran the clastic analysis 

calculations. 

water pressure is assumed to affect only the failure modes of 

interblock sliding, rigid block translation, soil shear, and soil 

bearing capacity. The effective stress principle applies to these 

fail ure modes. The rotating block kink band mode requires rock mass 

dilation preceding failure. It is assumed that excess water pressures 

would be released as the rock mass dilated and the water pressure would 

be zero. Similarly, the block crushing or intact rock shearing modes 

are not affected by the water pressure because these failure modes 

develop from the arching pr.ocess. Arching creates gaps between rows of 

blocks. The presence of gaps means the blocks are unconfined and water 

pressures would be released before failure begins. 

water pressures in the clastic analysis are calculated as shown 

in Figure 56. An angle, W, and a maximum height of water, WL, above 

the toe is specified. The water level above Point B, Z , is determined w 

from the goemetry of the slope, the systone angle, and the specified 

configuration of the water level. water pressure, U, is assumed to 

vary linearly with depth and is calculated as: 

where 

U = Y • Z w w 

y = unit weight of water 
w 
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WL 

c 8 A 

Figure 56. Calculation of water pressure in the clastic analysis. 
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a. Calculate the probability of failure for the 500 foot high, 30 

degree slope with a water level 300 feet above the toe and a water 

angle, W, equal to the slope angle (horizontal water level). 

In this example, step-path probability of failure is calculated 

in program PCWERSTEP, which assumes a normal drawdawn condition. 

This analysis gave a probability of failure of .005 or essentially 

the same as the dry case. A satisfactory probability of step-path 

failure could still be based on probability of occurrence since the 

assumption could be made that any daylighted step-path will fail. 

From Table 14: 

The water pressure above Point B is 130 psi. 

The effective vertical stress is 590 - 130 = 460 psi. 

b. Evaluate shearing failure. 

vlater pressure is considered to have no effect on shearing of 

the intact rock blocks. Therefore, the probability of intact rock 

block shearing is the same as that of Example 2, part a: 

Pr = .003 

Shear failure of the soil and crush material must consider 

effective stresses. The strength distribution is calculated for 

the effective normal stress of 460 psi (Table 15). The capacity 

distribution is the effective shear strength distribution: 

C = 170 psi 

V[C] = 36 



Table 14. Calculation of water pressure above point B. 

Parameters: 

Slope Height 

Slope Angle 

Height of Water Above Toe 

Water Angle 

Systone Angle 

Density of Water 

Equations: 

Z = tan W[ H . - H tan 8] 
w tan 1 

where Z = height of water above Point B w 

Z = tan 30 [500 - 500 tan 26] w tan 30 

Z = 395 feet w 

H = 500 feet 

i = 30 degrees 

WL = 300 feet 

W = 30 degrees 

= 26 degrees 

= 62.4 pcf 
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But, the water level cannot exceed the water height, WL, or the slope 
geometry; therefore: 

Z = WL = 300 feet w 

u = y Z = 62.4 (300) ww 

U = 130 psi 
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Table 15. Calculation for distribution of soil and cl~shed rock shear 
strength (wet slope) . 

Shear testing of faul t clay gouge and fault breccia and nonlinear 
regression of shear strength versus normal stress points have given the 
following results (Figure 55): 

k = .8088 

m = .8723 

for 0 < 173 psi: n 

S[T 10 ] = .00030 + 6.187 
s n n 

for 0 > 173 psi: 
n 

S[T 10 ] = .70880 - 6.014 
s n n 

Equation: 

T = kcf1 s n 

for 0 = 460 psi: 
n 

Mean, T = 8088(460) .8723 
s 

= 170 psi 

Standard Deviation, S[T 10 ] = .0003(460) + 6.187 s n 

Variance, V[T 10 ] = 36 s n 

= 6 psi 

Coefficient of Variation, V = 4% 
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The demand distribution is the horizontal shear stress (Table 

D = 310 psi 

V[D] = 34225 

The probability of shearing through soil and crush material is: 

z = -.76 

1jJ [z] = .276 

Psc = .776 

The probability of shearing through soil and crush is weighted 

by the probability of occurrence of .311: 

Psc = ./76 x .311 = .241 

The combined probability of failure by shearing through intact 

rock, or soil and crush material is: 

Pf = .003 + .241 = .244 

c. Evaluate interblock sliding. 

The capacity distribution is the sliding shear strength 

calculated from Equations 10 and 11 with a normal stress of 460 psi 

(Table 16) . 

c = 218 psi 

V[C] = 441 
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Table 16. Calculation for distribution of interblock sliding shear 
strength (wet slope) . 

Shear testing on natural fractures and nonlinear regression of shear 
strength versus normal stress points have siven the following results 
(Figure 53) : 

k = .8921 

m = .8966 

for 0 < 358 psi: n 

S[T 10 ] = .0056 a + 15.921 
s n n 

for a > 358 psi: n 

S[T la ] = .0338 a + 5.806 
s n n 

Equations: 

T = T + kam +a tan i son n 

For T and i equal to zero 
o 

T = kam 
s n 

Calculations: 

for an = 460 psi: 

Mean, TS = .8921(460) .8966 

= 218 psi 

Standard Deviation, S[T la ] = .0338(460) + 5.806 s n 

Variance, V[T ] = 441 s 

= 21 psi 

Coefficient of Variation, V = 10% 
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The demand distribution is the horizontal shear stress ('rable 

D = 310 psi 

V[D] = 34225 

The probability of interblock sliding considering water 

pressures is: 

z = -.49 

lJ; [z] = .188 

Ps = .688 

The probability of occurrence of rock blocks is .689 as 

determined from the size distribution curve. 

probability of failure for interblock sliding is: 

Pf = .688 x .689 = .474 

Therefore, the 

d. The probability of block rotation is the same as that calculated in 

Example 2, Part c: 

Pf = .078 

e. The probability of intact rock block crushing is not affected by 

water pressure. Although it would be reasonable to use effective 

stress strength parameters for the soil and crush bearing capacity, 

these values are not available for this study. Therefore, the 

probability of crushing failure is the same as Example 2, Part d: 
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Pf = .311 

f. The composite probability of failure for a 500 foot high slope with 

a 30 degree slope angle and a water level 300 feet above the toe 

is: 

Failure Mode 

Shear through material 

Interblock sliding 

Kink band block rotation 

Block crushing or bearing 

Step-path translation 

Probability of Failure 

.244 

.474 

.078 

.311 

.003 

Pf = 1 - [(1 - .244) (1 - .474) (1 - .078) (1 - .311) (1 - .003)] 

= .748 

The probability of failure for the 500 foot high, 30 degree 

slope increased from .704 for the dry case to .748 for a water 

level 300 feet above the toe. 

The evaluations in the first three examples considered one 

slope height and one slope angle. The full stability analysis provides 

a table of probability of failure for various slope heights and slope 

angles. The general procedure as outlined in the first three examples 

is followed to give the results in Table 17. The evaluations were done 

using the programs SHEARING2, SLIDING, ROLLING, CRUSHING, and POWERSTEP 

listed in the Appendix. 
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Table 17. Ccmposite probability of failure calculations. -- ( a) Dry 
slope; and (b) Wet slope. 

a. 

Slope Angle 

Slope Height Failure Mode 30 45 60 
(feet) 

100 Shearing .197 .198 .199 

Sliding .329 .329 .329 

Rolling .052 .052 .052 

Crushing .157 .102 .083 

Step-path .002 .030 .148 

Canposite .570 .556 .602 

500 Shearing .222 .225 .228 

Sliding .400 .400 .400 

Rolling .078 .078 .078 

Crushing .311 .311 .311 

Step-path .003 .043 .213 

Canposite .704 .717 .768 

1000 Shearing .232 .235 .241 

Sliding .427 .427 .427 

Rolling .084 .084 .084 

Crushing .311 .311 .311 

Step-path .003 .048 .234 

Composite .723 .737 .790 
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Table 11--Continued 

b. 

Slope Angle 

Slope Height Failure Mode 30 45 60 
(feet) 

100 Shearing .233 .224 .207 

Sliding .433 .403 .352 

Rolling .052 .052 .052 

Crushing .157 .102 .083 

Step-path .003 .035 .172 

Composite .653 .619 .630 

500 Shearing .246 .245 .234 

Sliding .476 .465 .420 

Rolling .078 .078 .078 

Crushing .311 .311 .311 

Step-path .003 .048 .232 

Composite .750 .756 .783 

1000 Shearing .255 .252 .246 

Sliding .508 .486 .445 

Rolling .084 .084 .084 

Crushing .311 .311 .311 

Step-path .004 .052 .245 

Composite .770 .770 .801 
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Example 4, Open Pit Mine Slope 

The previous examples considered a homogeneous slope. In prac

tice it is more common to have slopes composed of several rock classes 

and possibly more than one systone. This example considers a rock 

slope at the Inspiration mine near Globe, Arizona. The slope profile 

shown in Figure 57 shows a schist rock mass overlain by a boulder 

conglomerate. Rock classes numbered 1 through 6 have been defined. 

The lower nu~ers represent a more blocky rock mass, while the higher 

nunroers represent more intensely fractured rock. Each rock class has a 

unique block size distribution curve, as shown in Figure 58. The 

problem is to analyze the stability for three different slope angles of 

30, 45, and 60 degrees, and to consider different slope heights of 100, 

300, and 500 feet. The water level is represented by the piezometric 

surface (Figure 57) • 

It is apparent that as the slope is developed in 50 foot high 

increments, the base of the slope can be in a different rock class at 

each mining level. It is first necessary to find Point B, which is 

determined by the systone angle (Figure 52). Only one structural 

domain is present in this area, so the systone angle is expected to be 

constant. 'rhe joint set properties are those of Examples 1 through 3, 

and the step-path angle of 64 degrees with a standard deviation of 14 

degrees is used to determine a systone angle of 26 degrees. If the 

rock mass had been intensely fractured with many preferred joint set 

orientations, the rock blocks would approach a cubic shape and a 

systone angle of 30 degrees would have been assumed. The standard 
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Figure 57. Profile showing rock classes and planned slope geometry. 
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deviation of the most disperse jOint set could be used for the standard 

deviation. 

a. Using a systone angle of 26 degrees and the slope profile of Figure 

57, the rock class at Point B with a corresponding rock block size 

distribution curve is determined for slope heights of 100, 300, and 

500 feet (Table 18). 

b. Since the step-path angle is the continuous path, the same failure 

modes as in the first examples will be analyzed. 

c. hvaluate shearing through blocks using program SHEARING2 in the 

Appendix and Table 18. 

The input parameters are: 

Mean systone angle = 26 degrees 

Standard deviation = 14 degrees 

Rock density = 170 pcf 

Mean intact rock cohesion = 1893 psi 

Standard deviation = 871 psi 

Mean coefficient of internal friction rock = .831 

Standard deviation of coefficient = .166 

Nonl inear strength parameters for soil and crushed 

materials (Figure 55) . 

The probabilities of failure weighted by the size distribu

tion curve are: 
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Table 18. Rock classes and rock block size distributions used for 
Example 4. 

Systone Angle = 26 degrees 

Slope Angle Slope Height 
(feet) 

30 100 

300 

500 

45 100 

300 

500 

60 100 

300 

500 

Size Distributions (incremental fractions) : 

Block Rock Class 
Size 2 

(inches) 

Soil and Crushed Rock: 

.25 .036 

.50 .020 

Rock Blocks: 

1.00 .048 

2.00 .142 

4.00 .397 

Rock Class at 
Toe of Slope 

Conglomerate 

4 

3 

4 

4 

2 

4 

4 

3 

Rock Class Rock Class 
3 4 

.054 .096 

.081 .134 

.145 .222 

.192 .331 

.401 .180 
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Table 18--Continued 

Size Distributions (incremental fractions) : 

Block Rock Class Rock Class Rock Class 
Size 2 3 4 

(inches) 

6.00 .261 .097 .Oll 

8.00 .045 .0lD .008 

10.00 .008 .003 .006 

>10.00 .043 .017 .012 

1.000 1.000 1.000 
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Slope Angle 
Slope Height 

(feet) 30 45 60 

100 Conglomerate .150 .151 

300 .179 .180 .171 

500 .112 .053 .110 

d. Interblock sliding is evaluated with the program SLIDING in the 

Appendix and Table 18. 

Input parameters are: 

Mean systone angle = 26 degrees 

Standard deviation = 14 degrees 

Rock density = 170 pcf 

Nonlinear shear strength parameters for rock jOints (Figure 

53) . 

The probabilities of failure weighted by the size 

distribution curve are: 

Slope Angle 
Slope Height 

(feet) 30 45 60 

100 Conglomerate .368 .368 

300 .509 .501 .447 

500 .612 .637 .528 

e. Rime band and rolling block probabilities were determined from the 

program ROLLING listed in the Appendix and Table 18. 

Input parameters are: 
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Mean compressive strength of rock = 8268 psi 

Standard deviation = 3609 psi 

Mean tensile strength of rock = 983 psi 

Standard deviation = 226 

Mean dilatancy angle (systone angle) = 26 degrees 

Standard deviation = 14 

Linear shear strength parameters for rock jOints (Figure 

53) 

Mean L-parameter = .145 

Standard deviation = .1 

K-parameter = 5 for rolling blocks 

Degree of interlocking = .5 for rolling blocks 

Rock density = 170 pcf 

The probabilities of failure weighted by the size distribu-

tion curve are: 

SloEe Angle 
Slope Height 

(feet) 30 45 60 

100 Conglomerate .058 .058 

300 .074 .074 .074 

500 .098 .107 .098 

f. Rock block crushing is evaluated with the program CRUSHING, listed 

in the Appendix and Table 18. 
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Input parameters are: 

Mean systone angle = 26 degrees 

Stanoard deviation = 14 degrees 

Rock density = 170 pef 

Mean compressive strength of rock = 8268 psi 

Standard deviation = 3609 psi 

Volume of tested rock sample = 25 cubic inches 

Soil and crushed material density = 150 pef 

Linear shear strength parameters for soil and crushed 

materials (Figure 55) 

The probabilities of failure weighted by the size distribu-

tion curve are: 

SloEe Angle 
Slope Height 

(feet) 30 45 60 

100 Conglomerate .075 .062 

300 .299 .229 .229 

500 .135 .056 .135 

g. Step-path translational failure was evaluated with the program 

POWERSTEP, listed in the Appendix. The probabilities calculated 

from POWERSTEP were multiplied by the probability of occurrence of 

rock material. Probability of occurrence of rock is the percent of 
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rock fran the size distribution curve for the corresponding rock 

class and slope geometry (Table 18). 

Input parameters are: 

Joint set properties and the mean and standard deviation of 

the step-path angle (Table 3) 

Nonlinear shear strength parameters for rock joints (Figure 

53) 

Rock density = 170 pcf 

The probabilities of failure weighted by the size distribu-

tion curve are: 

Slope Angle 
Slope Height 

(feet) 30 45 60 

100 Conglomerate .034 .166 

300 .003 .048 .236 

500 .004 .066 .293 

h. The composite probability of failure from all failure modes was 

calculated using Equation 18. 

Slope Angle 
Slope Height 

(feet) 30 45 60 

100 Conglomerate .548 .605 

300 .713 .722 .750 

500 .732 .729 .768 



CHAPTER 8 

CONCLUSIONS AND SUGGESTIONS FOR FUTURE WORK 

This chapter concludes this dissertation on slope stability ana

lysis in intensely fractured rocl< masses with a discussion on important 

aspects of the research. Suggestions for additional work are provided 

in the last section. 

Conclusions 

Rigid block and rotational shear methods of analysis are applic

able to many slope stability problems. However, these models are often 

not accurate for analysis of intensely fractured, in-place rock masses. 

Two errors can occur when rotational shear analysis is used for stabil

ity assessment. Both relate to shear strength. They can be identified 

as: 

1. the selection of inappropriate shear strength parameters, and 

2. the selection of an inappropriate failure model. 

The first error occurs when shear strength properties of 

fracture surfaces are used as material properties. This causes an 

underestimation of shear strength because the interlocking effects of 

discrete rock blocks adds strength, but this has not been included. 

Therefore, the analysis would underestimate the stability. 
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The second error occurs because the rotational shear and other 

soil mechanics stability analyses assume that the failure surface is 

formed instantaneously. Therefore, shear resistance occurs along a 

continuous failure surface of a size equal to the slope dimensions. 

All the shear strength is assumed to be mobilized instantly at failure. 

However, in intensely fractured rock masses the failure surface may 

only form at the base of the slope initially with separation surfaces 

in higher portions of the slope. The failure develops progressively, 

and the available strength from intact rock or fractures is mobilized 

at different times during the failure process. 

The assumption of a large, continuous failure surface with 

shear strength mobilized over the entire length results in an overesti

mation of shear resistance in the soil mechanics methods. Therefore, 

stability is overestimated. 

The two errors are not necessarily compensating errors. For 

some geanetries these errors do cancel and stability is accurately 

assessed, but only by coincidence. The imbalance between the two 

errors determines if the stability of the fractured rock mass will be 

overest~~ated or underestmlated, and the magnitude of the error. 

The second error discussed is the reason why rigid rock block 

analysis usually overestimates stability of intensely fractured rock 

masses. Again, the long, continuous failure surface that is defined in 

the rigid block models results in an overestimation of shear resis

tance. 
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The block flow failure analysis developed by Coates and Yu 

(1978) seems to be valid for the rock block crushing failure mode. 

Since crushing is only one aspect of rock mass failure, the block flow 

model is an incomplete analysis, and it is only accurate when crushing 

is either the dominant or the only failure mode. In situations where 

block rotation with kink band development, interblock sliding, and 

block sheQring occur, the block flaw analysis overestimates stability. 

Trollope (1968, 1975) developed solutions to calculate stresses 

in slopes based on "clastic mechanics." He presented slope stability 

analyses showing that the clastic mechanics approach could more 

accurately predict behavior of masses that are represented by strain

softening behavior. Strain-softening is a characteristic behavior for 

failure of intensely fractured masses. It should be pointed out, 

however, that this apparent str2 . .in·~softening behavior is most likely 

the result of both brittle and ductile behavior within the rock mass. 

Although Trollope (1968) provided the framework for analyzing 

other types of behavior, that is, brittle behavior, his examples only 

consider shear failure (Trollope, 1975). Troll ope , s examples consider 

only a sliding failure mode at the base of the slope. He did not 

consider block crushing or block rotation. 

This research has shawn that at least four components of 

failure need to be considered in rock mass failure: 

1. shearing through intact rock blocks, 

2. crushing of intact rock blocks, 
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3. sliding be~leen rock blocks, and 

4. rotation of blocks with kink band development. 

These aspects of rock mass failure can occur individually or 

simultaneously. Analyses that consider only one or two of these fail

ure processes will only be accurate if they are the dominant failure 

mode. 

Model studies and observations on mass wasting (Eisbacher, 

1979) show that the failure mechanics of fractured rock are complex. 

Development of the kink band fran rotation of reck blocks and under law 

normal loads has not been considered in any formal analysis. There is 

no satisfactory method to esti~mate shear strength of the rotating block 

failure mode. Pariseau and Voight (1979) discuss some of the consider

ations necessary for a rolling cylinder failure model. 

This research has propOsed the first analytical process that 

includes all recognized components of rock mass failure. The process 

is an improvement over previous work because it recognizes more compo

nents to the failure process and it includes them explicitly in the 

analysis. 

'l'his research has shown that it is possible to consider the 

elements of a rock mass, which are the rock blocks and the fracture 

surfaces, compare the stress and strength of the elements, and canbine 

the resul ts into a more accurate assessment of rock mass stabil i ty. 

The analysis was developed with probabilistic methods, primarily 

because rock mass properties are best described and analyzed as 
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Statistics describe this variability and probability 

accounts for the variability in the mlalysis. 

There are many aspects to the ambitious study that has been 

presented. It was necessary to review the techniques that are used to 

describe the rock mass as a rock block system because these techniques 

are not available in the literature as an integrated process for rock 

mass description. Many different strength theories have been proposed, 

and the most useful ones have been singled out. Aspects of the failure 

analysis need improvement, and these are discussed in the following 

text on future work. 

Suggestions for Future Work 

Rock Mass Characterization 

Suggestions for research in rock mass characterization follow. 

1. Most descriptions of joint size and spacing rely on average 

values or an average value with some measure of dispersion. 

These descriptions are not satisfactory because the desired 

infonnation is the location of closely spaced joints, and the 

location of long, continuous joints. If the jOint spacing or 

joint length occurrence can be described as a spectrum, then 

perhaps a wave forill could be fitted to predict the occurrence 

of the next long joint or close spacing. Fourier methods would 

be applicable to describe the wavefonns. 

2. Hudson and Priest (1979) developed a normalized curve that Cffil 

be used to estimate rock block size distribution from spacing 

of jOint sets. More comparison is needed with this estimate 
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and the approximate method proposed by Call (1982), with actual 

screening and field estlinates of size distribution. 

3. Block shape, block size, and block orientation are important to 

detennine failure modes and the stress trajectories in a 

clastic analysis. Goodman and Shi (1985) have described vector 

methods that are appl icable for detennining these parameters 

from joint set data. Their methods should be included in the 

clastic analysis to detennine the mean and standard deviation 

of the systone angle. Research into other methods of 

estimating the systone angle would also be worthwhile. 

Fail ure Modes 

Research on failure modes is needed, and some suggestions for 

future work on failure modes are: 

1. Al though there is convincing evidence from model studies that 

rotation of blocks with a kink band development occurs as a 

failure mode, field verification is needed. Eisbacher (1979) 

saw rotating blocks at the base of large landslides, but there 

are no repoLts of the rotating block failure mode on the scale 

of construction and mining works. Verification would be a 

cross-section of a failure that showed blocks rotated out of 

their original position in a basal shear zone. 

2. Block size probably determines if the basal shear failure is a 

kink band, a shear zone, or a shear plane. This author 

believes that there is a size relationship with shear strength. 

For a given wavelength of roughness, smaller blocks are subject 
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to more scale effect than larger blocks. Small blocks are more 

likely to rotate because the sliding strength on the side of 

small blocks is increased due to interlocking of small 

asperities. 

To mobilize a residual shear strength where asperities are 

sheared off, smaller blocks must displace a greater distance 

with respect to their size than larger blocks. Therefore, the 

sliding strength for small rock blocks is very high and 

rotation may be the less stable failure mode. 

Larger blocks have sufficient size that residual shear 

strength can be mobil ized after some small displacement. There

fore, the sliding strength is less for large blocks because 

residual shear strength applies. The larger blocks are more 

likely to slide rather than rotate, although the failure mode 

depends on other factors than block size. 

Barton (1976) points out that the compressive strength of 

the joint wall is an iLl1portant canponent of shear strength. 

Since canpressive strength is apparently reduced for larger 

size samples, it is probable that shear strength of jOints is 

also dependent on scale. Rough joints have more asperities 

that will shear off, so rough undulating joints shaw the most 

scale effect. Smooth, planar joints show less scale effect. 

Future research should concentrate on determining the 

parameters that cause block rotation or other preference in 

fail ure mode. If a size-shear strength relationship exists, 
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equations need to be determined to describe this relationship. 

Perhaps a power relationship such as the ones proposed for 

compressive strength versus size are valid. 

3. The role of water pressure in the slope is treated simplis

tically for the sliding failure mode. It is assumed that the 

water pressures are released during the formation of the kink 

band failure mode, and water pressure is considered to have no 

effect. Siillilarly, the intact rock block crushin9 and shearing 

failure rnodes do not consider an influence from water pressure. 

The validity of these assumptions needs to be evaluated, 

probably with laboratory models and controlled field studies. 

4. Failure modes can change as defon11ation proceeds. For example, 

initial failure might be a rock mass failure near the base of 

the slope. Continued movement at the base causes the develop-

ment of shear planes internally in the rock mass. Research 

into appropriate methods of considering the changes in behavior 

during deformation and the rate of defoDnation are needed. 

strength Criteria 

Appropriate strength criteria is the greatest need for the 

clastic analysis. Future work should consider the following topics: 

1. Ladanyi and Archambault's equation, which was modified by Hoek 

and Bray (1981, pp. 104-105), has been used to estimate the 

strength for the rolling block kink band mechanism. It is a 

difficult equation to use because the input parameters relating 
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to dilation and surface area contact are difficult to deter-

mine. It seems that a better criterion would be based on 

slinple physics of rotating blocks combined with rolling 

resistance such as that proposed by Pariseau and Voight (1979). 

This strength estimate would require infonmation on block size, 

block shape, and block orientation which are measured or 

calculated quantities. 

2. Shear tests need to be developed to determine the rolling shear 

strength of rock blocks. These might be done with procedures 

similar to those used by Ladanyi and Archambault (1972). 

3. Barton (1976, 1980) has developed empirical equations for shear 

strength that might be applicable to the clastic analysis. 

Although these equations are only valid for the rock shearing 

or block sliding failure models, the effect of including these 

equations instead of Jaeger's Power Curve or the Mohr-Coulomb 

relationship should be studied. 

4. Bearing capacity was used for the soil strength in the crushing 

failure mode. Bearing capacity failure is really a shear 

failure, and it could be considered that this possibility has 

already been considered in the shear failure rnode, albeit under 

different stress conditions. More consideration needs to be 

given to the appropriate assignment for strength when a large 

portion of the size distribution curve is a soil fraction. 

5. Future work could consider a better yield criterion for 

shearing and crushing failure modes. Strain energy concepts 
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based on deformation might be used instead of a stress 

criteria. 

Stresses in Slopes 

Stress magnitude and direction are the most difficult para-

meters to determine. It can be seen in Tables 4 and 5 that calculated 

stress values can be expected to have high variability, with 

coefficients of variation of nearly 60 percent. Stress estimates can 

be made by many different methods, and only those that appear to be 

most useful for the stability analysis in intensely fractured-rock have 

been presented. Field verification is needed of the estimates that are 

calculated in the clastic analysis. Verification would best be done 

with the less expensive stress measuring devices such as the inclusion 

cell or the "doorstopper" device. A larger number of measurements 

would be more useful than one very accurate measurement on one point in 

the rock mass. 

Stability Analysis 

Useful areas of research regarding stability analysis in 

intensely fractUJ~ed rock masses are: 

1. When more than one systone geometry is present in the rock 

mass, as is canmonly the case, sliding between systones is 

likely. Discontinuity develops at the boundaries of the sys-

tones because the boundary is potentially the weakest part of 

the system. Although the current analysis considers that the 

systone may change from excavation level to excavation level, 



276 

the analysis does not consider intersystone sliding, and this 

may be a critical consideration in a real slope. Future work 

needs to develop this aspect of rock mass failure. 

2. Frequency and direction of joints, thus rock block shape and 

orientation, have considerable influence on failure conditions. 

Enersy considerations show that depending on the block shape 

and the orientation of the blocks in the slope, the slope can 

be at the limiting case of maximum or minimum potential energy 

with regard to block rotation. Stability analysis based on 

work and energy may be the most realistic assessment of the 

slope stability problem. Work and energy concepts could be 

incorporated into the clastic analysis. 

3. In mining, failure in the sense of stress exceeding strength 

may not necessarily mean failure of a mining plan. Often the 

failure volunes can be removed or other remedial measures taken 

at a reasonable cost. Failure defined by engineering mechanics 

is different than an economic failure. Since economic failure 

depends mostly on the volwne of the failure, and the amount and 

rate of displacement, it would be better to define the failure 

condition in terms of displacement and displacement rate. 

Useful future work would be to develop a strain criteria of 

failure rather than a strength criteria. 
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100 REIl: PR06RAII NORnPROB-r:ORHAL DISTRIBUTIotl PROBABILITY CALCULATIOII 
150 REt!: ONE flEAN 
170 REH: REF. AI1BRAHmmZ AND STE6UN, 1968 
200 INPUT al1EAtl VALUE • j XMEAN 
300 IflPUT ·STANDARD DEVIATION DjSD 
350 mpUT 'X-VALUE FOR PROBABILITY CALCULATIor~ "j X 
400 RE" :CALCULATE STANDARD tJORI1AL VARIATE 
500 Z = (X - XHEAN) I SD 
600 xrl = Z 
700 AX = ABS (XU) 
800 T = 1 I (1 + .2316419 9 AX) 
900 IF AX ) 10 THEN AX = 10 
1000 DP = .3989423 8 EXP ( - AX 8 AX / 2) 
1100 P = DP 9 T 8 ((((1.330274 n T - 1.821256) 8 T + 1.781478) n T - .35 

656) 8 T + .31938) 
1200 IF XN > 0 THEN P = 1 - P 
1300 PRINT ar,EAtl VALUE= PjXHEAN 
1400 PRItlT ·STAIIDARD DEVIATIotl= "jSD 
1500 PRWT aX-VALUE= niX 
1600 PRINT ·Z= aiz 
1700 PRINT "PROBABILITY OF A VALUE LESS THAN X= "jP 
1750 PRIflT 
1760 PRWT 
1770 PRINT 
1800 ItJPUT "AtJOTHER X-VALUE? I=YES, O=tlO) ";6 
1900 IF 6 = 1 THEN 350 
2000 END 
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100 REM: PR06RAM DETAPROD-BETA PROBABILITY CALCULATION 
105 REIl: REF. HARR, 1977; HARR,19B4; VAtlZYL, CLASS IIOTES 
150 DIH XA(BI 
200 mpUT RI1EAU VALUE a; XNEAN 
300 ItlPUT ASTANDARD DEVIATION "jSD 
400 mpUT -mtIHIUI1 VALUE OF X (OR -3 sm DEVI D;A~m 

500 INPUT "HAXmUn VALUE OF X lOR +3 STD DEVI DjBMAX 
600 REH: CALCULATE COflSTAtJTS 
700 BX = I (XHEAN - AMItll I (Bt1AX - AMIN)) 
BOO BY = ISD I (DMAX - AIlW)) A 2 
900 ALPHA = (IIBX A 2) I BY) $ II - OX)) - II + BX) 
1000 BETA = (((ALPHA + 1) lOX)) - (ALPHA + 2) 
1050 PRINT 
11 00 PRINT D IflPUT DATA: D 

1150 PRWT 
1200 PRINT aHEAN VALUE= • j XHEAtl 
1300 PRINT ·STD. DEV. = -;SD 
1400 PRIIlT DHAXIlWI1 VALUE D= a j BIIAX 
1500 PRIflT aHHJII1UI1 VALUE A= DjAflW 
1600 PRINT 
1650 PRINT 
1700 PRWT BCALCULATIOtlS: D 

1750 PRIflT 
2000 PRIflT AALPHA= ";ALPHA 
2100 PRIflT aDETA= "jDETA 
2110 IF ALPHA < 0 AUD DETA < 0 THEIl PRItlT DOATHTUB DISTRIBUTIOtI-CHOOSE 

A tlIDER RAUGE AUD START OVER" 
2150 ItJPUT DEflTER All X-VALUE FOR PROBABILITY IHIT COtITROL C RETURN TO Il 

UIT OR START OVER) DjXl 
2200 REM: CALCULATE TIlE BETA FutlCTIotl, B 
2300 XU = ALPIIA + 1 
2400 60SUB 5000 
2500 A6 = 6V 
2600 Xtl = DETA + 1 
2700 60SUD 5000 
2800 B6 = 6V 
2900 XtJ = ALPIIA + DETA + 2 
2950 60SUD 5000 
3000 CG = 6V 
3100 0 = IA6 8 D6) I C6 
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3150 PRINT °BETA FUNCTION, B= ";B 
3200 XX = 1 I «BHAX - AnIN) $ B) 
3300 VV = «Xl - AlUNl I (BHAK - AmN)) A ALPHA 
3400 zz = «BHAX - X) I (BliAX - AMItIl) A BETA 
3500 FX = XX $ VV 8 ZZ 
3550 REM: CALCULATE BETA VARIATE 
3560 F = (Xl - AMIN) I (BHAK - AHIN) 
3570 GOSUB 7000 
3580 REtl: CALCULATE AREA UtlDER THE CURVE LESS THAI~ X-VALUE 
3S8S PK = UI I UL 
3600 PRINT ·X-VALUE= "jX1 
3700 PRUIT "FREQUEtlCY= QjFX 
3750 PRINT apROBABILITY= D j PK 
3760 PRIIIT 
3800 60TO 2150 
3900 60TO 10000 
4999 REtt: SUBROUTHlE GAilnA-EVALUATES GAHliA FUIICTIOII 
SOOO IF XU < = O. THEN GOTO 6700 
5100 FAC = 1. 
5200 Z = XU 
5300 IF Z = 1. THEN GOlO h500 
5400 IF Z > O. AIJD Z < 1. THEN 60TO 5800 
5500 FAC = FAC 8 Z 
5600 Z = Z - 1. 
5700 60TO 5300 
5800 FOR I = 1 TO 8 
5900 R = I 
6000 XA(I) = zAn 
6100 IIEXT I 
6200 6 = 1. - .577191652 8 XA(I) + .988205891 8 XA(2) - .897056937 8 XA( 

3) + .918206857 8 XA(4) - .7S6704078 a XA(S) + .482199394 8 XA(6) -
.193527818 8 XA(7) t .0358bB343 8 XA(e) 

b300 6V = 6 8 FAC I XU 
6400 60TO 6800 
6S00 6V = FAC I XU 
6600 GOTO 6800 
6700 PRIIlT· ILLEGAL PARAHETER-UUtlDER IS rJE6ATIVE OR ZERO· 
6800 RETURIJ 
6900 REH: SUDIlOUTHlE OUAD-6AUSSIAU OUADRATURE IUTE6RATIOtI 
7000 DEF FN e(x) = (X A ALPHA) 8 «1 - XI A DETA) 
7100 REH: ADSCISS~S fl tlEI6HT FACTORS 20-POWT 6AUSSIAlJ ItlTE6RATIOtI 
7200 DATA .076526521,.15275339,.22778585,.14917299,.37370609 
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7300 DATA .14209611,.510867,.13168864,.63605368,.11819453 
7400 DATA .74633191,.10193012,.83911697,.083276742,.9121.3443 
7500 DATA .062672048,.96397193,.04060143,.9931206,.017614007 
7550 FF = 0 
7560 PRINT aBETA VARIATE, F= -iF 
7600 X = 0 
7700 Y = F 
7800 N = 20 
7900 5 = (y - X) I N I 2 
8000 T = X + S 
8100 R = 0 
8200 REH: COtlPUTE WTEGRAL FOR EACH SUBIflTERVAL 
8250 UlVERSE 
8255 PRINT -PROGRAM RUNtmlGa 
8300 FOR I = 1 TO N 
8400 P = 0 
8500 REH: COIiPUTE SUHHATIotl FACTOR FOR EACIl SUBINTERVAL 
8600 FOR J = 1 TO 10 
8700 READ A,Bl 
8800 P = P + Bl 8 ( FN C(S 3 A + T) + FN CIT - S ; A)) 
8900 tlEXT J 
9000 RESTORE 
9100 R = R + P 8 S 
9200 T = T + 2 8 S 
9300 tlEXT I 
9350 tJORliAL 
9360 IF FF = 1 THEtJ 60TO 9700 
9400 UI = R 
9600 FF = A 

9640 F = 1 
9650 GOTO 7600 
9700 UL = R 
9800 RETUlUJ 
10000 PRIfJT ·PROGRAH CO~PlETED· 
10100 EIJD 
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100 REM: CDPROB-CAPACITY DEHArJD PROBABILITY 
200 REN: T~IS PROGRAM CALCULATES THE PROBABILITV OF FAILURE 
300 RH1: FOR A CAPACITY-DEI1ArJD PROBLEM ASSUtlING THE SAFETY 
400 REtt: tlAR6HJ IS A 1I0RtlAL DISTRIBUTION. 
500 REM: REF. ArlBRAI10l'lITZ AND STE6UtI, 1968; HARR, 1987 
600 INPUT ""EAN CAPACITY "iC 
700 INPUT ·STArIDARD DEVIATION OF CAPACITY "; SC 
BOO INPUT DrlEAtl DEtlArJD • j D 
900 WPUT "STAIIDARD DEVIATION OF DEIlAUD "iSD 
1000 INPUT ·CORRELATIOII COEFFICIEflT BETtJEEtJ C ArID D 10=tJO CORRELATIotUO 

i R 
1100 REM: CALCULATE THE STANDARD NORUAL VARIATE 
1200 VC = SC h 2 
1300 VD = SD h 2 
1400 Z = IC - D) I I S9R (VC + VD - 12 8 R 8 SC 8 SD))) 
1500 m = z 
1600 AX ~ ABS (XU) 
1700 T = 1 I (1 + .2316419 8 AX) 
1800 IF AX > 10 THEil AX = 10 
1900 OP = '.3909423; EXP I - AX a AX I 2) 
2000 P = DP 8 T 8 ((((1.330274 8 T - I.B21256) n T + 1.7814781 8 T - .35 

656) 8 T + .31938) 
2100 IF XN ( = 0 THEil P = 1 - P 
2200 PRUIT "HEArl CAPACITY= "ie 
2300 PRINT aVARIANCE OF CAPACITY= DiVC 
2400 PRUIT "t/EAN DErlAtJD= DjD 
2500 PRINT ·VARIANCE OF DEt/AND= DiVD 
2600 PRUIT ·CORRELATIDrI COEFFICIEflT BETUEEtI C tUID D= "iR 
2b50 PRHIT "tlORI1AL VARIATE Z= "j Z 
2700 PRItIT 
2800 PRItlT "PROBABILITV OF FAILURE= "jP 
2900 ErlD 
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100 REtl: PR06RAll OLI<FLH-COATES' BLOCK FLotl STABILITY AtlALYSIS 
200 REn: THIS PR06R/Ul CALCULATES PROBABILITY OF FAILURE USJfJ6 
300 REM: TIlE IiETlIDD OF COATES AtlD YU, 1978. IflSTABiLITV IS 
400 REK: ASSU~ED TO DE DUE TO THE BREAKDOHlI OF TIlE ROCK SUBSTANCE 
500 REM: REF. COATES AND VU, 1978, CArmET REPORT 78-10. 
600 PRINT D88S8a888Sa8S8S8S8888888888888S8a88888888888888888888a 

700 PRWT D8 CHOOSE RATIO K OF HORJZOtlTAL TO VERTICAL STRESS sa 
800 PRUIT as PLAtlE STRAW COUDITIOrlS HIO IlALl CURVATURE) 8n 

900 PRINT a8888~98888S8$9i8888'O*888888$88888$8088888.388888S8ad 
1000 PRINT D8 8D 

1100 PRUlT"~ .3 HORJZOiJTAL 1/3 OF VERTICAL SD 
1200 PRIIJT DS.5 HORIlot/TAL 112 OF VERTICAL sa 
1300 PRItJT"S 1 HYDROSTATIC STRESS FIELD O· 
1400 PRWT"8 2 HORIZONTAL 2 TmES VERTICAL aa 
1500 PRItlT 18 3 IlORJZOIJTAL 3 TItlES VERTICAL sa 
1600 PRI"T D8 Sa 
1700 fRINT "8888888888888~8808888$808$6888388088*888888808888888D 
1800 PRWT 
1900 PRINT 
2000 IIJPUT oK-RATIO D;KR 
2100 INPUT aSLOPE Atl6LE °jA 
2200 IrJPUT anEAt! UtlJAXJAL COIlPRESSIVE STREfJ6TH 1;119 
2300 W?UT °STAtlDARD DEVIATJOlI OF COHPRESSIVE STREN6TH o;SO 
2400 IfJPUT aROCK DEfJSITV °jR6 
2500 IF I{R = .3 THEtJ 3000 
2600 IF I<R = .5 THEtl 3500 
2700 IF I<R = 1 THEil 4100 
2800 IF KR = 2 THEN 4700 
2900 IF KR = 3 THEil 5300 
2950 RElI: rlUHERICAL ~pPIl!)XmATIotIS TO COATES AIID VU CURVES 
3000 PRIfJT al(=1/3° 
3100 VI = .00012647513 8 A A 2 + .010149260389 0 A - .09780994062 
3200 tlV = VI 
3300 SV = VI I 2 
3400 GOTO 5900 
3500 PRWT O!{=II2D 

3600 VI c .000010073617 S A A 2 + .04561163764 8 A + .0707105369 
3700 V2 c .00012647513 n A A 2 + .010149260309 8 A - .09780994062 
3BOO UV = VI 
3900 SV = VI - V2 
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4000 60TO 5800 
4100 PRItIT DI(=I° 
4200 VI = - .00035368452 8 A h 2 + .10355925357 0 A + 1.048418559 
4300 V2 = .000018073617 $ A h 2 + .04561163764 $ A + .0707185369 
4400 nv = VI 
4500 SV = Yl - V2 
4600 60TO 5800 
4700 PRItH "1<=2" 
4800 V1 = - .001179854529 0 II h 2 + .2350110204 ~ A + 1.649922858 
~900 V2 = - .00035368452 8 A h 2 + .10355925357 0 A + 1.048418559 
5000 nv = VI 
5100 SV = V1 - V2 
5200 60lD 5800 
5300 PRWT °1(=3" 
5400 VI = - .001737124384 0 A h 2 + .3203188596 8 A + 3.04443465 
5500 Y2 = - .001179854529 S A h 2 + .2350110204 S II + 1.649922858 
5600 IIV = VI 
5700 SV = VI - V2 
5800 IIH = flO I (R6 * tlV) 
5900 SH = liH 0 son «SO I fm) h 2 + ISV I flY) h 2) 
6000 PRWT D~EAtI V (COHPARE HIm COATES ArlO VU CHART)= D;I1Y 
6100 PRIIIT DSTAtlDAARD DEVIATION OF V= D;SV 
6200 PRUIT 
6300 PRUIT DHEAII CRITICAL SLOPE HEI6HT= °;1111 
6400 PRUIT ·STA!IDARD DEVIATION OF CRITICAL HEIGHT= "jSH 
6500 PRUIT 
6600 PRIIIT 
6650 REM: CALCULATE PROBABILITY FROH STAtJDARD NORHAL DISTRIDUnOtI 
6700 PRHIT DEVALUATE PRODABILITV BV ErHERIN6 A SLOPE HEI6HT: D 

6800 IrJPUT ·SLOPE HEIGHT DjX 
6900 Z = (X - liH) I SH 
7000 AX = ADS (Z) 
7100 T = 1 I (1 + .2316419 8 A~) 
7200 IF AX > 10 THEil AX = 10 
7300 DP = .3909423 n EXP ( - ox S AX I 2) 
7400 P = DP 0 T 8 ««1.330274 a T - 1.821256) a T + 1.701478) 8 T - .35 

656) n T + .31930) 
7500 IF Z > 0 TllEtJ P = 1 - P 
7600 PRINT 
7700 PRIflT DSLOPE IIEI6IlT= .. ; X 
7000 PRWT DSLOPE A!IGLE= DjA 
7900 PRItlT ·PRODADILITV OF FAILURE= D;p 
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8000 PRWT 
8100 6010 6800 
8200 Etm 

285 



100 REI1: PROGRAIl COATES-A PROXHIATE ANALYSIS FOR ROTATIONAL SHEAR 
200 REIl: FAILURE IN HOM06EflEOUS SOIL-LIKE MATERIALS. 
300 REM: REF. SUPPL. 5-2 CANtlET PIT SLOPE I1AtlUAL, 1977. 
400 DIH PF(50),P(50) 
500 ItIPUT ·SLOPE HEIGHT "jH 
600 HlPUT 'STAI/DARD OEVIATIOtJ OF SLOPE HEIGHT "iSH 
700 IIIPUT "ROCK DENSITY ";G 
BOO INPUT "STAfIDARD DEVIATION OF ROCK DENSITY liS6 
900 INPUT IHEIGHT OF HATER ABOVE TOE ";D 
1000 INPUT "STANDARD DEVIATIOU OF UATER AnOVE TOE DiSD 
1100 INPUT aSURCHARGE Drl SLOPE W=llOtlE) ";9 
1200 WPUT ·STAtlDARD DEVIATIOtl OF SURCHARGE D;So 
1300 WPUT "rlEAN COIIESION ";C 
1400 INPUT "STAfJDARD DEVIATIotl OF COHESIotJ DiSC 
1500 INPUT DUEnt! FRICTION Atl6LE "jF 
1600 INPUT "STAIIDARD DEVIATIOfJ OF FRICTIOU At/GLE 8 j SF 
1700 REM: CALCULATE THE CRITICAL SLOPE ANGLE AT t1HICH SLIDItJ6 HILL JUS 

T 
1900 REn: OCCUR BASED ON THE "EAU VALUES. 
1900 REn: CALCULATE THE STAUDARD DEVIATIOfi OF THE CRITICAL SLOPE AlJGLE 

2000 HH = 6 8 H 
2100 sn = SOR (6 A 2 0 SH A 2 + H A 2 8 56 A 2 + 56 A 2 B SH A 2) 
2110 nH = HH + Q 
2120 st! = SOR (SH A 2 + SO A 2) 
2200 ns = C I tlH 
2300 SS = 1 I I1H A 2 B SOR IC A 2 0 Sit A 2 + HH A 2 3 5t A 2) 
2400 114 = 445 0 HS 
2500 S4 = 445 8 SS 
2600 1m = D I H 
2700 59 = 1 I H A 2 3 SOR ID A 2 8 511 A 2 + H A 2 8 SD A 2) 
2000 113 = .3 n UD 
2900 S3 = .3 8 SD 
3000 III = 1.2 - 113 
3100 51 = S3 
3200 UP = F a 111 
3300 SP = SOR IF A 2 n 51 A 2 + HI A 2 3 SF A 2 + SF A 2 8 51 A 2) 
3400 IIA = tl4 + UP - 7 
3500 SA = SOR (54 A 2 + SP A 2) 
3550 PRIIIT 
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3600 PRWT PtlEAtl SLOPE ml6LE= D;IlA 
3700 PRIIlT ·STnUDARD DEVIATIOtl OF SLOPE AtlGLE: ";SA 
3800 PRlflT 
3900 PRWT apRODABILITV OF FAILURE USJtl6 06IVE CURVE: D 

4000 PRWT ·SLOPE AtJ6lE PROD. OF FAIlURP 
4100 J = 1 
4200 FOR I : 0 TO 90 STEP 5 
4250 AA = 1H1A $ (SA I 45 - 11 t l) n (45 I SAl - IIAI 
4300 AA: SIN (AA I 57.29501 
4350 PF(JI : .45 8 AA t .5 
4400 IF I ) WA t 2 8 SAl TllEtI PF(J) = .95 
4500 IF I < WA - 2 8 SAl THEtJ PF(J) = .05 
4600 J : J + 1 
4700 NEXT I 
4BOO J : J - 1 
4900 FOR K = 1 TO J 
5000 PRltlT IUT «K - 1) 8 5),PF(K) 
5100 NEXT K 
5200 PRJrlT 
5300 PRJUT ·PRODADllITV OF FAILURE USJt!6 NO/mAL DISTRIDunOtI:· 
5400 PRItlT ·SLOPE AU6LE PROD. OF FAILURE" 
5500 J = 1 
5600 FOR I : 0 TO 90 STEP 5 
5700 Z = (tlA - I) I SA 
5800 AX = ADS (2) 
5900 T = 1 I (1 + .2316419 8 AX) 
6000 IF AX > 10 THEN AX = 10 
6100 DP = .3989423 a EXP ( - AX 8 AX I 2) 
6200 P(J) = DP 8 T n ««1.330274 n T - 1.021256) a T + 1.78143B) n T -

.35656) 0 T + .31930) 
6300 IF Z ( 0 THEU P(J) = 1 - P(J) 
6400 IF P(J) ) .999 THEN P(J) = .999 
6500 IF P(J) < .001 THEN P(J) : .001 
6600 J = J + 1 
6700 tJEXT I 
6BOO J = J - 1 
6900 Fon K = 1 TO J 
7000 PRItJT IUT «K - 1) n ~),P(K) 
7100 !lEXT I< 
7200 EtlD 
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100 REIl: PR06RAtl STEP"STEP-PATH AtJ6LE APPROXIIIATIotl 
200 ItlPUT "I1EAtl LEtlGTH OF flASTER JOmT SET a;l 
300 INPUT "ItEMI SPACItl6 OF HASTER JOJUT SET D; S 
400 IIIPUT "f/EAU DIP OF flASTER JOmT SET ";D 
500 I1IPUT DIIEAU DIP OF CROSS JOWT SET DiCD 
550 IfJPUT ·PERCEln OVERLAP (AS A DECIHAL DETtlEEN 0 ~UD 1) .; V 
800 C = (CD - DI I 57.29576 
900 X = S I TAN IC~ 

1000 Y = II - VI 8 l 
1100 Z = S I IV + X) 
1200 A = ATtI (ZI 8 57.29576 
1300 B = D + II 
1350 PRINT 
1400 PRItJT uSTEP-PATH Atl6LE= ";B 
1500 EIJD 
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10 REII :PR06RAI1 STEPPOWTEST - pomT ESTII1ATE CALCULATIOtI FOR 
20 REII :STEP-PATII Im6LE DISTRIBunON 
100 INPUT aHEntl DIP OF W\STER JOIIU SET D;I1D 
200 ItlPUT ·ST/UIDARD DEVIAnOiI OF ItASTER JOHIT DIP DiSD 
300 mpUT GHEnt! SPACltJ6 OF HASTER JOWT SET G j IlS 
400 WPUT ·STeltJDARD DEVIATIorl OF SPACIIl6 DiSS 
500 INPUT allEAN LEtJ6TH OF MASTER JOmT SET DiHL 
600 WPUT DSTIUJDARD DEVIATIOil OF LEll6TH ajSL 
700 W?UT "HEAU DIP OF CROSS JOmT SET DjrlC 
BOO IIlPUT "STAtIDARD DEVIAnm: OF CROSS JOHlT DIP DiSC 
900 WPUT DI1EAii PERCEtlT OVERLAP <DECII1AL DETUEEfl 0 ArID 1) "; IiV 
1000 HlPUT DSTAtlDARD DEVIATIOtI OF OVERLAP "iSV 
1100 D :: 110: 5 = {lS: L = I1L: C :: IlC:V :: IiV 
1200 PRHIT DRESULTS FRO;J flEA!! VALUES :0 
1300 60SUB 5000 
1400 tl :: 0 
1450 PRHlT 
1460 PRIrlT apOHlT ESTIHATE CIlLCULATIOtlS :. 
1500 FOR I :: 1 TO 2 
1600 IF I :: 1 TlIEt! 0 :: IlD + 50 
1610 IF I :: 2 TtlEr! D :: lID - SO 
1620 IF D ( 0 THEN D :: 0 
1700 FOR J :: 1 TO 2 
1710 IF J :: 1 THEU 5 :: fiS + 55 
1720 IF J :: 2 THEtl 5 :: tiS - S5 
1730 IF 5 < 0 THEil S :: 0 
1000 FOR K :: 1 TO 2 
1810 IF I< :: 1 TIlEtJ L :: lit + SL 
1920 IF I{ :: 2 TIIErl l :: III - SL 
1030 IF L < 0 TIIEtl l :: 0 
1900 FOR P :: 1 TO 2 
1910 IF P :: 1 TIlEr! c :: fiC + se 
1920 IF P :: 2 TIIEtl C :: HC - se 
1930 IF e < 0 111ft! e :I 0 
2000 FOR 0 :: 1 TO 2 
2010 IF 0 :: 1 TtIEfl V :: nv + sv 
2020 IF 0 0 2 n:Er~ v :: IiV - SV 
2030 IF V < (\ TIIEtl V = 0 
3900 GOSUD 5000 
3010 tlEXT 0 
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3020 !lEXT P 
3030 IlEXT K 
3040 tJEXT J 
3050 hEXT J 
3060 nD = SD I II 
3070 VB = (BD I H) - (WD A 2) 
30BO tV = « S9n (VBI) I flB) 8 100 
3090 PRINT 
4000 PRWT DhEAN STEP-PATH At16LE= D; flB 
4010 PlmlT DWiRIAflCE OF STEP-PAm IH!GLE= ";VD 
4020 PRWT ·STAtIDARD DEVIATIOtI OF STEP-PAnI Atl6LE= D; SOil (VB) 
4030 pnWT DCOEFFICIEflT OF VIlRIATIml= D;CV 
4040 1i000 9000 
5000 tJ = (C - DI I 57.29578 
5010 X = 5 I TAtl WI 
5020 V = (1 - V) 8 l 
5030 Z = 5 I (Y + X) 
5040 A = Iml m 8 57.29578 
5050 B = D + A 
5060 SO c 5B + B 
5070 DB = DB + D A 2 
50BO tJ = tl + 1 
5090 PRI~T Il,D,5,L,C,V,B,D A 2 
6000 RETURN 
9000 EtlD 
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10 REH :PR06RAH PDt1ERSTEP-PROBABILITY OF FAILURE CALCULATIOtI USIIlG 
20 REM: JAEGER'S SAFETY FACTOR ElllJATIotJ FOR STEP-PATH 
30 RE~ :FAILURE REF. JAE6ER, 1971, PP. 123-124. 
100 INPUT "HEAN STEP-PATH ANGLE DjHB 
200 INPUT "STANDARD DEVIATION OF STEP-PATH AN6LE ";SB 
300 INPUT IDIP OF t1ASTER JOmT SET D j D 
500 INPUT DDIP OF CROSS JOINT SET ";C 
610 IrJPUT IK-PARAtlETER FROIl POHER REGRESSION (psi urmS) IjK 
620 HlPUT ntl-PARAt1ETER FROIi POMER RE6RESSI0I4 (psi UUITS) a j 11 
630 INPUT "SLOPE OF STD. DEV. LINE-LO~ NORMALS a;LS 
640 INPUT "INTERCEPT OF STD. DEV. LINE-LOU NORMALS D;LI 
650 ItlPUT ·SLOPE STD. DEV. LItlE-HIGH flORtlALS D;HS 
660 INPUT aINTERCEPT OF STD. DEV. LINE-HI6H rlORMALS njHI 
670 INPUT DTRAtJSITIOfJ fIORt1AL STRESS (BOutIDARY psi UUITS) "; TIl 
700 INPUT aROCK DENSITY (pcf) D;RG 
800 GI1 = 62.4 
900 IIlPUT "SLOPE HEI6HT (feet) D;H 
1000 IUPUT aHEIGHT OF HATER ABOVE TOE (feet) a;HH 
1050 ItIPUT "STARTItJ6 SLOPE ANGLE ";AS 
1060 IUPUT IEtJaWG SLOPE AIIGLE a;EZ 
1100 INPUT "INCREMENT OF SLOPE ANGLE FOR PROBABILITY CALCULATION (USUAL 

LY 2 DEG) a;IS 
1105 BS = AS - IS 
1110 FOR I = AS TO EZ STEP IS 
1115 PRINT 
1116 PRItlT 
1120 PRINT DAN6LE"; SPC( 9);"BETAD; SPC( 17);aps"; SPC( 16);"PBD; SPC( 

14);"PP 
1130 FOR B = BS TO 90 STEP IS 
1140 IF B) = I THEN 5100 
1200 REH :CALCULATE tlEI6HT OF SLIDING BLOCK 
1240 Al = (I - B) I 57.29578 
1250 I = I I 57.29578:D = B I 57.29578 
1260!1 = .5 ~ R6 a (H A 2) ~ SIN (AI) n (1 I SIN (I)) 8 (1 I SIN (B)) 

1265 IF H < 0 THEN U = 0 
1295 I = I 8 57.29578:B = B n 57.29578 
1350 REIl: CALCULATE THE LEtl6T11 OF TilE FAILURE PATH 
1480 A2 = C - B:A3 = C - D 
1490 A2 = A2 I 57.29578:A3 = A3 I 57.29578 
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1495 B = B / 57.29578 
1500 LP = H ~ (t / SW ID)) 8 SIrI IA2) • (1 / SIN IA3)) 
1540 B = B a 57.29578 
1626 REtl: FROIl HOEK MID BRAY, 1981, P.184 
1629 RE~: CALCULATE UATER FORCE ON FAILURE PLANE 
1630 B = B I 57.29578 
1640 U = .25 • 6H a IHH A 2) 8 II I SIN IB)) 
1650 B = B * 57.29578 
1700 D = D / 57.29578 
1710 NF = "* COS ID) 
1720 NS = lIN 8 COS (D) - U) I LP) 
1730 IF tIS < 0 THEN US = 0 
1735 NS = NS I 144 
1900 REH :CALCULATE DRIVItl6 STRESS 
1910 DF = N 8 SIN (D) 
1920 DS = (IU $ SIN ID)) I LP) 
1930 DS = DS I 144 
1980 D = D 8 57.29578 
2030 REN :CALCULATE THE RESISTIN6 STRESS 
2040 TS = K C INS A H) 
2050 IF tiS ( Ttl THEN 2100 
2060 ST = HS * tiS + HI 
2070 60TO 5000 
2100 ST = LS 8 tiS + LI 
4910 REH: CALCULATE SAFETY FACTOR 
4915 IF DS = 0 THEN FS = 10 
4916 IF DS = 0 THEN 4950 
4920 FS = TS I DS 
4940 REH: CALCULATE PROBABILITY OF 5LIDIII6 
4950 X = DS:XH = TS:SX = ST 
4960 6DSUD 5200 
4970 PS = P 
4990 X = B - lIS I 2):XH = HB:SX = 5B 
5000 60SUB 5200 
5010 Dl :: P 
5020 X = B + 115 I 2):XH = IlB:5X = 5B 
5030 60SUD 5200 
5040 B2 = P 
5050 PB = 02 - 01 
5070 PF = PB 6 PS 
5080 PRINT I,O,PS,PB,PF 
5090 PI = PI + PF 
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5100 tlEXT D 
5105 PRIIlT 
5110 PRINT ·SLOPE HEIGHT: ";H 
5115 PRINT "HEIGHT OF tiATER ABOVE TOE= "jHH 
5120 PRIflT "SLOPE AflGLE= ";1 
5130 PRIIlT ·PROBABILITY I1F FAILURE= "iP! 
5135 PRINT 
5140 PI : O:PF : 0 
5150 NEXT I 
5160 60TO 9000 
5200 REH: SUBROUTINE NORHPROD 
5210 Z ~ (X - XH) I SX 
5220 Xtl : Z 
5230 AX: ABS (XU) 
5240 T : 1 I (1 + .2316419 8 AX) 
5250 IF AX > 10 THEN AX = 10 
5260 DP : .3989423 8 EXP ( - AX 8 AX I 2) 
5270 P : DP e T 8 ((((1.330274 8 T - I.B21256) $ T + 1.7BI478) 8 T - .35 

656) 8 T + .31938) 
5280 IF XU > 0 THEN P = 1 - P 
5290 RETURN 
9000 INPUT "ANOTHER SLOPE HEIGHT ? I1=YES, O=NOl"; 60 
9010 IF GO ( > 0 THEN 900 
9020 END 
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10 REH: PROiiRAi1 SUIUfI6-CLASnC ii~tli.r5IS FOR ItiTERBLfiCK SLiDiN6 
20 REt!: ASSUHES FULL ARCHIU6 COtJDITlotlS AND CALCULATES SAFETY 
30 REM: FACTOR AND PROBABILITY OF SLIDIN6 ALON6 BASE OF SLOPE. 
40 REIl: REF. TROLLOPE (1968,1975). 
100 INPUT "llEAN SYSTONE AN6LE • ;tlA 
200 INPUT ·STAUDARD DEVIATIOII OF SYSTor~E AIISLE .; SD 
400 IIlPUT "ROCK DEtlSITY (pcf) ";R6 
500 UG = 62.4 
600 INPUT DI(-PARAIlETER FROIl PO~ER RE6RESSION (psi) I;K 
700 UJPUT "M-PARAMETER FROM POHER REGRESSIOtI (psi) "jM 
800 W?UT "SLOPE OF STD. DEV. LItlE-LON tlORMALS ";LS 
900 ItlPUT "IIJTERCEPT OF STD. DEV. LItlE-LOU NORMALS ";L1 
1000 ItlPUT "SLOPE OF STD. DEV. LItIE-HI6H tlORHALS ";HS 
1100 ItJPUT "ItlTERCEPT OF STD. DEV. lItlE-HIGH NORMALS "jHI 
1200 INPUT aTRANSITIDtI NORI1AL STRESS (psi) "; Ttl 
1250 IfJPUT apERCEtJT OF ROCK FROM SIZE DISTRIBUTION (decioall n;RP 
1300 ItJPUT aSLOPE HEI6HT (feet) ajH 
1400 ItJPUT -tlATER A!l6LE-tlATER SURFACE RISES L1tIEARLY FROM TOE "jtl 
1450 ItJPUT "HAX. HEI6HT OF tlATER ABOVE TOE (feet) "jUL 
1500 It/PUT ·SLOPE ANGLE ajl 
1550 IF tl ) I THEN tl = I 
1600 REI!: ASSUt1E FULL ARCHWG CONDITIDtIS 
1700 REM: CALCULATE STRESSES ALONG BASE OF SLOPE 
1800 REH: USE POWT ESTWATES TO CALCULATE SHEAR STRESS 
1810 0 = o:rl = 0:51 = 0 
1900 FOR AA = 1 TO 2 
1910 IF AA = 1 THEN A = HA + SD 
1920 IF AA = 2 THEtJ A = HA - SD 
1930 IF A ( 0 THEN A = 0 
1940 A = A I 57.29578 
1950 Xl = R6 $ H $ TAN (A) 
1960 n = A 8 57.2957B 
1970 TI = TI + Xl 
1980 SI = SZ + XZ A 2 
1990 tl = II + 1 
2000 NEXT AA 
2010 AM = TZ I tJ 

2020 VA = (SI I Ul - (All A 2) 
2030 SA = san (VA) 
2035 AU = Ali I 144 
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2036 SA = SA I 144 
2039 PRmT 
2040 PRUIT 'MEAU Xl SHEAR STRESS= 'i All 
2050 PRUIT ·STAUDARD DEVIATIml OF Xl SHEAR STRESS= liSA 
2100 REIl: USE POHIT ESTIMATES TO CALCIJLATE HORIZotnAL STRESS 
2110 fI = 0:0 = O~HH = 0 
2120 FOR BB = 1 TO 2 
2130 IF DB = 1 THEr~ A = HA + SD 
21¢0 IF BB = 2 THEN A = itA - SD 
2150 IF A ( 0 THEN A = 0 
2160 A = A I 57.2957B:I = I I 57.2957B 
2170 HX = R6 8 H 8 TAtI (A) a (1 I TAN (I)) 
2100 A = A 3 57.29570:1 = I 857.2957B 
2190 9 = (J + UX 
2200 HH = HH + HX A 2 
2300 U = rJ + 1 
2400 flEXT BB 
2500 1m = Q I tJ 
2510 VH = !HH I tlI - !Hit 1\ 2) 
2520 SH = SQR (VIII 
2530 HM = HIl I 144 
2531 SH = SH I 144 
2539 PRINT 
2540 PRINT 'HEArl HORIZONTAL STRESS= ·iHH 
2550 PRIIlT 'STAtJDARD DEVIATIOtl OF HORlZotHAL STRESS= • i SH 
2600 REM: CALCULATE VERTICAL STRESS 
2610 HV = R6 8 H 
2700 REIl: CALCULATE HEI6HT OF tiATER nBOVE POINT B 
2705 REH: ASSUtlES tlATER SURFACE RISES LIIIEARL V AT AN6LE Ii FROB TOE 
2710 tl = II I 57. 2957B:I = I I 57.2957B:HA = HA I 57.2957B 
2720 ZU = TA~ (U) 8 ((H I TAN (I)) - (H * TAN (HA))) 
2722 IF ltl ( 0 11:Ea ztl = 0 
2723 IF ztl > III THEIJ lIJ = tll 
2725 PRWT 
2730 PRIIIl "IIEI6HT OF !lATER ABOVE POWT B= Diztl 
2740 tI = I) n 57.29578: I = I 8 57.29578: IIA = IIA a 57.29578 
2750 REH: CALCULATE EFFECTIVE fJORilAL STRESS 
2760 U = U6 n Ztl 
2770 Etl = HV - U 
2775 EN = Ell I 144 
2790 IF EN ( 0 THEil EN = 0 
2790 PRUlT 
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2795 PRUlT "EFFECTIVE rlORMAL STRESS= "jEN 
2800 REIl: CAI.CULATE SHEAR STREI16TH DISTRIBUTION 
2810 T5 = K 3 (Ell " fl) 

2820 IF EfJ < Ttl THEil 2900 
2830 ST = HS 8 EU + HI 
2840 GOTO 2950 
2900 ST = LS 8 Ell + LI 
2950 PRINT 
3000 PRINT "HEAIl SHEAR RESISTANCE= aiTS 
3010 PRWT ·STArJDARD DEVIATION OF SHEAR RESISTAllCE= '; ST 
3100 REM: CALCULATE SAFETY FACTOR 
3110 FS = TS I AM 
3115 PRmT 
3120 PRWT ·SAFETY FACTOR= "jFS 
3200 REf1 :CALCULATE PROBABILITY OF SLIDWG 
3210 VC = 5T " 2 
3220 VD = SA " 2 
3230 C = TS 
3240 D = All 
3250 Z = (C - D) I SOR (VC + VD) 
3260 xrl = Z 
3270 AX = ADS mu 
3280 T = 1 I (1 + .2316419 8 AX) 
3290 IF AX > 10 THErl AX = 10 
3300 DP = .3909423 n EXP ( - AX a AX I 2) 
3310 P = DP n T n ((((1.330274 3 T - 1.821256) $ T + 1.781478) 8 T - .35 

656) n T + .31938) 
332" IF XU ( = 0 THEtJ P = 1 - P 
3321 PRWT 
3322 PRWT aSLOPE !lEIGHT= ajH 
3323 PRINT 'SLOPE ANGLE= ajl 
3324 PRWT 'fJATER AtJ6LE= aill 
3325 PRWT "IIEI6HT OF tlATER ABOVE POlllT B= • j Ztl 
3326 PRWT 
3330 PRmT "UEntl CAPACITY= • j C 
3340 PRWT DSTntJDARD DEVIATIOfJ OF CAPACITY= D j SQR (ve) 
3350 PllmT DIlEIHI DEIlArsD= D; D 
3360 PRIfIT DSTArJDARD DEVIATIOtJ OF DEUAlJD= '; SOR (VD) 
3370 PRIIlT "flORilAL VARIATE Z= D j Z 
3300 PRIOT "PROBABILITY OF IUTERBLOCK SLIDING= ajP 
3390 PRmT "PROBABILITY OF OCCURRENCE OF ROCK BLOCKS= ajRP 
3400 PRIIlT ·PROBABILITV OF FAILURE WEIGHTED BY SIZE DIST.I= ajP 8 RP 
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5000 PRWT 
5010 INPUT DAtlDTlIER SLOPE 6EOtlETRY ? (1=YES, O=tlO) ";60 
5020 IF 60 < > 0 THEil 1300 
5030 END 
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10 REf!: PR06RAII ROLLW6-CLASTIC AtJALYSIS FOR KItlK BAUD BLOCK 
20 REN: ROTATIotl USIfl6 LADAUYI Arm ARCHAnBAULT'S EQUATION 
30 REf!: 110DIFIED BY HOEK ArlO BRAY 1981, PP. 104-105. 
100 WPUT ""Elltl CO!1PRESSIVE STRENGTH (psi) .; MC 
150 ~C = IIC * 144 
200 ItIPUT "STAt/DARD DEVIATlotl OF COMPRESSIVE STRENGTH ";SC 
250 SC = SC a 144 
300 lfIPUT "MEArI TEUSILE STREN6TH (psi! ";TT 
350 TT = TT 8 144 
400 INPUT "STANDARD DEVIATIOtJ OF TENSILE STREt/GTH ";ST 
450 ST = ST 8 144 
500 INPUT "I1EAN DILATAtlCY AN6LE (SYSTONE AIl6LE) ";110 
600 HlPUT "STANDARD DEVIATIOrJ OF DILATAtJCY AU6LE ";SO 
700 INPUT "UEAN JOHlT COHESION (psi) ";HJ 
750 IIJ = HJ 8 144 
BOO ItlPUT" STArmARD DEV I A TI Ot, OF J 0 HIT COHES ION "; SJ 
050 SJ = SJ * 144 
900 INPUT "'lEAt! COEFFICIENT OF JOIIlT FRICTlOfI ";I1F 
1000 ItlPUT "STAIlDARD DEVIATIOII OF FRICTION COEFFICIEIIT .; SF 
1010 INPUT onEAll L-PARAI1ETER ";IlL 
1020 ItJPUT "STANDARD DEVIATlOtI OF L-PARAliETER ";SL 
1030 INPUT "K-PARAIlETER /uSUALLY 5 FOR ROLLItlG BLOCKS) "; XK 
1040 ItlPUT· DEGREE OF ItlTERLOCK IrIG /uSUALLY. 5 FOR ROLLI NG BLOCKS) "; X I 

1050 UJPUT "ROCK DEIISITY (pcf) "jRG 
1055 IIIPUT "PERCEllT OF ROCK FRO II SIZE DISTRIBUTION (decioal) a;RP 
1060 mpUT "SLOPE HEIGHT (feet) ";HS 
lOBO REU: CALCULATE rmRflAL STRESS 
1005 REIl: ASSUHES FULL ARCHW6 CONDITIONS 
1090 V = R6 * HS 
1510 C = UC:T = TT:D = HD:CJ = IlJ:F = HF:XL = 11L 
1520 F = ( AnJ IHF» 8 57.2958 
1550 PRmT "RESULTS FROII nEAtl VALUES:" 
1552 PRmT 
1555 PRWT PIl"; SPC( 15)j"COi-1P STu; SPC( 9Ij"TErJS SPj SPC( 6Ij"DILATAIJ 

CY"; SPC( 9);DJT COHo; SPC( 11);"JT PHI"; SPC( 111;"LDj SPC( 13);"5H 
EAR"; SPC ( 11); D SHEAnSO· 

1600 60SUD 9000 
1650 PRItlT 
1660 PRIIIT "RESULTS FROH POINT ESTIlIATE :. 
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1700 II = 0 
1750 S = 0:55 = 0 
1800 PRJIIT 
1810 FOR H = 1 TO 2 
1820 IF H = 1 THEN e = He + se 
1830 IF H = 2 THEN C = 11C - SC 
1835 IF e ( 0 THEN e = 0 
1840 FOR I = 1 TO 2 
1850 IF I :: 1 THEN T = TT + 5T 
1860 IF I = 2 THEN T = TT - 5T 
1865 IF T ( 0 THEN T = 0 
1870 FOR J = 1 TO 2 
1880 IF J = 1 THEN 0 = HD + SO 
1890 IF J = 2 THEil D = 1m - 50 
1895 IF 0 ( 0 THEN D = 0 
1900 FOR K = 1 TO 2 
1910 IF K = 1 THEil CJ = nJ + SJ 
1920 IF K = 2 THEN CJ :: nJ - SJ 
1925 IF CJ ( 0 THEtI CJ = 0 
1930 FOR L = 1 TO 2 
1940 IF l = 1 THEN F = nF + 5F 
1950 IF l :: 2 THEN F = HF - SF 
1955 IF F < 0 THEN F :: 0 
1956 F :: ( ATII (F)) $ 57.2958 
1960 FOR n = 1 TO 2 
1970 IF H :: 1 THEil Xl = ML + 5l 
1980 IF It = 2 THEM Xl = III - Sl 
1985 IF Xl ( 0 THEtJ Xl = 0 
1990 60SUB 9000 
2000 NEXT H 
2020 tJEXT l 
2040 UEXT K 
2060 flEXT J 
2080 tlEXT I 
2100 NEXT H 
3750 HT = 5 I fJ 
3760 VT = (SS I Nl - HIT A 2) 
3770 CV = (( SOR (VTl) I BTl n 100 
3700 SV = SOR (VT) 
3701 itT = I1T I 144 
3792 VT = VT I 144 
3783 SV = SV I 144 
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3790 PRIIIT 
3000 PRWT D~EAtI SHEAR STREtl6TH: lillTio psi D 
3010 PRINT ·STArlDARD nEVIATIotl OF SHEAR STREtI6TH:: a; SVi· psi· 
3830 REt!: CALCULATE SHEAR STRESS USW6 POHlT ESTIHATES 
3840 REt!: ASSUIlE FULL ARCIUtJ6 COIJDITIOUS 
3850 REt!: CALCULATE SHEAR STRESS ALOtl6 BIlSE OF SLOPE 
3860 U : O:TI : O:SI : 0 
3870 FOR AA : 1 TO 2 
30BO IF AA : 1 THEN 0 : flD + SD 
3890 IF An :: 2 THEU B :: flD - SD 
3900 IF 0 < 0 THEN 0 = 0 
3910 B :: B I 57.29578 
3920 Xl :: R6 a HS 8 TAN (0) 
3930 B :: D 8 57.29578 
3940 TZ :: TZ + Xl 
3950 Sl :: SZ + Xl A 2 
3960 N : fJ + 1 
3970 tlEXT AA 
3980 HZ : TI I N 
3990 VZ : (Sl I tI) - (MI A 2) 
4000 DI: SGR (VZ) 
4010 til :: til I 144 
4020 DI : DI I 144 
4030 VI :: VZ I 144 
4035 PRIIH 
4040 PRUlT °t1EAU SHEAR STRESS: °jHZi ° psi I 
4050 PRItJT ·STAtJDARD DEVIATION OF SHEAR STRESS: • i DZ j D psi· 
40bO REll: CALCULATE SAFETY FACTOR 
4070 FS = NT I tlZ 
4090 PRIrlT 
4090 PRUIT aSAFETY FACTOR: DiFS 
4100 REI1 :CALCULATE PROBABILITY OF ROLLIU6 
4110 VC : SV A 2 
4120 VD : DZ A 2 
4130 Z :: IHT - liZ) I SOR (Ve .. VD) 
4140 XtJ :: Z 
4150 AX:: ADS (xm 
4160 TP :: 1 I (1 + .2316419 8 AX) 
4170 IF AX > 10 THEN AX :: 10 
4100 DP :: .3999423 8 EXP ( - AX a AX I 2) 
4190 P :: DP 3 TP n ((((1.330274 8 TP - I.B21256) n TP + 1.7BI47B) 3 TP -

.35656) n TP + .31938) 
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4200 IF X~ < = 0 THEN P = 1 - P 
4210 PRItlT 
4220 PRIflT ·SLOPE HEIGHT:;: DiHSiD feeP 
4230 PRIflT aMEAN CAPACITY:: DiMT; D psi a 

4240 PRIUT ·STAtlDARD DEVIATIotJ OF CAPACITY= D j SOR (VC) j. psi D 
4250 PRINT "MEAN DE"AND= li"Zi" psi" 
4260 PRIflT ·STAIIDARD DEVIATIDtJ OF DEHAND= • j SQR (VD) i' psP 
4270 PRItlT DNORltAL VARIATE Z= I;Z 
4280 PRItlT DPROBABILITY OF ROLLItJ6 BLOCK FAILURE= Djp 
4283 PRWT apRODADILITY OF OCCURRENCE OF ROCK BLOCKS= DjRP 
4285 PRINT apRODABILITY OF FAILURE (tlEI6HTED BY SIZE DIST.)= Djp $ RP 
4290 60TO 9170 
8990 REM: SUBROUTItJE LADANYI 
8991 REf-l: LADANYI AlJD ARCHAI1BAULT EQUATION 
9000 D = D I 57.2958 
9010 F = F I 57.2958 
9020 II = 1 - (V I (XI $ C)) 
9030 VX = (A A XK) a TAN (D) 
9040 AS :;: 1 - (A A XL) 
9050 fIR = CIT 
9060 Al = V 8 (1 - AS) 8 (VX + TAN (F) + (CJ I V)) 
9070 A2 = AS 8 XI 8 C S (( SQR (1 + NR)) - 1 I NR) $ SQR ((1 + NRI * (V 

I !XI 8 CI II 
9080 A3 = 1 - (1 - AS) • VX 8 TAN (F) 
9090 XT = (AI + A2) I A3 
9100 S = S + Xl 
9110 SS = SS + XT A 2 
9120 tI = II + 1 
9130 D = D $ 57.2958 
9140 F = F 8 57.2958 
9150 PRINT N,C,T,D,CJ,F,XL,XT,XT A 2 
9160 RETURN 
9170 IfJPUT "AtlOTHER SLOPE 6EOfIETRY ? !1=YES, O=NO) "jG 
9180 IF 6 < > 0 THEN lObO 
9190 END 
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10 REtl: PROGRAl1 SHEARItlG2-CLASnC AtIALYSIS FOR SHEARIN6 THROU6H 
20 REI1: WTACT ROCI( BLOCKS. STREN6TH CRITERIA IS LINEAR 
30 REM: MOIlR-COULOnB FOR ~OCK, pmlER CRITERIA FOR SOIL AtID CRUSH. 
35 REH: SIZE DISTRIBUnDrI IS IfJCLUDED AS PROBe OF OCCURRENCE OF 
36 REIl: SOIL OR ROCK. 
40 REM: REF. TROLLOPE (1968,1975); 600DI1At41976, P.190. 
100 IrlPUT "!lEAN SYSTONE ANGLE B;IlA 
200 ItIPUT ·STANDARD DEVIATION OF SYSTOtIE AN6LE D;SD 
400 INPUT aROCK DEtlSITY (pcf) ";R6 
600 mpUT D"EAU WTACT ROCK COHESION (psi) DjMC 
700 WPUT DSTArJDARD DEVIATIOtJ OF IHTACT ROCK COHESION (psi) DjSC 
BOO mpUT "HEAtI COEFFICIEtlT OF INTERNAL FRICTION • i!lF 
900 HlPUT "STAtlDARD DEVIATIOtI OF COEFFICIEtH OF WTERNAL FRICTION "jSF 
1200 ItJPUT "K-PARAHETER FROIl NONLItIEAR RE6RESSIOtl SOIL STRENGTH (psi) • 

jKS 
1210 INPUT "I1-PARAIlETER FROM tJ0I1LlflEAR RE6RESSIOtl SOIL STREN6TH (psi) " 

jllS 
1220 WPUT DSLOPE OF STD. DEV. L1tJE-LO:-l rlORHALS "jLS 
1230 WPUT "HnERCEPT OF STD. DEV. LItlE-LOU tJORHALS (psi) "jLI 
1240 WPUT ·SLOPE OF STD. DEV. LWE-HI6H NORI1ALS "iHS 
1250 IfJPUT DWTERCEPT OF STD. DEV. LItlE-HI6H tJORHALS (psi) ";HI 
1260 WPUT "TRAtJSIlION tJORUAL STRESS (BOUUDARY) (psi) "j TN 
1270 UlPUT ·PERCErn OF ROCK FROtt SIZE DISTRIBUTIOtI (DECH/Au a j RP 
1280 INPUT "PERCENT OF SOIL AllO CRUSH FROIl SIZE DISTRIBUTION <OECH1Au 

DjSP 
1300 ItJPUT "SLOPE IIEIGHT (feet) ajll 

1400 IrlPUT aUATER IUJ6LE-tlATER SURFACE RISES LIflEARLY FROn TOE "i~l 
1410 ItlPUT DHAXmUIl HEI6HT OF tlATER ABOVE TOE (feet) ";UL 
1500 INPUT "SLOPE ANGLE ajl 
1550 IF tl > I THEU tl = I 
1600 REII: ASSUfIE FULL ARCHItlG COtlDITIOtJS 
1700 REIl: CALCULATE STRESSES ALOU6 BASE OF SLOPE 
1800 REIl: USE POIllT ESTIlIATES TO CALCULATE SHEAR SmESS 
1810 N = O:TI = O:SI = 0 
1900 FOR An = 1 TO 2 
1910 IF I\A = 1 TIlErl A = UA t SD 
1920 IF AA = 2 THEN A = UA - SD 
1930 IF A ( 0 THEU A = 0 
1940 A = A I 57.29578 
1950 Xl = R6 3 II $ TAN (A) 
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1960 A : A 8 57.2957B 
1970 TI : TI + Xl 
1980 SZ : SZ + XZ ~ 2 
1990 U : II + 1 
2000 NEXT AA 
2010 A" : TZ I N 
2020 VA : ISZ I II) - IAH ~ 2) 
2030 SA: SOR (VA) 
2035 AH : AH I 144 
2036 SA : SA I 144 
2039 PRIlIT 
2040 PRIflT DHEAN Xl SHEAR STRESS: ";All; ~ psi I 

2050 PRUIT DSTAfJDARD DEVIATION OF Xl SHEAR STRESS: ';SA 
2100 REI1: USE POW! ESTHIATES TO CALCULATE liORIZotJTAL STRESS 
2110 N : 0:9 : O:HH : 0 
2120 FOR BB : 1 TO 2 
2130 IF DB : 1 THEN A : riA + SD 
2140 IF BB : 2 THEN A = HA - SD 
2150 IF A < 0 THEfJ A : 0 
2160 A : A I 57.29578:1 = I I 57.29578 
2170 HX : RG a H 8 TA~ (A) 8 II I TAN (I» 
2180 A : A $ 57.29578:1 = 1 n 57.29578 
2190 9 : 0 + HX 
2200 HH : HH + HX ~ 2 
2300 II : tJ -I- 1 
2400 NEXT DB 
2500 HH : 9 I tJ 
2510 VH = (HII I U) - (HH ~ 2) 
2520 SH: SOR (VH) 
2530 HH = 1m I 144 
2531 SH : SH I 144 
2539 PRHJT 
2540 PRIflT allEAtl HORIZOIITAL STRESS: D;HH;· psi D 
2550 PRItlT DSTA!JDARD DEVIATIotl OF HORIZOtITIlL STRESS: "iSH 
2600 REII: CALCULATE VERTICAL STRESS 
2602 IIV : IRG 3 HI I 1114 
2604 PRWT 
2606 PRIIIT DVERTICAL STRESS= DjIlV;D psi" 
2600 HEn: CALCULATE FAILURE PLAfJE AtJ6LE mm 
2609 REB :f:ORllAL 1\:10 SIIEAR STRESSES OtJ FAILURE PLAtlE. 
2610 fJ : 0:T2 : 0:T3 : 0:E2 : 0:E3 : 0 
2612 FOR EE : 1 TO 2 
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2614 IF EE = 1 THEN T6 = AH + SA 
2616 IF EE = 2 THEN T6 = A!1 - £1\ 
2618 FOR FF = 1 TO 2 
2620 IF FF = 1 THEN X6 = HII + SH 
2622 IF FF = 2 THEN 16 : HH - SH 
2624 FOR 66 = 1 TO 2 
2626 IF 66 : 1 THEN FP = UF + SF 
2628 IF 66 = 2 THEIf FP = HF - SF 
2630 IF FP ( 0 THEN FP : 0 
2652 PH = ATtl (FP) $ 57.29578 
2653 FA = (45 - (PH I 2)) 
2654 F2 = 2 • FA 
2655 FA = FA I 57.2957B:F2 : F2 I 57.29578 
2656 El : X6 8 ( COS (FA)) 1\ 2 + HV 8 ( SW (FA)) 1\ 2 + T6 8 SIN (F2) 
2658 Tl: -.5 8 X6 8 SIN (F2) + .5 8 HV 8 SIN (F2) + T6 8 COS (F2) 
2660 Tl = ABS (Tl) 
2662 T2 = T2 + Tl 
2664 T3 = T3 + Tl 1\ 2 
2666 E2 = E2 + El 
2668 E3 : E3 + El 1\ 2 
2670 IJ : U + 1 
2672 tlEXT 66 
2674 rlEXT FF 
2676 IIEXT EE 
2678 T4 = T2 / tJ 
2690 S4: SOR ((T3 I N) - (T4 1\ 2)) 
2692 E5 = E2 I fl 
2694 SE = SOR 1 (E3 I rn - IE5 1\ 2)) 
2696 PRINT 
269B PRINT °HElltl SHEAR STRESS Of~ SHEAR PLANE= 0;T4;0 psi u 

2690 PRIrJT aSTIlfJDARD DEVIATIotJ OF SHEAR STRESS: .; S4; ° psi· 
2700 PRJUT uHEAtl flDRHAL STRESS orl SHEAR PLArlE= n; E5;· psP 
2710 PRIfJT "STAIJDARD DEVIATIOrJ OF IlORIIAL STRESS: ";SE; a psi n 

2800 flEIl: CALCULATE SHEAR STREN6TH DISTRIDUTJOIJ 
2801 REH: USWG IW:m-COULOlm LIflEAR RELATIOtlSIfIP 
2005 tl = O:RT = O:SV = 0 
2010 FOR CC = 1 TO 2 
2920 IF CC = 1 TIIEN F = HF + SF 
2030 IF CC = 2 THEil F : I1F - SF 
2040 IF F ( 0 THEN F = 0 
2050 FOR DO : 1 TO 2 
2060 IF DD = 1 TIIEn cn = IIC + SC 
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2070 IF DO = 2 THEt! eH = tiC - SC 
2000 IF CH < 0 THEil eH = 0 
2882 FOR PP = 1 TO 2 
2884 IF PP = 1 THEN En = E5 .. SE 
2086 IF PP = 2 THEr! EN = E5 - SE 
200B IF EN < 0 TIIEII EN = 0 
2900 TR = CH t EN 8 F 
2910 RT = RT .. TR 
2920 SV = 5V t TR A 2 
2930 rI = tJ t 1 
2935 UEXT PP 
2940 UEXT DO 
2950 UEXT CC 
2960 TS = RT I tJ 
2970 ST = S9R ((SV I to - ITS A 2)) 
2990 PRUlT 
3000 PRUIT "11EAN SHEAR RESI5TAtlCE FOP. wrACT ROCK= '; TS;· psi' 
3010 PRItlT ·STAflDIlRD DEVIAnOfJ OF SHEAR RESISTANCE= .; ST 
3100 REf!: CALCULATE SAFETY FACTOR 
3110 F5 = T5 I T4 
3115 VC = 5T A 2:VD = 54 A 2:C = T5:D = T4 
3120 60sue 3250 
3122 PY = P 
3126 PRItJT ·SAFETY FACTOR A6AIflST WTACT ROCK SHEARW6= .; FS 
3128 PRmT ·PROBADILITY OF IrJTACT ROCK SHEARW6= .; py 
3131 REt! :CALCULATE NATER PRESSURE FOR EFFECTIVE STRESS 
3145 tI = tI I 57.29578:1 = 1 I 57.29578:1111 = flA I 57.29578 
3150 ZtI = Tml Itll 8 ((H I TAtl (I)) - (H 8 TAU lilA))) 
3160 IF IU ( 0 THEN Z~ = 0 
3170 IF ZtI > tlL THEIl ZtI = ilL 
3190 Il = ~ 8 57.29578:1 = I 8 57.29579:IIA = 1111 n 57.29578 
3190 U = (62.4 8 W) I 144 
3200 E6 = IIV - U 
3202 nEil: CALCULATE SOIL ArJD CRUSH SItEAR STREtJ6TII 
3210 T6 = KS 8 ([6 A 'lSI 
3220 IF T6 ( TtJ nlEtl 3226 
3222 56 = IlS n E6 t HI 
3224 60TO 3229 
3226 56 = lS 8 E6 t LI 
322B F1 = T6 I All 
3230 VC = 56 A 2:VD = SA A 2:C = T6:D = Aft 
3232 60sue 3250 
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3233 PX = P 
3234 PRINT 
3236 PRINT ul1EAtI SHEAR RESISTANCE OF SOIL MJD CRU~H= P;T6;8 psi D 

3238 PRIflT DSTAUDARD DEVIATJOtI OF SOIL AND CRUSH SHEAR STREtlGTH= DiSbj a 

psi D 

3240 PRItlT ·SAFETY FACTOR AGAItlST SOIL ArlO CRUSH SHEARING= G;Fl 
3242 PRWT apROBABILITY OF SOIL AND CRUSH SHEARItJG= D;pX 
3248 60TO 4000 
3249 RE" :SUBROUTJUE CDPROD-CALCULATES PROD. DF FAILURE 
3250 I = (C - D) I son (VC + VO) 
3260 Xfl = Z 
3270 AX = ADS urH 
3280 T = 1 / (1 + .2316419 8 AX) 
3290 IF AX > 10 THEN AX = 10 
3300 DP = .3989423 8 EXP ( - AX 8 AX / 2) 
3310 P = DP 8 T 8 ((((1.330274 8 T - I.B21256) 8 T + 1.781478) 8 T - .35 

656) 8 T + .3193B) 
3320 IF XU ( = 0 THEN P = 1 - P 
3330 RETURtl 
4000 PZ = PV ~ RP + PX S SP 
4100 PRWT 
4200 PRItJT ·PRODABILlTY OF SHEARItJG FAILURE WEI6HTED BY SIZE DIST.) = D 

;PZ 
5000 PRItlT 
5010 ItlPUT "AtJOTlIER SLOPE 6EOBETRY ? (1=VES, O=tlO) D;GO 
5020 IF 60 ( > 0 THEN 1300 
5030 ErlD 
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10 REIl: PROGRAI'I CRUSHW6-CLASTIC AtlALYSIS FOR CRUSHIfl6 OF INTACT 
20 REt! :ROCK BLOCKS. COMPRESSIVE STRENGTH IS ADJUSTED BY THE 
30 REH :COATES ArID YU (1979) SIZE-STREfl6T11 EIlUATIOII. PROBABILITY 
40 HEtt :OF FAILURE IS SUnNED OVER THE SIZE DISTRIBUTIOtJ CURVE 
50 REM :FOR THE COMPOSITE PROBABILITY OF FAILURE. 
55 REtl: STRENGTH OF TIlE SOIL FRIlCTIotl IS BEARING CAPACITY 
56 REH: FROIl COATES (1981, P.1-19). 
60 REH: REF. TROLL OPE (1968), 600DNII~ (1976, P.190), CO liTES 
70 REH :AND YU (1978). 
80 DIH R(100),5(100) 
100 ItJPUT "UEAN SYSTor~E ANGLE 0; tlA 
200 ItJPUT tSTAtJDIIRD DEVIATIOtl OF SYSTOtJE AtlGLE 0 j SD 
400 mpUT DROCK DEIISITV (pcf) ";R6 
500 IrJPUT ""EAtI mJIAUAL COIIPRESSIVE STREUGTH OF IflTACT ROCK (psi) "jUG 

510 IfJPUT ·STAIIDARD DEVIATION OF ROCK COIlPRESSIVE STREU6T11 (psi) OJ SD 
520 !UPUT 'VOLunE OF TESTED ROCK SAllPLE (cubic inches) D;VO 
530 mpUT °SOIL ArID CRUSH DENSITV (pcf) o;SG 
540 ItJPUT aNEntJ COEFFICIEtlT OF FRICTION FOR SOIL ArJD CRUSH ainu 
550 INPUT aSTAtJDARD DEVIATIOU OF COEFFICIENT FOR SOIL ArID CRUSH a;su 
560 IfIPUT atlEAN COHESIOU FOR SOIL ArID CRUSH (psi) "jl1C 
570 mpUT 'STlltlDARD DEVIATIOIJ OF COHESION FOR SOIL ArID CRUSH (psi) djSC 

575 PIlWT 
580 PRmT aWPUT SIZE DISTRIDunOtI CURVE ° 
582 PRWl 
585 K = I 
590 mpUT aOlOCI( SIZE DIAHETER (inches) EIlTER 9999 TO QUIT D;S(K) 
595 IF S(K) = 9999 THEfJ 900 
600 ItlPUT amCREHEtlTAl FRACnQ;1 OF BLOCK SIZE (decioall "jRIIO 
650 PRIflT 
700 K = I( f I 
000 GOTO 590 
900 mpUT ·CUTOFF OlOtt< SIZE FOn SOIL mm CRUSH FRAcnotJ (inches) "jCT 
1000 I( = K - 1 
1300 Ifl?UT aSlOPE HEI61lT (feet) D;U 
1500 WPUT DSlOPE IIt/GLE D j I 
1600 REf!: ASSUI1E FULL ARC/illiG CotJDITIotlS 
1700 nEn: CALCULIITE STRESSES ALOIIG BASE OF SLOPE 
1000 flEn I USE POIrJT ESTIlII\TES TO CALCULATE SHEAR STRESS 

307 



1810 ~ = O:TZ ~ 0:51 ~ 0 
1900 FOR An = 1 TO 2 
1910 IF AA = 1 THEfl A = nA + so 
1920 IF AA = 2 TlJEtl A = MA - SO 
1930 IF A ( 0 THEN A = 0 
1940 A = A I 57.29570 
1950 Xl = R6 a H 8 TAN (A. 
1960 A = A $ 57.29578 
1970 TI = TZ + Xl 
1980 SI = SI + Xl A 2 
1990 N = N + 1 
2000 flEXT AA 
2010 An = TI I N 
2020 VA = (SI I til - (AI1 A 2. 
2030 SA = SOR (VAl 
2035 AH = AU I 144 
2036 SA = SA I 144 
2039 PRINT 
2040 PRINT "HEAtI Xl SHEAR STRESS= ajAUj· psi D 

2050 PRINT ·STAtJDARD DEVIATION OF Xl SHEAR STRESS= °jSA 
2100 REII: USE POWT ESTIHATES TO CALCULATE HORIZOtJTAL STRESS 
2110 N = 0:9 : O:HH : 0 
2120 FOR DD : 1 TO 2 
2130 IF DB : 1 nlEII A = IIA + SO 
2140 IF BB = 2 TIIEN A = I1A - SD 
2150 IF A < 0 THEil A : 0 
2160 A = A I 57.29578:1 = I I 57.29578 
2170 HX : R6 8 H 8 TAil (A) 8 (1 I TAU m) 
2180 A = A 8 57.2957B:I = I 8 57.29578 
2190 0 : 0 + HX 
2200 HII = 1111 + HX A 2 
2300 IJ = fJ + 1 
2400 flEX! DD 
2500 llil = 0 I tl 
2510 VH = (HM I III - nlll A 2) 
2520 SH = son (VH) 
2530 lUI = Illl I 144 
2531 SH = SH I 144 
2540 PIUtJT DHEAII HoaIZmrrAL STRESS= DjHflj· psi" 
2550 PRIIJT aSTAtJDARD DEVIATIOfI OF HORIZOflTAl STRESS: DjSH 
2600 REIl: CALCULATE VERTICAL STRESS 
2602 HV = (R6 n H) I 144 
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2606 PRINT 'VERTICAL STRESS: ";BVj· !lsi U 

260B REM :CALCULATE PRItlCIPAL STReSSES, FAILURE PLAUE ANGLE, Arm 
2609 REM: tlORI1AL AND SHEAR STRESSES OU FAILURE PLANE. 
2610 N : 0:55 : 0:56 = 0 
2612 FOR EE : 1 TO 2 
2614 IF EE = I THEN T6 : AM + SA 
2616 IF EE : 2 THEN T6 : All - SA 
2618 FOR FF : 1 TO 2 
2620 IF FF : 1 THEil X6 = HI1 + SH 
2622 IF FF : 2 THE1~ XG : HI'I - SH 
2631 REI1 :CALCULATE THE Atl6LE OF SHEAR PLAtlE NORMAL FROM HORIZOtlTAL 
2632 IF X6 - HV : 0 THEIl PO : 0 
2633 IF X6 - HV : 0 THEil 2636 
2634 PO : (2 a T61 I (X6 - HVI 
2636 Ap: ATN (PQI 8 57.29578 I 2 
2637 REM: CALCULATE DIRECTIOtI OF HAXIMUH PRINCIPAL STRESS 
2638 IF X6 ) HV THEN TA : AP 
2640 IF X6 < HV AUD T6 ) 0 THEN TA : IlP + 90 
2642 IF X6 < HV AND T6 ( 0 THEN TA = AP - 90 
2643 REIl: CALCULATE PRIUCIPAL STRESSES 
2644 51 : .5 * (X6 + HVI 
2646 52 : .25 a «X6 - HVI A 21 
2648 53 : 51 + SUR «T6 A 21 + 521 
2650 54 : 51 - SOR «T6 A 21 + 521 
2660 55 : 55 + S3 
2670 56 : 56 + S3 A 2 
2680 IJ = fJ + 1 
2690 NEXT FF 
2700 NEXT EE 
2710 57 : 55 I tl 
2720 58: SOR «56 I tl) - (S7 A 2') 
2730 PRIUT 
2740 PRItlT "fiEAtJ OF nAWlU11 PIUflCIPAL STRESS (SI6IlA 11= ";57;· psP 
2750 PRItlT DSTAllDARD DEVIATIOtI OF HAXIIlUt1 PRItJCIPAL STRES5: a; S8; a psi· 

2751 REU: CALCULATE PROBABILITIES 
2752 PRWT 
2753 PRItlT ·PROD OF OCC D

; SPC( 5);"PROB OF CRUSH"; SPC( 2'j"PROB OF FAI 
Laj SPC( 5);"STREtl6TH (psi)"; SPC( 3'j"STD. DEV." 

2755 CP :: 0 
2760 FOR J : 1 TO K 
2770 IF S(J) ) CT THEN 3000 
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2780 GOSUB 4030 
2790 C : UT:VC : 5T ~ 2 
2795 0 : S7:VD : 58 ~ 2 
2800 60SUB 3250 
2810 PF : P t R(J) 

2815 PRINT R(J),P,PF,UT,5T 
2820 CP : CP + PF 
2830 60TO 3060 
3000 VB : 5(J) ~ 3 
3010 605UB 4000 
3020 C : OB:VC : 59 
3030 D : 57:VO : 58 
3035 GOSUB 3250 
3040 PF : P 8 R(J) 
3045 PRIIIT R(J) ,P,PF,IlB,59 
3050 CP : CP + PF 
3060 NEXT J 
3070 PRINT 
3080 PRHlT "SLOPE HEI6HT: "jHj" feet" 
3090 PRINT 'SLOPE AN6LE: ";1 
3100 PRINT ·PROBABILITY OF CRUSHIrlG FAILURE: a;cp 
3110 GOTO 5000 
3249 RE~1 :SUBROUTItlE COPROB-CALCULATES PROB. OF FAILURE 
3250 Z : (C - 0) I SOR (VC + VO) 
3260 Xtl : Z 
3270 AX: ADS (XN) 
3280 T = 1 I (1 + .2316419 8 AX) 
3290 IF AX > 10 THEN AX : 10 
3300 OP : .3999423 8 EXP ( - AX 8 AX I 2) 
3310 P : OP ~ T 8 ((((1.330274 8 T - 1.821256) 8 T + 1.781478) 8 T - .35 

656) 8 T + .31938) 
3320 IF XU < : 0 THEN P : 1 - P 
3330 RETURN 
4000 REH: SU8ROUTIllE SIZE-COATES AUO YU SIZE-STREtJ6TH CALCULATIOII 
4002 N : O:SR : O:ZR : 0 
4004 FOR LL : 1 TO 2 
4005 IF LL = 1 TUEll 00 = flO + SO 
4006 IF LL = 2 THEN [10 = 110 - SO 
4007 IF 00 ( 0 TIIEN 00 = 0 
4010 00 = gO 3 ((VB I VOl ~ - .05) 
4011 SR : SR + 00 
4012 ZR = ZR + 00 ~ 2 
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4013 rl = tl + 1 
4014 NEXT LL 
4015 9B = SR I N 
4016 59 = SOR «IR I tI) - (DB A 2)) 
4020 RETURN 
4030 REH: SUBROUTINE BEARIII6-DEARItl6 CAPACITY CALCULATION 
4032 tI = O:US = O:UU = 0 
4035 PI = 3.14159 
4040 FOR HH = 1 TO 2 
4050 IF HH = 1 THEtI F = flU + SU 
4060 IF HH = 2 THEN F = tlU - SU 
4070 IF F < 0 THEN F = 0 
4080 PH = ( ATN (F)) 3 57.29578 
4085 H2 = (45 + PH I 2) I 57.29578 
4090 HI = ( TAN ("2)) A 2 
4100 tlg = HI 8 EXP (PI 8 F) 
4110 tiC = (tiD - 1) I F 
4115 REH: TIns STATB1EtlT CORRECTS TO AU EOUIDIIlEtiSIOtJAL FOOTItJ6 
4116 REH: ASSUHE FOOTIN6 IS A UNIT DIHEtiSION 
4120 tiC = tiC 8 (1 + (.2 8 Ul)) 
4130 tlG = 1.5 ; (NO - 1) 8 F 
4140 FOR II = 1 TO 2 
4150 IF II = 1 THEtl CO = HC + SC 
4160 IF II = 2 THEfJ CO = IIC - SC 
4170 IF CO ( 0 THEti CO = 0 
4180 BR = .5 $ S6 8 1 n tl6 + CO 8 144 8 tiC 
4185 DR = DR I 144 
4190 tI = tI + 1 
4220 US = US + DR 
4230 UU = UU + DR A 2 
4240 NEXT II 
4250 IJEXT HH 
4260 UT = US I N 
4270 5T = SOR (IOU Ill) - WT A 2)) 
4300 RETUmJ 
5000 PRItlT 
5010 ItJPUT D/UlOTHER SLOPE 6EOilETRY ? (1=YES, o=tJO) ";60 
5020 IF GO ( > 0 Tllm 1300 
5030 ErlD 

311 
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