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ABSTRACT 

The present recommendations of the ACI-ASCE Committee 352 for the 

design of ductile moment resistant beam to column connections limit the joint 

shear stress to 'YVFc, where the factor 'Y is a function of the joint geometric 

classification and the loading condition. The value of compressive strength f~ 

used in the above expression should not exceed 6000 psi. This limitation causes 

considerable difficulty in the design of high-strength concrete frames. 

An experimental study of twelve large-scale exterior beam to column sub

assemblies was completed at The University of Arizona. The specimens were 

subjected to cyclic inelastic loading. The variables studied were the concrete com

pressive strength (8.1,10.7, and 13.6 ksi), the joint shear stress (1100 and 1400 

psi), and the degree of joint confinement provided in the form of closed ties. 

Although high-strength concrete is more brittle than normal-strength con

crete, the study showed that frames constructed of high-strength concrete can 

perform satisfactorily in earthquakes zones when attention is given to proper de

tailing of joints. The flexural strength ratio, degree of joint confinment, develop

ment length of bars, and joint shear stress are all very important factors to be 

considered in the design process. 

The maximum permissible joint shear stress suggested by ACI-ASCE Com

mittee 352 was modified for frames constructed with high-strength concrete. The 

proposed joint shear stress drawn from test results does not affect the factor 'Y 

which depends on the joint type and its geometric classification. Therefore, in the 

absence of any further data about interior joints, the proposed joint shear limit 

for high-strength concrete can be used for all types and geometric classifications 

of joints. 



21 

Furthermore, new requirements for joint confinement were presented to en

sure ductile behavior of frames. It is important to note that current Recommen

dations for joint confinement, which were developed for normal-strength concrete, 

cannot be satisfied for high-strength concrete frames. The hysteresis response of 

specimens tested and other normal-strength concrete specimens tested by differ

ent investigators were compared in terms of their energy absorption capacity. This 

comparison was essential to alleviate concern about the lack of ductility of high

strength concrete. Favorable results were obtained. This research is important for 

practitioners to gain more confidence using high-strength concrete for structural 

design applications especially in seismic zones. 
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Chapter 1 

Introduction 

1.1 General 

The development and use of high-strength concrete has been an evolu

tionary process. In the past decade there has been a rapid growth of interest in 

high-strength concrete, with compressive strength (f~) in the range from about 

6000 psi to 14000 psi, i.e, two to four times what was considered normal-strength 

just a few years ago. However, the practical use of high-strength concrete has 

preceded full knowledge of its properties as a material, and of the behavior of 

structural members when using this material. High-strength concrete was proven 

to be very economical in design of high rise structures (1). 

The design of multistory structures for gravity loads causes no serious 

problems. However, due to the unpredictability of forces during an earthquake, 

many aspects of seismic design of structures still need to be investigated. The 

problem of seismic resistance design is especially significant in reinforced concrete 

structures, where due to the relatively large mass of the structure, large inertia 

forces will be generated during an earthquake (2). When using high-strength 

concrete, this problem is of particular interest because of the brittle nature of 

plain high-strength concrete. Thus, the design and detailing of the frame be

come a major and difficult task for the practitioner, especially that only minimal 

information about. high-strength concrete behavior is available. 
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In design of ductile moment resisting frames subjected to lateral loads, 

it is desired to prevent the formation of flexural hinges in the columns. Plastic 

hinging of the columns will not only result in irreparable permanent sway in the 

structure, but ma.y also cause large overturning moments which could lead to the 

collapse of the structure. To ensure the formation of plastic hinges in the beams, 

the beam-to-column connection in a reinforced concrete frame must be designed 

to carry the reversing moments, shears, and anchorage forces associated with 

the development of plastic hinges in the beam during an earthquake, without a 

significant loss of strength or stiffness. 

The behavior of different geometric configurations of beam-column con

nections has been studied by several researchers for nearly three decades. Many 

of these studies concentrated on analyzing the behavior of different connections 

subjected to inelastic cyclic loading to simulate earthquake effects. The results 

of these studies were incorporated in the ACI building code (3) and the Uniform 

Building Code (4) as provisions to be considered in seismic zones. However, 

a more complete set of guidelines was recommended by the ACI-ASCE Com

mittee 352 (5) for design of Type 1 and Type 2 joints of different geometric 

classifications. A Type 1 joint is to be designed on the basis of strength without 

considering special ductility requirements. A Type 2 joint is required to dissipate 

energy through reversals of deformation into the inelastic range in addition to 

having a sustained strength during this cyclic deformation. Joints in structures 

designed to resist earthquake motions are of this category. 

It is noted that all information available to date is based on tests of 

normal strength concrete connections with concrete compressive strength (J~) 

ranging between 3500 psi and 5500 psi. However, in recent years, many concrete 



24 

structures have been designed in which high-strength concrete with compressive 

strength in the range of 8000 psi to 18000 psi has been utilized (6, 7). Therefore, 

performing tests on subassemblies constructed with high-strength concrete in 

that range is essential in order to establish necessary requirements for adequate 

design of high-strength reinforced concrete joints. 

1.2 Previous Studies on Beam-Column Connections 

Behavior of ordinary strength reinforced concrete beam-to-column con

nections has been studied by several researchers in the United States, Canada, 

New Zealand, and Japan since the mid 1960's. Hanson and Connor (8-10) con

ducted the first tests on beam-to-column connections in the laboratories of the 

Portland Cement Association. From tests of sixteen exterior and interior connec

tions, they demonstrated the importance of a properly detailed joint in achieving 

ductile frame behavior. The results indicated that adequate energy dissipation 

can be achieved near the joint if proper attention is given to anchorage of beam 

bars, shear resistance, and confinement of the joint. They used the design equa

tions developed for shear design of beams to illustrate that transverse reinforce

ment is required to resist shear forces in the joint. Furthermore, they indicated 

that Grade 60 reinforcing bars can be used with satisfactory results in structures 

which are designed to develop ductile behavior. 

Megget (11), Smith (12), Patton (13), and Renton (14) tested a total of 

thirteen exterior beam-to-column connections in New Zealand, and the results 

were summarized by Park and Paulay (15). Their findings were different from 

those of the U.S. investigators. They concluded that due to excessive diagonal 

cracking of the concrete in the joint, the contribution of concrete in resisting 

shear forces in the joint should be ignored. In addition, they rejected the truss 
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analogy which assumes formation of cracks at a forty-five degree angle, as an 

adequate assumption for determining the shear strength of a joint. They recog

nized the need for transverse reinforcement in the joint to provide shear strength 

and sufficient confinement for the concrete. Figure 1.1 shows the mechanism of 

exterior joint shear resistance. Park and Paulay's recommendations are probably 

too conservative due to poor detailing of some specimens. In their early tests, 

part of the joint transverse reinforcement was placed too close to the top and 

bottom of the joint. It is now widely recognized that joint transverse reinforce

ment should be placed near the center of the joint to be considered effective in 

resisting joint shear forces (5). 

Tests conducted by Uzumeri and Seckin (16) at the University of Toronto 

re-emphasized the importance of proper anchorage of reinforcing bars. Although 

they used the same shear equations as Hanson and Connor, they concluded that 

this equation could only be used to predict the cracking shear of a beam-to

column connection. In addition, they discarded the forty-five degree truss anal

ogy as an accurate method in predicting the behavior of the joint. The results 

from the above investigators were used by ASCE-ACI Committee 352 to formu

late the first recommendations for design of beam-column connections (17). 

Lee (18) tested eight exterior beam-to-column subassemblies and con

cluded that concrete does carry a significant portion of the total shear force 

in the joint. Furthermore, he demonstrated that in some cases the specimens 

carried twice the shear suggested by the first recommendations of ACI-ASCE 

Committee 352 (17). 

Tests by Meinheit and Jirsa (19) illustrated that the expression used by 

Hanson and Connor results in a good estimate of the load at which the first 
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diagonal crack is fonned at the joint, but the contribution of the concrete to 

ultimate shear strength of the joint was much larger than the diagonal cracking 

load. 

Scarpas (20) tested three exterior beam.-to-column connections and con

cluded that the required amount of joint transverse reinforcement can be con

siderably reduced if the column is reinforced with intermediate longitudinal re

inforcement to resist shear forces in the joint. 

Gosain, Brown and Jirsa (21) analyzed data from a large number of 

beam-to-column connections in order to evaluate the shear requirements of rein

forced concrete joints under load reversals. Because the load histories imposed on 

test specimens were not the same in all investigations, they suggested a work in

dex based on calculating the area under the normalized load-deflection curve with 

respect to the deflection and the load at first yielding in the beams longitudinal 

bars rather than computing the actual area under the measured load-deflection 

curves. They pointed out also that for achieving effective behavior under inelas

tic action, the ultimate shear stress on the core should be 6 to 7 He psi, provided 

that the column axial load stress is not greater than 1500 psi and the spacing of 

hoops does not exceed six times the longitudinal bar diameter to prevent buckling 

of the column bars. 

Lee, Wight and Hanson (22) tested six isolated reinforced concrete ex

terior joint subassemblies to evaluate the ACI-ASCE Committee 352 recommen

dations (17) and to suggest improvements. The main variables used were the 

magnitude of the colunmaxialload, the joint transverse reinforcement and the 

severity of loading. They concluded that the shear stress factor " which was 

used by the committee to determine the shear stress carried by the concrete in 
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the joint, should be modified to account for the confining effect resulting from 

the flexural strength ratio. The flexural strength ratio is defined as the ratio of 

the ultimate flexural strength of the columns to that of the beams. Furthermore, 

they rejected the truss analogy which assumed formation of cracks at a forty-five 

degree angle, as a reliable method in determining the portion of the total joint 

shear forces carried by the hoops. 

Scribner and Wight (23) examined twelve reinforced concrete exterior 

beam-column connections under cyclic loading at the University of Michigan. 

The tests were aimed mainly at studying the effect of intermediate reinforcing 

bars in delaying the deterioration of shear strength and stiffness. Their inves

tigation indicated tha.t the improvement of the specimen response, as a result 

of using additional longitudinal bars in the beams webs, was dependent on the 

design shear stress level. When the joint shear stress was less than 3J'H psi, the 

members showed flexural response and the intermediate bars increased the en

ergy dissipation by only five percent. However, when the shear stress was greater 

than 6.;Jl psi, the members reacted in shear and the intermediate reinforcement 

helped increasing the energy dissipation by thirty percent. 

Paulay, Park and Priestley (24) reported an analytical study on the 

behavior of interior joints as well as the effect of cyclic loading on the concrete 

strut and truss mechanisms. They indicated that the shear strength of beam

column connections in ductile moment resisting frames subjected to large load 

reversals must be evaluated in terms of the two mechanisms cited above rather 

than the beam shear a.'lruogy. Furthermore, they concluded that the contribution 

of the concrete to the shear strength of the joints, which is primarily due to the 

diagonal strut mechanism, should be ignored in design when plastic hinges occur 
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at the column face due to the unclosed deep cracks in the beam compression zone. 

In addition, they noted that both horizontal and vertical shear reinforcement are 

essential to provide shear strength and confinement for the joint. 

Hwang (25) carried out a series of eleven tests on enlarged end-cantilever 

beams with varying levels of shear stress and cyclic load histories. He concluded 

that the loss in the load carrying capacity and stiffness increased as the mag

nitude of the cyclic displacement and the stress level increased. Additionally, 

he related the bond degradation between the reinforcement and the concrete in 

the anchorage zone to the beam maximum deflection rather than to the number 

of cycles the specimen has sustained at a given displacement amplitude. He re

ported that an increase in the nominal shear stress level reduced the specimen's 

ability to endure enough cycles prior to failure. 

Ehsani and Wight (26-29) tested a series of twelve full-scale exterior 

beam-column subassemblies under inelastic loading. Six of the specimens in

cluded transverse beams and a slab. The tests were aimed at evaluating the 

effect of the joint shear stress level, the percentage of the transverse reinforce

ment within the joint, the flexural strength ratio, and the effect of the presence of 

slab and transverse beams on the general response of reinforced concrete joints. 

They stated that using a flexural strength ratio larger thu.:n 1.4 and 1.2 for bare 

specimens and specimens with transverse beams and slab, respectively, ensures 

flexural hinging in the beam. They emphasized that in calculating the flexural 

strength ratio for connections with slab and transverse beams, reinforcement in a 

slab width at least equal to the width of the main beam on each side of the beam 

should be considered effective. They concluded that to reduce excessive joint 

damage, the joint shear stress level should be no more than 12...fFc psi for bare 
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specimens. A design chart for an exterior joint was developed. According to the 

flexural strength ratio and the shear stress level within the joint, the percentage 

of transverse reinforcement could be selected from this chart. 

Durrani and Wight (30-32) reported a series of six tests on full-scale 

interior beam-column subassemblies, in which the joint shear stress level, the 

amount of joint transverse reinforcement, and the presence of transverse beams 

and a slab were the main variables. They concluded that an increase in the 

amount of joint hoops improved the behavior of the connection with transverse 

beams and slab more than the bare specimens. Their proposal for the design of 

an isolated joint specified a flexural strength ratio no less than 1.5, the nomi

nal shear strength not greater than 15/l! psi, and transverse reinforcement not 

less than 1.5 percent. In addition, their results showed th~,t the column bars 

experienced more slippage through the joint than the beam's longitudinal rein

forcement. Furthermore, they pointed out that the performance of the specimens 

with slab and transverse beams is less sensitive to the level of joint shear stress 

when compared to the bare specimens. A simple analytical model for analyzing 

multistory reinforced concrete buildings was developed. This model incorpo

rated the strong-column weak-beam concept as well as a new hysteretic model 

for beam column connections which was developed from the hysteretic behavior 

of the tested specimens. 

Leon (33) studied the influence of different floor member sizes on the 

response of eight reinforced concrete beam-column connections under large cyclic 

load reversals. He pointed out that the size of beams framing into a joint played 

an important role in the lateral confinement of that connection, especially when 

the beam widths were smaller than 0.6 times that of the column. Additionally, 
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he attributed the observed increase in the joint shear strength of the specimens 

with slabs to the confinement of the upper comer of the joint as a result of the 

presence of the slab. Furthermore, he concluded that column axial loads below 

the balance load would not help the joint greatly in resisting the imposed loads. 

He related the cyclic reduction in the joint shear strength to bond degradation 

rather than the actual shear strength degradation. 

Paulay and Park (34) explained the design criteria of the New Zealand 

code for reinforced concrete beam-column joints in ductile frames resisting earth

quakes as well as demonstrating experimentally these recommendations on four 

tests units. Two exterior and two interior joints were tested. In the first speci

men of each group, plastic hinges were forced to form away from the column face 

by anchoring some of the top and bottom flexural reinforcement bars into the 

beam at one effective depth. Also, they summarized the recommendations of the 

'ACI-ASCE Committee 352 (17) and ACI 318-83 Code (3) for designing joints in 

reinforced concrete frames in order to compare numerically the different aspects 

of both codes. Paulay and Park also concluded that the design of the nomi

nal shear strength in joints by the ACI-ASCE Committee is conservative when 

compared with the horizontal component of the New Zealand Code and that 

the assumption of well distributed column reinforcement around the perimeter 

of the column, providing adequate vertical joint reinforcement, is not accurate 

since it does not take into accOlwt the possible variation for shear in the joint 

core. FUrthermore, they pointed out that relocating the plastic hinges away from 

the column face is a practical design alternative to the conventional one, because 

it allows easier detailing of reinforcement when member size is small and joint 

shear is high. 
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Popov (35) reviewed the bond and anchorage of reinforcing bars under 

severe cyclic loading based on experimental studies (36) at the University of 

California at Berkeley. The behavior of bars and the local bond stress-slip re

lationship from bond tests on bars embedded in well-confined concrete stubs of 

depth compared to that of columns were discussed. A model for determining 

bar displacement with the bond stress-slip relationship was outlined for studying 

analytically the deteriorating behavior of joints. 

Zerbe and Durrani (37) investigated the effect of transverse beams with 

and without a slab on the behavior of exterior beam-column connections. They 

concluded that to avoid possible formation of plastic hinges in columns, the 

contribution of slab in the flexural strength of beams must not be ignored. They 

suggested that the slab longitudinal reinforcement over a region at least equal to 

the column width plus twice the depth of transverse beams should be included 

in evaluating the flexural capacity of beams. In addition, they attributed the 

improved strength and stiffness of the joint with a transverse beam to the the 

lateral confinement which is primarily due to the presence of transverse beams. 

Furthennore, they suggested that to avoid congestion of steel in the exterior 

joint, the beam longitudinal reinforcement can be terminated in a stub outside 

the joint core. 

In a recent revision of the earlier recommendations by the ACI-ASCE 

Committee 352 (5), the total nominal shear strength of the joint is limited to an 

allowable value depending on the joint classification. The concrete compressive 

strength is limited to 6000 psi. Additionally, the joint transverse reinforcement 

is evaluated based on confinement requirements in columns, and the flexural 

strength ratio is specified to be greater than 1.4. Furthermore, the ratios of 
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column depth to diameter of the beam bar, and the beam depth to diameter of 

the column bar are limited to a minimum of 20 for slippage control of beam and 

column bars passing through the joint. 

Wong (38) tested two interior beam-column subassemblies designed ac

cording to the New Zealand code except that the beams longitudinal reinforce

ment were distributed vertically and only a nominal amount of joint hoops was 

provided to satisfy the confinement requirements. The test results were compared 

with similar specimens designed conventionally with vertical and horizontal shear 

reinforcement. He eoncluded that both tested units showed a large reduction in 

strength and stiffness. In addition, he related the joint shear failure of these 

beam-column connections to the inadequate quantity of horizontal shear hoops 

provided, because yielding penetration of the beams longitudinal bars occured, 

not only at the extreme and bottom level as in the case of a conventional joint, 

but also along the depth of the joint forcing it to expand longitudinally and the 

diagonal cracks to widen. Figure 1.2 shows the difference between the resul

tant forces in a conventional beam section and a beam section with vertically 

distributed reinforcement. 

Abdel-Fattah and Wight (39,40) reported a series of twelve tests on re

inforced concrete interior beam-column subassemblies, in which transverse beam 

stubs and a slab were present in four of the specimens. The tests were aimed 

mainly at developing a technique for relocating the plastic hinge zone one effec

tive beam depth away from the column faces. They pointed out that, by placing 

four intermediate bars in two layers at approximately the third points between 

the beam positive and negative bending reinforcement in such a way as to pass 

through the joint and extend over a length of 1.5 times the beam effective depth, 
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relocation of the plastic hinge away from the column face could be achieved, 

provided that the joint shear force introduced by the intermediate reinforcement 

does not exceed thirty percent of the total developed joint shear force. They also 

concluded that when a beam. plastic hinge is moved away from the column face, 

the beam reinforcement yielding did not penetrate into the joint core and, thus, 

a transverse reinforcement ratio between 0.7 and 1.0 percent of the joint area is 

sufficient for joint confinement. 

Paulay (41) evaluated some features of the seismic design provision of 

the ACI building code (3) (ACI-318-83, Appendix A) from New Zealand design 

and research perspectives. He suggested that the ratio of the sum of the flexural 

strength of columns, taking the factored axial load into account, to the sum of the 

flexural capacity of beams (Eq. A-I) should range between 2 and 2.5 rather than 

equal or greater than 1.2. This is needed to account for circumstances resulting 

in an increase in the flexural strength of beams which force the plastic hinge to 

form in columns, including the contribution of strain hardening (10% to 25%) 

and slab reinforcement (10% to 30%) to the beam moment. He also pointed out 

that the specified length (10) over which the transverse reinforcement is required 

to confine each end of the column (section A.4.4.4) is adequate only for upper 

stories of a building, and proposed a new formula for (10) to be used in lower 

stories. 

Yacoub (42) analyzed data from a large number of exterior beam-column 

connections tested in the laboratories in order to define a failure criterion to 

assist in developing a design chart. He proposed an energy index to evaluate 

the performance of the joint as well as to obtain a lower limit for satisfactory 

behavior of tested specimens. The energy index relates strength and stiffness, 
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and eliminates the differences of loading histories used by different researchers. 

Based on the energy index, the design chart suggested by Ehsani and Wight (26) 

was modified. According to the flexural strength ratio and shear stress level 

within the joint, the percentage of transverse reinforcement can be selected from 

the chart. He also noted that for high flexural strength ratio and low joint shear 

stress, the amount of transverse reinforcement designated in the design chart is 

lower than that suggested by the ACI-ASCE Committee 352 (5). 

Ehsani, Moussa~ and Vallenilla (43) performed four cyclic tests on 

exterior beam-column subassemblies constructed with high-strength concrete 

(f~ =9500 psi). The test results were compared with similar specimens designed 

with ordinary-strength concrete and reported by Ehsani and Wight (26). The 

focus of their study was to investigate the shear strength requirement of the joint 

and to compare that requirement to the ACI-ASCE Committee 352 recommenda

tions (5). They suggested that the shear stress factor 'Y of the Recommendations 

should be modified before it can be safely applied to connections designed with 

high-strength concrete. 

Kanada, Kondo, Fuji and Morita (44, 45) conducted tests on sixteen 

exterior beam-column assemblages to study the detail of anchorage of beam bars 

to the column. It was verified that the design approach should be based on the 

concrete transferring shear stress in the joint and that the concrete shear stress 

in the exterior joint should be determined from the projected development length 

of hooked beam bars instead of the total column depth, and that the transverse 

joint reinforcement was effective primarily in preserving the integrity of the joint 

concrete subjected to reversed joint shear. 
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As part of the U.S.-Japan cooperative program to study earthquake ef

fects on reinforced concrete structures, different tests were conducted on large 

scale structures. Hirashi, Nakata, Kitagawa, and Kaminosono (46) investigated 

the correlation between shaking table tests and pseudo-dynamic tests of shear 

walls and beam-column assemblies. They pointed out that satisfactory agreement 

between shaking table tests and pseudo-dynamic tests were obtained after consid

eration of the effects of strain rate and stress relaxation. Joglekar et al. (4 7) also 

conducted pseudo-dynamic testing of two exterior and two interior joint speci

mens. The first two specimens (one exterior and one interior) were identical to 

the beam-column joints in the second story of the full-scale seven-story structure 

tested in Japan on the shaking table (48). The behavior of the four specimens 

under reversed cyclic loads was excellent up to story-drift levels estimated to cor

respond to the maximum deflection level imposed on the seven-story structure. 

The behavior of all four specimens up to this drift level was governed by flexure. 

No shear distress was observed in the joint region during any stage of testing. 

The use of large columns resulted in low shear stresses in the joint. 

Study and analysis of earthquakes effects yield important lessons in 

building design in a time where the world is more vulnerable to earthquake 

disaster than ever before because of the growing population, its concentration, 

and the dependency on lifelines. The 1985 Mexico earthquakes impacted a city 

of eighteen million persons; more than 10,000 persons lost their lives and at least 

100,000 persons were left homeless; more than 400 buildings were destroyed and 

an additional 3200 were damaged (49). A better planning and building design 

is urgently needed nowadays for seismic zones. Many examples of beam-c~lumn 

joint failure were seen in Mexico city. Figure 1.3 shows ajoint with severe damage 
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in a building that was still stsnding. As can be seen in the photograph, no hoop 

or confinement reinforcement was provided in the joint. Tests of beam-column 

joints without hoop reinforcement are reported in References 8 and 10. Drift 

capacity of beam-column joints without hoop reinforcement can be as little 

as 1.0%. With hoop reinforcement equivalent to that required by ACI-ASCE 

Committee 352 (5), drift in excess of 6.0 % has been measured. In a parametric 

study of the displacement response of multi-story reinforced concrete frames, sub

jected to acceleration records of Mexico city and EI Centro earthquakes, Sozen 

and Lopez (50) pointed out a maximum story-drift close to 1.6 % for 16-story 

buildings. 

Other than the use of conventional concrete material, Gefken and 

Ramey (51) reported that the use of steel fiber concrete in place of conven

tional concrete in seismic Type 2 beam-column joints may allow the joint hoop 

spacing to be increased as well as satisfying the ductility requirement of the joint. 

They also pointed out that the specimens tested exhibited very little spalling of 

joint concrete. The results of the tests indicated that the spacing of the joint 

hoops recommended by the ACI-ASCE Committee 352 (5) could be increased 

by a factor of 1.7 if steel fiber concrete is substituted for conventional concrete 

in the joint region. Naaman, Wight and Abdou (52) worked also on the devel

opment of a cast-in-place connection which is designed to act as a plastic hinge 

in the beam during an earthquake. This connection includes the use of Slurry 

Infiltrated Fiber Concrete (SIFCON) at one or two beam depths away from the 

face of the column. High fiber content reinforced concrete is used to insure high 

ductility, increase energy absorption, reduce spalling of concrete, and improve 

shear resistance during 10?:1 reversals. 
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1.3 Previous Studies on High-Strength Concrete 

High-strength concrete has been defined as that having a compressive 

strength greater than 6000 psi for normal weight aggregates and 4000 psi for 

lightweight aggregates (53). In recent years, there has been a trend towards the 

use of such material not only in precast elements, but also for certain cast-in-place 

structures using ready-mixed or site-mixed concrete. Concrete with 9000 psi 

compressive strength has been used in the columns of Water Tower Place as well 

as Mid Continental Plaza in Chicago; and the new Chicago Mercantile Exchange 

Building includes columns of 14000 psi concrete (54). In the tallest building 

in Dallas, the 72-story Inter First Plaza, 12000 to 13000 psi concrete has been 

used in construction of the columns (55). High-strength ready mixed concrete 

was used on the Pacific First Center project in Seattle, Washington. The design 

strength of the concrete was 14000 psi, and the actual strength achieved was 

measured at 18000 psi (56). 

It is noted, however, that the use of high-strength concrete has preceded 

full information on its engineering properties, which are considerably different in 

some respects from those of ordinary-strength material. 

1.3.1 Development of High-Strength Concrete 

The delivery of high-strength concrete in the range of 6000 to 14000 psi 

is becoming increasingly realistic. Today, this breakthrough has been made pos

sible by the availability of very efficient high-range water reducers and a careful 

selection of materials including the cements and aggregates used in the mix design 

(57). 
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The following factors are important in the production of high-strength 

concrete (58-61) : 

1. The water-cement ratio is the most influential parameter affecting the . 

compressive strength of high-strength concrete. In general, to produce concrete 

having a 56-day compressive strength of at least 9000 psi, the water-cement ratio 

must be less than 0.35. 

2. For mixes made using superplasticizers, the highest compressive 

strengths were produced using Type II cement. In general, 600 to 800 lbs of 

cement are used for each one cubic yard of concrete depending on the amount 

of Fly Ash used. Mixes made using Type II cement have a lower mixing water 

requirement than mixes made with cement types I and III, with or without the 

addition of superplasticizer. 

3. Compressive strength of concrete increases as superplasticizer dosage 

increases, up to a dosage which causes a concrete mix to become segregated 

and unworkable. The addition of too much· su.perp!asticizer to a high-strength 

concrete mix may result in significant retardation of concrete hardening. The 

brand of superplasticizer used affects both the workability and the compressive 

strength of high-strength concrete. 

4. The aggregate surface texture is very important in production of 

high-strength concrete; mixes made using limestone aggregates generally results 

in higher concrete "trengths, especially for high cement contents and 56-day 

test age. Improved bonding due to the rough surface of the aggregates and 

good mineralogical compatibility between the limestone aggregate and mortar 

are important in achieving very high concrete compressive strengths. In addition, 

the effect of the gradation of the coarse aggregate on the compressive strength 
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of high-strength concrete is directly related to the effect of the gradation on the 

mixing water requirement for a given slump. Due to the high fines content and 

the use of workability admixture in the production of high-strength concrete, the 

effect of variations in coarse aggregate grndation within allowable ASTM C-33 

limits is not expected to be significant. A smaller coarse aggregate maximum 

size of 3/8 in (ASTM C-33) is required to achieve a high compressive strength 

of concrete. The higher rate of strength gain between 28 and 56 days observed 

for mixes containing 3/8 in. aggregate is likely due to the extra available pore 

water which can enhance hydration at later ages. 

5. The higher the cement content, the smaller is the difference in com

pressive strength of similar high-strength concrete mixes produced using sands 

having fineness moduli between 2.7 and 3.1. Contrary to the production of 

normal-strength concrete, the use of the finer sands with a fineness modulus as 

low as 2.4 generally results in higher strengths when producing high-strength 

concrete. 

6. More compressive strength is gained by adding Class C Fly Ash to 

a concrete mix than by adding an equal weight of Portland cement if the ratio 

of the weight of fly ash to the combined weights of fly ash and cement is in the 

range of 20 to 30 percent. The strength producing properties of the Calcium 

and Silicon components of the fly ash apparently add substantially to concrete 

strength, especially since the mixing water demand of the fiy ash is less than that 

of cement. 

7. High-strength concrete having a slump of 4 inches or greater can be 

produced even when mixing temperatures are of the order of 1000 F and the 

total time of mixing is between 60 and 90 minutes by using a reducer-retarder 
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admixture. Careful control of admixture dosages is recommended when using 

both superplasticizers and reducing-retarding admixtures in a given mix. Their 

combined retarding action can cause the rate of hardening and the first day 

compressive strength to be reduced significantly if the reducer-retarder dosage is 

not controlled properly. 

8. The 28-day compressive strength of high-strength concrete which has 

been cured for 7 days after casting is not seriously affected by curing in hot and 

dry conditions from 7 to 28 days after casting. 

9. The type of capping compounds used to cap high-strength concrete 

specimens for compression testing affects the test results. It is recommended 

that a high-strength capping compound be used. 

Presently, there is no set of scientific criteria that specifies the perfect 

mix design for production of high-strength concrete. Obviously, the application 

of previous studies is helpful especially that developing a mix design for high

strength concrete varies on a geographical basis due to the availability of different 

materials. Therefore, a trial and error procedure is taken to achieve the concrete 

strength desired. It is beyond the scope of this study to extensively discuSs the 

importance of quality control and other aspects involved in the production of 

high-strength concrete. 

1.3.2 Structural Properties of High-Strength Concrete 

Research on high-strength concrete in the U.S.A started in 1976 by Nil

son and Slate of Cornell University (62-65). Their work resulted in modification 

of the empirical equations previously developed for estimating the modulus of 

elasticity and tensile strength of ordinary-strength concrete. A correlation be

tween the modulus of elasticity Ec and the compressive strength f~ for normal 
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Ec = 40, 000 v' f~ (psi) + 1.0 x 106psi 

for 3000 psi ~ f~ < 12000 psi 
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(1.1) 

The following equation was recommended also for the prediction of the 

tensile strength of normal weight concrete, as measured by the modulus of rupture 

fr (66) : 

fr = 11.7v' f~ (psi) 

for 3000 psi ~ f~ < 12000 pS7. (1.2) 

Several important properties were also reported in the previous refer

ences (62-66) concerning the Poisson's ratio, the creep coefficient, and the tensile 

splitting strength. 

The axial stress versus strain curves for concrete of compressive strength 

up to 11000 psi are shown in Fig. 1.4. The shape of the ascending part of 

the stress-strain curve is more linear and steeper for high-strength concrete, and 

the strain at the maximum stress is slightly higher for high-strength concrete 

(64). The slope of the descending part becomes steeper for high-strength con

crete which exhibits a less ductile failure when compared with ordinary-strength 

concrete. The latter observation is particularly important in the behavior of 

beam-column connections, where increased material ductility will improve the 

performance of the structure under large deformations. 

The Cornell studies also indicate that for cylinders subjected to pure 

compression, failure occurs suddenly in a vertical nearly flat plane passing 
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through the aggregate and the mortar (67). This is in contrast to normal strength 

concrete, where the failure surface is highly irregular. The rela.tively smooth 

plane of failure reduces the aggrega.te interlock component of shear carried by 

concrete. 

High-strength concrete exhibits less internal microcracking than lower 

strength concrete for a given imposed axial strain (67). As a result, the relative 

increase in lateral strains is less for high-strength concrete. Thus, the influence of 

hoop reinforcement is observed to be different for high-strength concrete. It was 

reported that the effectiveness of spiral reinforcement is less for high-strength 

concrete (68). The confining steel in columns is important since it greatly in

creases the strength of the core concrete against lateral expansion under load, and 

it increases the axial strain capacity of the concrete permitting a more gradual 

and ductile failure. 

The basic philosophy of the current ACI code (3) pertaining to confining 

concrete in earthquake design is that the increase of the strength of the column's 

core due to confinement must offest the loss of strength due to spalling of the 

unconfined cover. The equations given in the code (3) are based on the assump

tion that when a reinforced concrete column is subjected to uniaxial load, the 

maximwn capacity of the confined core is reached when the unconfined cover 

starts to spall off. 

Fafitis and Shah (69) investigated lateral reinforcement requirements for 

high-strength concrete columns. Based on their experimental data, analytical 

expressions are proposed for the stress-strain curves of confined and unconfined 

high-strength concrete. Using these analytical expressions, moment-curvature 

relationships are predicted; The predicted curves were compared with the ex-
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perimental data of columns subjected to reversed lateral loading. Based on the 

satisfactory performance of different specimens, it was found that the increased 

amount of lateral reinforcement required by the ACI code (3) for higher com

pressive strength concrete is necessary to compensate for the inherently poorer 

efficiency of confinement in high-strength concrete (68). Compressive strengths 

of concrete up to 9000 psi were investigated in this study. The ACI code equa

tions (3) for the total volumetric ratio of spiral or circular hoop reinforcement PII 

and for the total area of rectilinear transverse reinforcement are as follows: 

and 

where 

Ag -
Ac -

Ach -
A"h -

f~ = 

fyh -
hIt -
S -

PII = .45 x _9 _ 1 _c (A ) it 
Ac fyh 

f~ 
PII~ •12T 

lIh 

Allh = .30 x s x h" ~~h (::h -1) 

Allh ~ .12 x s x hIt f~ 
yh 

gross area of section 

area of core of spirally reinforced column 

area of core bound by rectilinear ties 

total area of rectilinear transverse steel at a section 

compressive strength of concrete in a standard cylinder 

yield stress of transverse steel 

cross-sectional dimension of core 

spacing of ties 

(1.3) 

(1.4) 

(1.5) 

(1.6) 
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The Cornell work (70) showed different results than the work done by 

Ahmad and Shah (68) which indicates that confining spirals are about as effec

tive in flattening the negative slope of the stress-strain curve of high-strength 

concrete as for lower-strength concrete columns. Figure 1.5 shows experimental 

stress-strain curves of the Cornell work (66, 70) for different strengths of nor

mal weight concrete columns with varying spiral reinforcement. Three groups of 

curves are identified by the three concrete strength levels. Each of these groups 

consists of three sets of curves corresponding to three different amounts of lat

eral reinforcement. Indicated in each set of curves with a short horizontal line is 

the average unconfined column strength corresponding to that particular set of 

confined columns. It can be seen that the stress falls off sharply past the peak 

value at peak strain much less for high-strength concrete. 

Based on the available evidence, there is not yet a general agreement 

on the effectiveness of spiral steel for improving the ductility of high-strength 

concrete columns. 

In addition to the information available on basic structural properties 

of high-strength concrete such as the modulus of elasticity and the modulus of 

rupture as well as the requirements for confinement of high-strength concrete, 

information about the flexural behavior of reinforced high-strength concrete is 

needed to allow for the design of a beam-column subassembly. 

One of the important properties of high-strength concrete relative to 

flexural design is the stress-strain relationship. Recent studies at Cornell Univer

sity (62-65) with high-strength concrete specimens under both concentric and 

eccentric compression indicate a linear response up to maximum stress in con

trast to the nonlinear behavior of normal strength concrete. The Hognestad 
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model idealized as a parabola up to ultimate strength f~ followed by a linear tail 

is typical for confined normal-strength concrete and is shown in Fig. 1.6. 

The Cornell tests suggests that the current code (3) value of the max

imum concrete strain Eu = 0.003 may be used also for high-strength concrete. 

Since concrete becomes more brittle and loses its plasticity as its strength in

creases, its stress-strain relationship may be represented by an idealized trape

zoidal curve (66, 72) as shown in Fig. 1.7. Thus, the material is linear up to the 

ultimate strength f~ followed by a horizontal line up to the crushing strain of 

concrete (Eu = 0.003). The slope of the linear part is equivalent to the proposed 

modulus of elasticity for high-strength concrete. The same trapezoidal model 

was adopted by ACI Committee 363 on high-strength concrete (66). 

In present U.S. practice as in ACI 318 (3), the resultant C of the compres

sive stress distrib~tio~ in a fie>..-urru member such as in a beam or a beam-column 

is computed as follows: 

C = Kl X K3 X f~ x b x c (1.7) 

where 

Kl - ratio of average to maximum compressive stress in a beam 

K3 - ratio of maximum stress in a beam to maximum stress in 

corresponding axially loaded cylinder 

c - depth of neutral axis 

f~ - cylinder compressive strength 

b - width of cross-section in consideration 
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The distance K2 x c defines the position of the resultant C from the 

compressive extreme fiber of the cross-section as shown in Fig. 1.7. The nominal 

resisting moment may be calculated knowing the compressive resultant C, and 

the tensile steel force T, as well as the internal lever arm between them. 

Kaar, Hanson, and Capell (73) conducted a series of C-shaped specimens 

tests including concrete strengths ranging from 6,500 psi to 14,850 psi for normal

weight concrete and from 3,560 psi to 12,490 psi for light-weight concrete. Stress

strain curves, flexural constants K},K2 ,K3 , and moduli of elasticity are reported 

for the complete range of concrete strengths to allow for the calculation of the 

nominal capacity of a cross-section. 

Swartz et al. (74) conducted flexural tests at Kansas State University 

on four reinforced rectangular beams with a concrete strength of 12,000 psi. The 

beams were reinforced longitudinally with Grade 60 steel at 0.5pb and 1.5Pb (Pb 

being the balanced flexural reinforcement ratio), and had no stirrups (one beam), 

50% stirrups (one beam), and full required stirrups area (two beams) based on 

the ACI (3) requirements. The results of these experiments may be summarized 

as follows: 

1- The compressive stress block in the beam at failure is presented by a 

parabola after taking into account the changes of the flexural constants 

due to the use of high-strength concrete. 

2- The strain at ultimate load in the extreme compressive fiber is close to 

0.003. 

3- The uniaxial compressive stress-strain curve is almost linear up to stress 

values of 0.5f~. 



47 

Tests of high-strength reinforced concrete beams conducted by Mphonde 

and Frantz (75) indicate that the shear stress resisted by concrete may be more 

accurately expressed as a multiple of f/Fc instead of .iflI commonly used for 

normal. strength concrete. It is not clear to what extent this observation can be 

applied to beam-column joints, where the dimensions, the reinforcement, and the 

failure mechanism are significantly different from an ordinary beam subjected to 

shear. 

Shuaib et aI. (76) tested thirty-six reinforced concrete beams using high

strength concrete to determine their diagonal cracking and their ultimate shear 

capacities. All beams were singly reinforced and were without shear reinforce

ment. The concrete strength used was up to 10,000 psi. The beams were tested 

for six shear-span-to-depth ratios ranging from 1 to 4, and six percentages of 

longitudinal steel content p. Test results indicate that for various span-to-depth 

ratios, Eq. (11-6) of the ACI code (3) for predicting the shear capacity of con

crete is unconservative for beams constructed with high-strength concrete. This 

reduced capacity for beams of high-strength concrete may be the result of the 

ACI building code (3) relating concrete shear strength to {!'Fe rather than ~. 

On the basis of the experimental. data, a modified equation of the concrete shear 

capacity is proposed for low and high span-to-depth ratios. Similar observations 

were reported also by Ashraf, Nilson, and Slate (77). 

1.4 Objective of the Study 

The objective of this study is to examine the behavior of beam-column 

connections constructed with high-strength concrete under inelastic cyclic load

ing. The ACI-ASCE Committee 352 Recommendations for the design of beam

column connections limit the joint shear stress to 'Y-/Fe, where the factor 'Y is a 
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function of the type of loading and joint classification (5). 

At the time the Recommendations were prepared, no data on the per

formance of high-strength concrete connections were available. The majority 

of experimental results are based on tests of subassemblies constructed with 

ordinary-strength concrete ranging between 3500 to 5500 psi. 

Thus, in using the above expression for calculating the allowable joint 

shear stress, the Recommendations have set an upper limit of f~ = 6000 psi, 

regardless of the actual strength. of the concrete. This limitation causes significant 

difficulties in designing frames constructed with high-strength concrete. A major 

advantage of the use of high-strength concrete is the reduction in column cross

sections which would provide additional floor space and reduce the self weight of 

the structure; 

The Recommendations (5) currently ignore the possible increase in shear 

capacity at presence of high-strength concrete. Thus, as far as the design of the 

joint is concerned, the same column cross-section is needed whether 6000 psi or 

14,000 psi is used. This is clearly in contrast with the primary incentive in using 

high-strength concrete. The option of using current equations to evaluate the 

shear strength of the joint is thought to be grossly unconservative from shear 

tests conducted on reinforced high-strength beams (75-77). 

The need ,therefore, exists in modification of the allowable shear stress 

in the joint for high-strength concrete applications. The study would concentrate 

on evaluating the shear capacity of Type 2 joints designated for seismic zones. 

The current Recommendations (5) for joint confinement, which were developed 

for normal-strength concrete cannot be satisfied practically for high-strength 

concrete frames. Based on test results, joint confinement requirements will be 
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presented to ensure ductile behavior of frames. 

To accomplish these objectives, twelve large-scale exterior beam-column 

connections were tested under reversed cyclic displacements of predetermined 

amplitudes. The response of these specimens covered the inelastic range. The 

different aspects of the study are explained in the following chapters. 
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Chapter 2 

The Experimental Study 

2.1 General 

Twelve reinforced high-strength concrete exterior beam-column sub

assemblies were tested for this study. The specimens were designed to approxi

mately represent a typical exterior beam-column connection in the upper levels 

of a multistory ductile moment resisting reinforced concrete frame. The origin 

of the specimens is shown in Fig. 2.1. For each specimen the beam extended 

from the joint to the mid-span in the first bay ·of the frame while the column 

extended from the mid-height of one story to the mid-height of the next story. 

These mid-span and mid-height points correspond to the approximate points of 

inflection in a symmetrical frame under a uniform lateral load. 

Due to high shears and moments which result from lateral inertia forces 

during an earthquake and the large vertical forces which develop in columns from 

gravity loads, especially in the lower stories of a tall building, the inflection points 

tend to fluctuate from the mid-height of the story's columns. For simplicity, 

however, the mean locations of the inflection points are taken at the mid-height 

of the columns. The column heights above and below the longitudinal beam were 

termina.ted at these locations to esta.blish simple pinned connections. 

2.2 Parameters of the Study 

The primary variables for this study are: 

1. The concrete compressive strength f~. 
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2. The joint shear stress at ultimate capacity of the beam. 

3. The amount of steel confinement of the joint provided in the form of 

closed-ties and cross-ties. 

Each specimen was designated by two letters and one numeral. The first 

letter (L or H) indicates a low or high joint shear stress level. The second letter 

(L or H) indicates a low or high joint confinement level. The numeral is a measure 

of the concrete compressive strength in ksi units rounded to the nearest integer 

(8, 11, and 14). The relative values for each of these variables are shown in Table 

2.1 and their selection is explained in more detail in the next three sections. 

Effect of Concrete Compressive Strength 

As discussed earlier, the ACI-ASCE current recommendations (5) for 

design of beam-column connections are based on specimens having compressive 

strengths between 3500 psi and 5500 psi. Recent studies at Cornell indicate 

that high-strength concretes have lower ductility (62-65). Tests of high-strength 

concrete beams have shown that the shear capacity of high-strength concrete is 

more closely related to -e.!H rather than ifFc. These findings are of significant 

importance and represent controlling factors in the performance of beam-column 

connections. 

The concrete compressive strength for this study ranges from 8000 psi 

to 14000 psi. These values, combined with the existing data for the compressive 

strengths less than 6000 psi, cover a large range of concrete compressive strengths. 



Table 2.1: Summary of Proposed Specimens 

Group Specimen f~ 
No. No. psi 

I 1 8000 
2 8000 
3 8000 
4 8000 

II 5 11000 
6 11000 
7 11000 
8 11000 

III 9 14000 
10 14000 
11 14000 
12 14000 

Low Joint Shear == 1100 psi 

High Joint Shear == 1400 psi 

Joint Shear Joint Confinement 
Stress Steel 
Low Low 
Low High 
High Low 
High High 
Low Low 
Low High 
High Low 
High High 
Low Low 
Low High 
High Low 
High High 

Low Joint Con£nement = 4 sets of stirrups & cross-ties 

High Joint Confinement == 6 sets of stirrups & cross-ties 
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Specimen 
Designation 

LL8 
LH8 
HL8 
BR8 
LLll 
LHll 
BL11 
HHll 
LL14 
LH14 
HL14 
HH14 
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Effect of the Joint Shear Stress 

Most studies reported previously indicated that high shear stresses in 

a connection will lead to excessive damage in the joint which will result in sig

nificant loss of stiffness or pinching of the 10ad-deHection hysteresis loops. Sim

ilar behavior was observed in the case of high-strength concrete subassemblies 

(43). The ACI-ASCE Committee 352 Recommendations (5) limit the joint shear 

stress in exterior comer connections to 12{,1fl psi. However, this limit is based 

on test results of specimens with ordinary-strength concrete having compressive 

strengths of approximately 3500 to 5500 psi. The concrete compressive strength 

for the tested specimens varied between 8000 psi and 14000 psi. Two different 

shear values were investigated for each group of specimens (see Table 2.1). The 

"low" shear stress for each group is considered equivalent to 12J8000 :::::: 1100 psi, 

while the "high" joint shear stress is equivalent to 12'1'14000 ~ 1400 psi. The 

latter design shear stress was expected to be too large but, nevertheless, was se

lected in light of the current recommendations which limit the joint shear stress 

to 12ifFc . 

Effect of the Joint Transverse Reinforcement 

The importance of transverse reinforcement in the joint to resist the 

shear forces and provide confinement for the concrete was mentioned previously 

in the literature review. As shown in Fig. 2.2, the joint transverse reinforcement 

is defined as ties or hoops which enclose the column longitudinal steel within 

the depth of the joint. Larger percentages of tran3verse reinforcement in a joint 

provide better confinement for the concrete which will result in improved joint 

behavior. However, the current recommendations for joint confinement which 

were developed for normal-strength concrete c~ot be satisfied for high-strength 
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concrete frames. The difficulties in construction of joints with too .:nany ties has 

made necessary for researchers to find an optimum percentage of joint transverse 

reinforcement. 

Previous tests.(62-65, 68-70) have demonstrated the need for larger per

centages of transverse reinforcement in columns when using high-strength con

crete. However, using too much transverse reinforcement is not practical and 

results in a joint congested with steel. Therefore, it was realistic to provide 

joint confinement only within a practical range. The amount of joint transverse 

reinforcement was either "low" or "high". The "low" amount of joint confine

ment is considered equivalent to four layers of hoops and cross-ties while the 

"high" amount is equivalent to six layers of hoops and cross-ties. The choice of 

"low" and "high" joint confinement will be discussed later in light of the current 

Recommendations of ACI-ASCE Committee 352 (5). 

Flexural StrenKth Ratio Consideration 

Previous tests including those by Lee (22) and Ehsani and Wight (26-

29) indicated the significance of having sufficiently stronger columns than beams. 

Larger flexural strength ratios move the plastic hinging away from the column 

towards the end of the beam. This allows the beam and the column longitudinal 

reinforcement to maintain proper anchorage in the joint, and results in a slower 

rate of strength and stiffness loss of the subassembly. The specimens in this 

study have flexural strength ratios approximately equal to 1.4 as recommended 

by ACI-ASCE Committee 352 (5). 
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2.3 Design of Test Specimens 

Test specimens were designed to satisfy the objectives of the study and 

to fit within the available test set-up. The test specimens and appropriate cross

sections are shown in Fig. 2.2. The corresponding dimensions of the constructed 

specimens are listed in Tables 2.2, 2.4, and 2.6. The height of the column L e , the 

beam span length Lb, and the cross-sections dimensions of the beam (hb,bb) and 

the colwnn (he, be) are the same for all twelve specimens (note he = be). These 

values are included in Tables 2.2, 2.4, and 2.6 fOT easy reference. 

Twelve subassemblies were designed initially depending on the con

crete compressive strength (8000, 11000, and 14000 psi), the joint shear stress 

(low == 1100 psi, or high = 1400 psi), and the joint confinement level (low or 

high). 

The percentage of transverse reinforcement used within the joint (Pt), 

and shown in Tables 2.2, 2.4 and 2.6, is defined as: 

n x A .. h 

Pt = -::-"b -x-:"( d~2-b ---d~l b-:") (2.1) 

where 

A .. h - area of transverse reinforcement in each set or layer 

b total width of the column 

n number of sets or layers of transverse reinforcement in the joint 

d2b - d}b - distance between the centroids of tensile and compressive 

reinforcement in the beam 

The forces acting on an exterior beam-column connection due to lateral 

loads are shown in Fig. 2.3. Beams and columns for all specimens were designed 

in accordance with Appendix A of ACI 318-83 (3). The joint design was done 
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according to the ACI-ASCE Committee 352 (5). The design of each subassembly 

included the following steps: 

1. Assuming a.joint shear stress level Vj (low:::1l00 psi or high:::1400 psi), 

the shear force V; in the joint is computed: 

V; = Vj x bj x he (2.2) 

where 

b· J effective width of joint transverse to the direction of shear 

full depth of column 

2. The required amount of tensile steel in the beam (A.d,bOrA,,2,b) is 

computed: 

where 

T 

T 
A.d,bOrA,,2,b = F. 

ct x y 

the tensile force in the beam at ultimate 

Fy - yield stress of the beam longitudinal reinforcement 

stress multiplier for beam flexural reinforcement 

(2.3) 

The factor ct is intended to account for the actual yield stress of a typical 

reinforcing bar commonly 10 to 25 percent higher than the nominal value as well 

as the possible strain hardening of the beam flexural reinforcement at ultimate. 

A typical value of 1.25 is considered for Type 2 joints. 

3. The ultimate capacity of the beam Mub is calculated using the trape

zoidal compressive block (64, 66, 72). The concrete compressive strength, the 

steel yield stress, and the amounts of flexural steel (A"l,b, A,,2,6) are specified. 

Values of Mub,or=l.O and M u b,or=1.25 are calculated respectively for ct = 1.0 and 

ct = 1.25. 



where 

4. The column shear force Veol is then determined by: 

V. Mu6,a=1.25 
eol = Le 

the total height of the column portion in the subassembly 

equal to 141 in. for all specimens 
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(2.4) 

5. The design is reiterated to satisfy the following relationship of equi

libriwn forces in the joint: 

Vi = T - Veol (2.5) 

6. The actuator load P"eam corresponding to the ultimate capacity of 

the beam is computed as: 

R M ub,a=1.25 
beam = L" 

where 

the beam span length equal to 63 in. for all specimens 

7. The flexural. strength ratio M R equal. to 1.4 is specified as: 

therefore 

or 

MR= EMue 
EMub,a=1.0 

MR= 2xMue 
M ub,a=1.0 

M _ MR X M ub,a=1.0 
ue - 2 

(2.6) 

(2.7) 

(2.8) 

(2.9) 
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where 

Muc = ultimate capacity of column 

Mu6,o=l.O = ultimate capacity of beam with stress multiplier Q equal to 1.0 

8. After computing the required ultimate column capacity Muc, the 

column is designed. From the load-moment interaction diagram, the axial column 

load Puc is selected for the designated column moment Muc. A summary of design 

values for all twelve specimens is shown in Tables 2.3, 2.5, and 2.7. 

Transverse reinforcement in a joint contributes to the behavior of the 

joint in different ways. First, it resists the excess shear force in a joint after the 

concrete cracks. Second, it minimizes the crack width prior to the yielding of the 

transverse reinforcement. Third, it provides confinement for the concrete in the 

joint core, delaying the joint deterioration. Finally, it holds the column longitu

dinal reinforcement in position and provides lateral support so that individual 

bars only have the tendency to buckle between the stirrups; thus improving the 

joint behavior in general. 

To ensure adequate confinement of the joint, sufficient force transfers 

within the joint, and good joint behavior' during anticipated earthquake loading, 

the ACI-ASCE Committee 352 requires that the total cross-sectional area of 

hoops and cross-ties (A"h) should be at least equal to: 

A"h = .30 x s x h" X l~h (::h -1) 
but should not be less than: 

where 

A"h = .09 x s x hIt x ff~ 
yh 

Ag - gross area of section 

(2.10) 

(2.11) 



Aeh 

Ash 

j~ 

j"h 

hit 

S 

-

-

-

-

-
-

area of core bound by rectilinear ties 

total area of rectilinear transverse steel at a section 

compressive strength of concrete in a standard cylinder 

yield stress of transverse steel 

cross sectional dimension of core 

spacing of ties 
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Equations 2.10 and 2.11 were originally developed for confinement of 

tied columns and were later extended for use in the joint region. However, the 

coefficient 0.09 in Eq. 2.11 is different than in Eq. 1.6 where the coefficient is 0.12 

for tied columns. Transverse reinforcement should be closely spaced (s should not 

exceed the least of one-quarter of the minimum column dimension, six times the 

diameter of longitudinal bars to be restrained, or six inches), and be continued 

above and below the joint for a distance at least equal to the greater of 18 in., one

sixth the clear height of the column, or the maximum cross-sectional dimension 

of the member. The required number of layers of hoops and cross-ties according 

to Eqs. 2.10 and 2.11 are included in Table 2.8. Due to the impracticality in 

construction and congestion of the joint that these requirements impose, two 

levels of confinement (Low= 4 sets, High= 6 sets) were investigated for the three 

groups of specimens with different concrete compressive strengths (8, 11, and 

14 ksi). Each layer of transverse reinforcement includes a Grade 60 No.4 closed 

rectangular hoop with a 135 degree standard hook in addition to a Grade 60 No.4 

cross-tie as shown in Fig. 2.2. For all specimens, the transverse reinforcement of 

the joint was extended to the column at 2.5 in. spacing. The beam transverse 

reinforcement included a Grade 60 No.4 rectangular hoop with a 135 degree 

standard hook at 3 in. spacing; the maximum spacing being one-fourth of the 
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beam effective depth according to section A.3.3.2 of the ACI code (3). 

During intense seismic loading, moment reversals are to be expected 

at beam-column joints which cause stress reversals in the beam and column 

longitudinal reinforcement at the connection. Research results (78) show that 

the concrete cover over the column bars becomes ineffective for bar development 

in Type 2 joints. Thus, the critical section for development is taken at the face of 

the confined column core as shown in Fig. 2.4. The critical section is taken at the 

column face for Type 1 joints. For all twelve specimens tested, the terminating 

beam longitudinal bars were hooked within the transverse reinforcement of the 

joint using a 90 degree standard hook. The development length Idh measured 

from the critical section was computed as follows: 

I 
f x a X Fy(psi) X db 

dh = 
75 x J f~(psi) . (2.12) 

where 

f reduction factor included in case the transverse joint reinforcement 

is placed less than or equal to three times the diameter of the 

bar being developed (f is equal to 0.8) 

diameter of the beam longitudinal bar 

Due to the lack of data about the relationship between the development 

length ldh and the IH for high-strength concrete, the required distance ldh was 

calculated using Eq. 2.12 and (f~ =8000 psi) for all specimens. The values of 

required and provided development lengths for all twelve specimens are included 

in Tables 2.3, 2.5, and 2.7. 

To limit slippage of column bars through the connection. The ACI-ASCE 

Committe 352 (section 4.5.4) recommends that: 

-.!!:L > 20 
db,col -

(2.13) 
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Table 2.2: Dimensions of Group I Specimens 

Specimen I LLSI LHS I HLS I HH8 I 
Le (in) 141 141 141 141 
L" (in) 63 63 63 63 
he (in) 14 14 14 14 
dle (in) 2.5 2.5 2.5 2.5 
d 2e (in) 7.0 7.0 7.0 7.0 
d 3e (in) 11.5 11.5 11.5 11.5 
A.le 2#8& 2#8& 3#8 3#8 

1#7 1#7 
A.2c 2#7 2#7 2#8 2#8 
A.3c 2#8& 2#8& 3#8 3#8 

1#7 1#7 
h" (in) 20 20 20 20 
b" (in) 12.5 12.5 12.5 12.5 
dl6 (in) 2.875 2.875 3.00 3.00 
d26 (in) 17.125 17.125 17.00 17.00 

Ad6 4#8 4#8 4#9 4#9 
A;2b 4#8 4#8 4#9 4#9 

No. of hoops 4 6 4 6 
Pc 1.20 1.80 1.22 1.84 

Table 2.3: Design Summary of Group I Specimens 

Specimen , LL8 I LHS I HL8 I HH8 I 
PfAC (kips) 66 66 114 114 
P6c: (kips) 531 531 530 530 

MfAC (kips.in) 2119 2119 2546 2546 
MfA" (kips.in) 3719 3719 4448 4448 

for F" = 75 (ksi) 
Mu6 (kips.in) 3027 3027 3637 3637 

{or F" = 60 (ksi) 
MR 1.4 1.4 1.4 1.4 

Vi (kips) 210.7 210.7 268.4 268.4 
V; (psi) 1136 1136 1447 1447 
f; (ksi) 8.1 8.1 8.1 8.1 
h6/d",CDl 20 20 20 20 

Required Idll (in) 8.9 8.9 10.0 10.0 
for f; = 8000 (psi) 
Provided 1,,11 (in) 10.5 10.5 10.5 10.5 
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Table 2.4: Dimensions of Group II Specimens 

Specimen I LL11 I LH11 I HL11 I HHll I 
Le (in) 141 141 141 141 
L" (in) 63 63 63 63 
he (in) 14 14 14 14 
dte (in) 2.50 2.625 2.625 2.625 
d'e (in) 7.0 7.0 7.0 7.0 
d3c (in) 11.5 11.3i5 11.375 11.375 

Ade 2#8& 2#8& 3#8 3#8 
1#7 1#7 

A.2e 2#7 2#7 2#8 2#8 
A.3c 2#8& 2#8& 3#8 3#8 

1#7 1#7 
h" (in) 20 20 20 20 
bb (in) 12.5 12.5 12.5 12.5 

dtb (in) 2.50 2.75 2.625 2.75 
d'b (in) 17.50 17.25 17.375 17.25 

A.tb 4#8 4#8 4#9 4#9 
A.2b 4#8 4#8 4#9 4#9 

No. of hoops 4 6 4 6 
Pc 1.14 1.77 1.16 1.77 

Table 2.5: Design Summary of Group II Specimens 

Specimen I LL11 I LH11 I HL11 I HH11 t 
Puc (kips) 64.0 61.6 132 136 
Pbc (kips) 652 639 637 637 

M uc (kips.in) 2183 2157 2692 2710 
Mub (kips.in) 3823 3772 4690 4754 

for Fv = 75 (ksi) 
Mub (kips.in) 3118 3081 3845 3872 

for Fv = 60 (ksi) 
MR 1.4 1.4 1.4 1.4 

V; (kips) 209.8 210.2 266.3 266.3 
t1j (psi) 1131 1133 1435 1435 
/: (ksi) 10.7 10.7 10.7 10.7 
h,,/d",col 20 20 20 20 

Required Ill" (in) 8.9 8.9 10.0 10.0 
for /: = 8000 (psi) 
Provided ltl" (in) 10.5 10.5 10.5 10.5 
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Table 2.6: Dimensions of Group III Specimens 

Specimen I LL14 I LH14 I HL14 I HH14 I 
Le (in) 141 141 141 141 
L. (in) 63 63 63 63 
he (in) 14 14 14 14 
dIe (in) 2.75 2.50 2.50 2.50 
d 2e (in) 7.0 7.0 7.0 7.0 
d3t: (in) 11.25 11.50 11.50 11.50 

Aile 2#8& 2#8& 3#8 3#8 
1#7 1#7 

A,2e 2#7 2#7 2#8 2#8 
A,3c 2#8& 2#8& 3#8 3#8 

1#7 1#7 
h. (in) 20 20 20 20 
b. (in) 12.5 12.5 12.5 12.5 
dl. (in) 2.875 2.875 3.00 3.125 
d211 (in) 17.125 17.125 17.00 16.875 

A,l" 4#8 4#8 4#9 4#9 

A,2" 4#8 4#8 4#9 4#9 
No. of hoops 4 6 4 6 

Pc 1.22 1.80 1.22 1.87 

Table 2.7: Design Summary of Group III Specimens 

I· Specimen I LL14 I LH14 I HL14 I HH14 I 
Puc (kips) 53 50 110 107 
Phc: (kips) 736 764 762 762 

Mue (kips.in) 2178 2178 2689 2681 .-.-
MtAh (kips.in) 3826 3826 4686 4652 

for F" = 75 (ksi) 
Mull (kips.in) 3112 3112 3842 3830 

for Fv = 60 (ksi) 
Mn 1.4 1.4 1.4 1.4 

V; (kips) 209.8 209.8 266.7 267.0 
V; (psi) 1131 1131 1437 1439 
/! (ksi) 13.6 13.6 13.6 13.6 
h,,/d",t:D1 20 20 20 20 

Required IdA (in) 8.9 8.9 10.0 10.0 
for /~ = 8000 (psi) 
Provided Id" (in) 10.5 10.5 10.5 10.5 
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where 

total depth of the beam 

d",col= diameter of column longitudinal bar 

A complete design of a typical subassembly is shown in Appendix A. 

2.4 Materials Properties 

The three groups of specimens were designed to have a 56-day concrete 

strengths of 8000, 11000, and 14000 psi. Different trial batches were conducted 

at the University of Arizona laboratory using Arizona Portland cement, Blue 

Circle cement, class C and class F fly ash, as well as different admixtures. The 

admixtures used for the trial batches were: 

1. Pozzolith lOO-XR (manufactured by Master Builders) which retards set

ting time, improves workability, and increases compressive strength of 

the concrete. 

2. Pozzolith 400-N (manufactured by Master Builders) which is a high range 

water-reducing admixture for high slump as well M rapid and higher 

strength gain applications. 

3. Force 10,000 (manufactured by W.R. Grace & Co.) which is a micro

silica based liquid slurry designed to increase compressive and flexural 

strengths of concrete. Force 10,000 may be used with a slump extending 

water reducer such as DARCEM-IOO (manufactured by W.R. Grace & 

Co.) or any other compatible water reducer admixture. Force 10,000 

proved to be essential in developing high-strength concrete for this study. 

The compressive strength of concrete for different trial batches was ob-

tained, and mix-designs were developed for 8000, 11000, and 14000 psi concrete 

strengths based on test results. The mix-designs were later implemented at a 
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local ready-mix plant for delivering the concrete used for the large scale sub

assemblies. Details of the concrete mix properties and complete results of the 

concrete cylinder tests are given in Appendix B. The averages of the concrete 

compressive strengths for the three groups are listed in Table 2.9. 

The average measured steel properties are presented in Table 2.10. Grade 

60 No.7 and No.8 bars were used for the column longitudinal reinforcement 

bars. The main flexural reinforcement in the beam was Grade 60 No.8 for low 

shear specimens, and Grade 60 No.9 for high shear specimens. Grade 60 No.4 

bars were used for transverse reinforcement in the joint, the column, and the 

beam. Details of the equipment and procedures used to compute the materials 

properties are given in Appendix B. 

2.5 Construction of Specimens 

Four sets of reusable plywood forms were constructed. According to the 

dimensions provided and the ACI code requirements (3), all reinforcements were 

fabricated by a local steel supplier. Twenty-two electrical-resistance strain gages 

were attached to selected locations on the main longitudinal reinforcing bars, and 

the transverse reinforcement in the joint region. The beam-column steel cage was 

assembled outside the form. 

Prior to each casting, the forms interior were sealed· with plastic sheets 

to allow for easy removal of the hardened specimen from the formwork as well as 

proper conservation of the water used in the concrete batch. Next, the different 

parts of the form were bolted together, and the steel cage was then placed in 

the plywood form horizontally on the ground. Four A-36 bolts were positioned 

at each end of the column and the beam to ensure proper fit of the devices 

connecting the subassembly to the testing system. 
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Table 2.8: Required and Provided Joint Confinement 

f~ s s no. of sets no. of sets no. of sets 
(psi) (in) (in) of hoops of hoops of hoops 

Eq. 2.10 Eq. 2.11 Eq.2.10 Eq.2.11 used 
8000 - 2.2 4.5 6 2 4&6 
11000 1.6 3.3 8 4 4&6 
14000 1.3 2.6 11 5 4&6 

Table 2.9 Average Cylinder Tests 

Strength for 28-day 56-day Slump 
Group no. strength (ksi) strength (ksi) (in) 

1; 1 8.2 8.6 6 

1;.11 10.8 10.7 7 

1;.111 13.4 13.7 4 

Table 2.10 Average Measured Steel Properties 

Fv (ksi) 64.75 69.50 66.28 64.23 
fw x 10-3 2.38 2.71 2.54 2.58 
EIOIi x 10-3 7.8 8.1 6.8 6.9 
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The subassemblies 'Were cast inside the laboratory for proper control of 

temperature and curing conditions of high-strength concrete mix. The concrete 

was mixed and delivered in a ready-mix truck. During casting, the concrete was 

consolidated with a hand-held electrical vibrator. An average of fifteen concrete 

cylinders were cast and cured at each casting. Specimens and cylinders were 

moist cured for ten days by brushing them with water and a water-sealing agent 

and covering them with plastic sheets. Subsequently, the forms were removed 

and the specimens and cylinders were uncovered until testing. 

2.6 Test Set-up 

The specimens were tested in the steel reaction frame shown in Fig. 2.5. 

The column and the beam ends had embedded bolts to which a male device was 

bolted. A solid steel pin with a 2.5-inch diameter was used to attach the male 

clevices to the female devices which were bolted to the testing frame. This type 

of end connection simulated the hinges which are assumed to form at mid-height 

of the columns and the mid-span of the beam in a building frame as shown in 

Fig. 2.1. 

The actuator used for applying cyclic displacements was attached to the 

beam's end with a pinned connection. The column axial load was applied with 

two hydraulic jacks at a pinned connection which allowed for axial shortening 

of the column. Details of the equipment and the control system are given in 

Appendix C. 

Two steel plates were externally prestressed with bolts in the direction of 

loading; the plates were applied to both the compressive and tensile faces of the 

beam close to the point of application of loading. These plates provided external 

confInement for the concrete near the region where the beam is loaded. 
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The hydraulic actuator was connected to the beam's end using a swivel 

joint. During the testing of specimen LH8, the specimen deviated out of the plane 

of loading due to small eccentricity in the swivel joint. The swivel joint was later 

replaced by a fixed joint to avoid out-of-plane displacement. of the subassembly. 

2.1 Instrumentation and Data Collection 

Data for each specimen were obtained from the following sources: 

1. The load cell and the displacement transducer of the hydraulic actuator. 

2. The displacement transducers mounted over the joint and over the beam 

close to the column face. 

3. Electrical resistance strain gages attached to the reinforcing bars. 

4. Photographic records of the crack damage progress. 

During each cycle of testing, loading was stopped for a few seconds at 

several points while all data were scanned through an HP 3947 Data Acquisition 

System. The readings were automatically printed, and the data was then stored 

on a floppy disk. 

The yield displacement, the yield load, and the overall integrity for each 

specimen were obtained from the hysteresis loops of the applied shear force vs 

the beam's free end displacement at the point of application of the load. These 

data were continuously plotted and updated on the computer screen during the 

test. 

Eight Displacement Transducers (DTs) were distributed over the face of 

the j~int, and at the beam's compressive and tensile faces close to the column 

face and at twenty inches from the column face as shown in Fig. 2.6. The data 

from these displacement transducers were used to determine joint deformations 

and beam rotations. Appendix D contains further discussion of the displacement 
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transducers and their calibration. 

For each specimen, twenty-two electrical-resistance strain gages were at

tached to the reinforcing bars in the joint region at selected locations shown in 

Fig. 2.7. Nine strain gages were bonded to the longitudinal column bars, another 

nine strain gages to the joint's transverse reinforcement, and four strain gages to 

the beam's longitudinal bars. The strain gage data were used to determine the 

yielding as well as slippage of the reinforcing bars. 

In order to differentiate between the two directions of loading, crack 

propagations on the specimens were marked with different colors at maximum 

displacements of each cycle of loading. At the end of each cycle, the loading was 

stopped briefly while black and white photographs and color slides were taken to 

record the progress of damage of the specimen. 

2.8 Loading Sequence 

For all specimens, the loading from the actuator was controlled by the 

displacement mode. Due to the complex nature of earthquake loading, re

searchers have not reached a consensus for a prefered loading history to simulate 

earthquake motion. It is reminded that this study consists of a pseudo-dynamic 

testing of beam-column subassemblies. The displacement controled loading his

tory selected for this study is shown in Fig. 2.8. It consists of nine cycles with 

the first cycle having a maximum displacement of 0.5 inches. The maximum dis

placement for each subsequent cycle was increased by 0.5 inches until it reached 

4.5 inches during the ninth cycle of loading. 

Useful information can be obtained from the specimen response when 

subjected to such a loading schedule. This includes strength and stiffness degra

dation, yield displacement, displacement ductilities, and the load-carrying ca-
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pacity loss in each subsequent cycle. In general, there are three possibilities 

for the response of the specimen to such displacement schedule as shown with 

the dashed lines in Fig. 2.9. The first possibility indicates no loss in stiffness 

and strength; the second possibility reflects a loss of stiffness only; the third 

possibility represents a loss of both stiffness and strength. 

It is recognized that the proposed displacement schedule for this study 

resulted in a six to seven percent equivalent story-drift. The percentage interstory 

drift D% is defined as: 

where 

D _ Ll x 100 
% - Lb 

the beam's free end displacement 

the length of the beam's span 

at maximwn displacement ofthe actuator (Ll = 4.5 in.): 

D - 4.5 x 100 - 7 1 ~ 
% - 63 -. 70 

(2.14) 

(2.15) 

A parametric study of displacement response of multi-story reinforced 

concrete frames, subjected to acceleration records of Mexico City and El Cen

tro earthquakes, shows a maximum story-drift close to 1.6 percent for 16-story 

buildings (50). The proposed displacement schedule resulted in severe loading 

that helped reveal valuable information regarding the inelastic response of the 

subassemblies. 
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Chapter 3 

Test Results 

3.1 Introduction 

The overall behavior of each specimen will be analyzed using the follow

ing categories of information: 

1- Continuous plots of the applied load vs. specimen displacement at the 

point of application of load. 

2- Strain history from the gages bonded to the reinforcing bars at different 

locations. 

3- Data from Displacement Transducers (DTs) positioned over the joints 

boundaries and over the beam region close to the face of the column. 

4- Photographic records showing the cracking patterns for each specimen 

at different loading cycle. 

Discussion of each of the above sources of information as well as the 

effect of selected variables will be covered in this chapter. Because the amoWlt 

of data available for each test is very large, especially the data collected from 

the strain gages and the displacement transducers, only typical examples with a 

tabulation or plotting of the most useful information from the recorded data will 

be presented in each section. 
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3.2. Plots of Load vs. Displacement 

Plots of load VB. displacement are one of the most important and perhaps 

the most easily interpreted source of information available for each specimen. In 

this study all specimens were subjected to the same displacement schedule shown 

in Fig. 2.8. This incremental approach of displacement was selected such that 

the load vs. displacement curves would indicate the loss of stiffness as well as the 

change in the load-carrying capacity of the specimen in subsequent cycles. These 

hysteresis loops represent the combined behavior of all elements including the 

beam, the column, and the joint. Hence, it is the response of the weak element 

that controls. 

Useful information can be obtained from these loops such as the maxi

mum shear strength applied to the specimen during any load cycle, the degra

dation of the load-carrying capacity and stiffness, in addition to the energy dis

sipated during any cycle. 

The complete load-displacement curves for all twelve specimens are 

shown in Figs. 3.1 through 3.12. Due to the equality of positive and nega

tive reinforcement and the equal displacements in both directions of loading, 

the resulting positive and negative portions of each specimen's hysteresis loops 

were almost symmetrical and identical in values; therefore, the discussion in this 

section will be limited to the average load for the positive and negative cycles. 

The horizontal line shown in Figs. 3.1 through 3.12 indicates the expected ul

timate load-carrying capacity of the subassembly. This load is calculated based 

on the ultimate capacity of the beam taking into account the increase in the 

tensile stress of the longitudinal reinforcement. The increased tensile stress is 

obtained by multiplying the nominal yield stress (e.g. 60 or 40 ksi) times a 
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factor Q. The factor Q is intended to account for the actual yield stress of a 

typical bar, commonly 10 to 20 percent higher than the nominal value, as well 

~ the strain hardening of the reinforcement due to large displacements beyond 

the yield displacement. 

For all specimens tested, a distinct behavior was observed as far as the 

difference between normal-strength and high-strength concrete. It is common to 

model the stress-strain curve of confined normal-strength concrete as a second 

degree polynomial up to the ultimate stress followed by a linear tail (see Fig. 1.6). 

However, confined high-strength concrete is modeled as an elastic perfectly plas. 

tic material. The modulus of elasticity for concrete increases with its compressive 

strength. This results in a linear behavior of high-strength concrete upon reach

ing of the ultimate capacity. This same response can be seen in Figs. 3.1 through 

3.12 representing the load-displacement curves of the twelve specimens tested. 

3.2.1 Strength 

The ability of each specimen to enter strain hardening stage was ex

amined. The average maximum applied shear force was compared to the yield 

load of the specimen for each cycle, and the ratios were used to compare the 

development of the load-carrying capacity beyond yield as well as the the degree 

of deterioration for different specimens. For comparison and convenience, these 

ratios are presented in Table 3.1a for low shear specimens and Table 3.1b for 

high shear specimens. The yield displacement and the yield load, obtained from 

the load-displacement curves, are also included in these tables. 

The expected yield load, Py , is calculated based on yielding of the beam 

tensile reinforcement. The actual material properties are considered in computing 



Table 3.1a: Load-Carrying Capacity of Low Shear Specimens 

I Ratio of Average Load to Yield Load 
For Each Cycle 

Specimen I LLS I LL11 I LL14 " LHS I LHll I LH14 I 
Yield load P" 

kips 47.7 49.4 48.3 4;.; 48.4 4S.3 
Yield Disp ~" 

In 1.75 1.74 1.72 1.70 1.76 1.iO 
Cycle Number 

1 .39 .31 .3S .36 .38 .38 
2 .66 .53 .64 .65 .66 .61 
3 .88 .13 .87 .88 .89 .92 
4 1.05 .85 l.07 .92 1.07 l.11 
5 1.14 .93 l.15 .98 1.20 l.20 
6 1.15 .94 l.21 1.12 1.29 1.2'3 
7 1.07 .92 1.18 1.12 1.30 1.21 
S .95 .S4 1.10 LOS 1.29 1.08 
9 t .72 .96 1.03 1.25 .94 

tTest was stopped halfway at the eighth cycle 

Table 3.1b: Load-Carrying Capacity of High Shear Specimens 

Ratio of Average Load to Yield Load 
For Each Cycle 

Specimen I HLSI HL11 I HL14 II HH81 HH11 I HH14 I 

Yield load P" 
kips 59.2 61.3 60.0 59.2 60.8 59.4 

Yield Disp ~,1 
in 1.90 1.90 t 1.95 1.S3 1.90 

Cycle Number 
1 .26 .31 .33 .29 .32 .34 
2 .55 .52 .59 .55 .55 .61 
3 .7S .72 .81 .73 .74 .81 
4 .89 .85 .93 .88 .89 .96 
5 .92 .90 t .96 .98 1.04 
6 .89 .89 t .96 1.03 1.08 
7 .84 .84 t 1.00 1.00 1.04 
8 .70 .76 t .93 .93 .91 
9 0.60 0.65 t .SO .79 .74 

tSpecimen failed prematurely 

74 
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P'I/' The yield displacement, ~'I/' is measured as the displacement corresponding 

to the first change in slope of the load-deflection curve of each specimen (Figs. 3.1 

through 3.12). 

As can be seen in Table 3.1a, specimens LH8 and LHll were able to 

maintain the level of the yielding load for the entire duration of the displacement 

schedule. Also, both specimens showed an increase in the load resistance during 

each additional cycle up to 3.5 in displacement with a maximum strength of 1.12 

and 1.30 times that of the yielding strength. In addition, higher confinement 

of the joint resulted in lower deterioration of the joint and an increase of the 

ultimate capacity of the specimen. However, the effect of joint confinement was 

less pronounced on specimen LH14 constructed with concrete strength of 13.6 ksi 

indicating that more confinement is needed when using high-strength c~ncrete. 

It is clear that the same level of confinement used for specimens LH8, LHll, and 

LH14 resulted in higher relative deterioration of specimen LH14. 

Table 3.1b shows the load ratios for specimens with high shear level. The 

deterioration of t~ese specimens was more severe. Higher joint confinement had 

little effect on increasing the load-carrying capacity or reducing the deterioration 

to a satisfactory level above the yield load. The clear decrease in the strength 

capacity upon reaching of ultimate strength was related to the slippage of the lon

gitudinal reinforcement for the columns as well as the confinement deterioration 

of the joint which resulted from joint high shear stresses. 

3.2.2 Stiffness 

Stiffness is an important measure of the performance of each specimen 

over the duration of the loading schedule. In general, it can be seen that all 

specimens suffered a reduction in stiffness during subsequent displacement cy-
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cles. This loss of stiffness is due to the Bauschinger effect in the reinforcing 

steel, concrete deterioration in and adjacent to the joint, and slippage of column 

longitudinal reinforcement. 

The pinching of the hysteresis loops for the cycles beyond yielding shows 

that the stiffness is substantially lower near the zero displacement point in these 

cycles. This large reduction in the stiffness near the zero displacement point is 

primarily due to unclosed beam flexural cracks near the face of the column. At 

these cracks the shear stiffness of the beam which is dependent on the doweling 

action of the beam longitudinal reinforcement is very low. In addition, after the 

first cycle of loading the concrete near the loading point deteriorated slightly. 

This deterioration resulted in looser connections between the specimen and the 

testing frame. This looseness was noticed more near the zero displacement point, 

when the specimen was not bearing against the loading brackets. Although 

minor, this phenomenon caused an additional apparent pinching of the hysteresis 

loops near the zero displacement point. 

For the purpose of numerical comparison, the overall stiffness for each 

cycle is normalized with respect to the yield stiffness. The latter is the ratio of the 

yield load to yield displacement as given in Tables 3.la and 3.lb. The stiffness 

ratios obtained are listed in Table 3.2a for low shear specimens and Table 3.2h 

for high shear specimens .. The overall stiffness for each cycle was computed as 

the average mid-cycle maximum load attained during this cycle over the average 

mid-cycle maximum displacement. 

To examine the effeCt of the selected variables in this study, plots of 

the stiffness ratios with respect to the cycle number were obtained for different 

permutations of the concrete compre:!sive strength, the degree of the joint con-
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finement, and the shear stress level. A close examination of these plots show 

that the concrete compressive strength had no effect on the stiffness degradation 

of different specimens. Although, plain high-strength is more brittle at failure 

than normal-strength concrete, its stiffness degradation when properly confined 

is similar to confined normal-strength concrete. Figure 3.13 shows that the stiff

ness ratios for specimen LR11 were higher than those of specimens LL11 RLll 

and RR11 over the entire duration of the loading schedule. Specimen LH11 lost 

only fifty-one percent of its yield stiffness by the end of the test while specimen 

HL11 lost approximately seventy-two percent of its yield stiffness. Similar be

havior was observed for specimens with 8 ksi and 14 ksi concrete compressive 

strengths. In general, specimens with high joint confinement performed better 

than corresponding specimens with low joint confinement. Additionally, a bet

ter performance resulted as far as the stiffness deterioration when the joint was 

designed for low shear stress level coupled with high degree of joint confinement. 

3.2.3 Energy Dissipation 

The energy dissipated by each specimen during a loading cycle is com

puted as the area enclosed within the load VB. displacement curve. The amount 

of energy dissipated by each specimen during various loading cycles is given in 

Table 3.3a for low shear specimens and Table 3.3b for high shear specimens. The 

energy dissipation is a measure of the ductility of the specimen. A ductile spec

imen is expected to dissipate higher energy for each additional increase of the 

displacement. Hence, a specimen starts to loose its ductility when the energy 

dissipated stops to increase or decreases for each additional cycle. In general, the 

ductility of different specimens can be compared with respect to the amount of 

energy dissipated as well as the rate of energy dissipatea over the entire duration 



Table ,3.2a: Stiffness Rat.ios of Low Shear Specimt:ns 

Ratio of Average Stiffness to Yield Stiffness 
For Each Cycle 

Specimen I LL8 I LLll I LL14 II LH8 I LHll I LH14 I 
Yield Stiffness 

kips/in 27.3 28.4 28.1 28.1 27.5 28.4 
Cycle N wnber 

1 1.34 1.07 1.24 1.22 1.30 1.28 
2 1.14 .91 1.10 1.10 1.16 1.13 
3 1.02 .84 1.00 1.00 1.05 1.04 
4 .92 .74 .92 .77 .94 .93 
5 .79 .65 .79 .67 .84 .81 
6 .67 .54 .69 .63 .75 .70 
7 .53 .46 .58 .54 .65 .59 
8 .41 .37 .47 .46 .57 .46 
9 t .28 .37 .39 .49 .36 

tTest was stopped halfway at the eighth cycle 

Table 3.2b: Stiffness Ratios of high Shear Specimens 

Ratio of Average Stiffness to Yield Stiffness 
For Each Cycle 

Specimen I HL8 I HLll I HL14 II HH8 I HHll I HH14 I 
Yield Stiffness 

kips/in 31.2 32.3 t 30.4 33.2 31.3 
Cycle Number 

1 1.00 1.14 t 1.14 1.16 1.26 
2 1.04 1.01 t 1.07 1.00 1.14 
3 .99 .92 t .95 .92 1.04 
4 .84 .81 

* 
.85 .80 .92 

5 .69 .68 

* 
.75 .72 .80 

6 .57 .57 t .65 .63 .69 
7 .45 .46 t .55 .52 .56 
8 .33 .36 

* 
.45 .42 .43 

9 .25 .28 t .35 .32 .33 

tSpecimen failed prematurely 
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Table 3.3a: Energy Dissipation of Low Shear Specimens 

Energy dissipation for each cycle I 
kips-in 

Specimen LLS I LLll I LL14 II LH8 I LHll I LH14 I 
Cycle Number 

1 2.4 2.6 1.6 0.8 1.S 2.1 
2 12.3 11.1 12.1 11.9 12.1 12.2 
3 24.9 20.2 23.1 24.6 24.5 22.S 
4 41.1 34.1 38.1 36.6 38.9 42.9 
5 6S.8 50.S 64.2 47.9 64.4 70.2 
6 94.9 71.7 94.4 72.3 82.6 92.6 
7 122.0 88.2 122.6 101.0 122.5 123.5 
8 t 99.1 128.1 137.8 154.6 135.8 
9 t 100.6 151.0 153.6 175.0 154.6 

tTest was stopped halfway at the eighth cycle 

Table 3.3b: Energy Dissipation of high Shear Specimens 

Energy dissipation for each cycle I 
kips-i~ 

Specimen HLS I HLll I HL14 II HHS I HH11 I HH14 I 
Cycle Number 

1 0.3 0.5 1.4 3.5 2.3 0.9 
2 9.3 12.6 12.4 12.S 11.S 11.9 
3 26.6 22.3 24.3 26.6 25.4 22.6 
4 52.2 42.6 4S.1 47.0 45.7 44.5 
5 81.3 67.6 t 68.7 64.6 71.7 
6 105.9 95.6 t 93.4 89.6 105.8 
7 122.3 122.0 t 133.6 130.4 142.0 
8 122.8 126.4 t 150.S 157.S 163.8 
9 122.7 125.1 t 147.9 158.S 148.8 

tSpecimen failed prematurely 
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of the loading schedule. 

It can be seen from Tables 3.3a and 3.3b that specimens LH8, LHll and 

LHl4 designed for higher joint confinement and low shear level had a continuous 

increase in the energy dissipation over the entire duration of the test. When 

compared with specimens LL8, LL11 and LL14 of low shear level and low joint 

confinement, the amount of energy dissipated for specimens LH8, LHll and LH14 

was higher. The effects of joint confinement and shear stress level are illustrated 

in Fig. 3.14. The energy dissipated at each cycle is normalized with respect to 

the product PyAy. This normalization is needed in order to eliminate the effect 

of larger amounts of flexural reinforcement in specimens of high joint shear level 

on the energy dissipated. The energy ratios are plotted vs the cycle number 

for all specimens of 10.6 ksi compressive strength concrete. Figure 3.14 shows 

that specimen LHll had the highest level of energy dissipation with continuous 

positive rate of energy dissipation while specimen LL11 had almost a zero rate 

of energy dissipation by the end of the test. When compared to specimens L111 

and LHll, specimens HLU and HHll of high shear level behaved similarly with 

relatively lower energy dissipation in the postelastic range. It is clear that, at 

large displacements, the amount of transverse reinforcement in the joint is of 

more critical effect on the ductility of a. specimen than the design shear level in 

the joint. Figure 3.15 shows that the concrete compressive strength had little 

effect on the ductility of the specimen when attention is given to the proper 

detailing of the joint. The use of high strength concrete in moment-resisting 

frames is well justified. 

In general, the results indicate that an increase in the joint shear stress 

and a decrease in the joint transverse reinforcement result in a concentration of 
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damage in the joint. This reduces the total energy dissipated by the specimen. 

3.3 Strain Measurements 

As discussed previously, an average of twenty-two strain gages were used 

in each specimen at different locations of the joint transverse reinforcement, the 

beam longitudinal reinforcement, and the column longitudinal reinforcement. 

The locations of these gages are shown in Fig. 2.7. Data from the strain gages 

were important in confirming the conclusions based on other data sources as well 

as revealing new information about the yielding of the reinforcement and the 

slippage of the longitudinal bars of the column and the beam through the joint. 

3.3.1 Transverse Reinforcement 

The observed shear c~acks in the joint during the test could be confirmed 

from the changes in the strain of the joint's stirrups and cross-ties. The applied 

displacement at the loading point vs. the joint hoop strain at gage location 7 for 

specimen LL14 is shown in Fig. 3.16. As can be seen in this figure, the sudden 

increase in the strain from point A to point B indicates that the tensile strength 

of the concrete was exceeded and the stress carried by the concrete was suddenly 

transfered to the steel due to the cracking of the concrete. For each specimen, 

the observed sudden changes in the slope of the load-displacement curve during 

the first two cycles of loading resulted from shear crack formation at the joint 

and the beam-column interface. This observation was later confirmed from the 

data provided by the transverse reinforcement of the joint. In Fig. 3.16 the 

displacement corresponding to point A identifies the load which produces the 

first shear crack formation in the joint. 
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In general, yielding of the transverse reinforcement in the joint represents 

a partial loss of the concrete core confinement which causes deterioration of 

the joint near the yielded ties and allows for slippage of the beam and column 

longitudinal bars. In Fig. 3.16, the flattening portion between points C and D 

during the sixth displacement cycle indicates yielding of the joint cross-tie. Point 

E at zero displacement shows the residual plastic strain which increases further 

at each additional cycle. By the end of test, the joint damage in specimen LL14 

resulted in slippage of the cross-tie. This can be seen in Fig. 3.16 at point G 

which shows a decrease in the magnitude of strain from point F corresponding 

to the eighth cycle. 

An examination of the data from the strain gages bonded to the joint 

transverse reinforcement led to the following conclusions: 

1- At the same shear level, transverse reinforcement for specimens with low 

joint confinement yielded earlier than for specimens with high joint con

finement. For specimens LL8, LLll, and LL14, yielding of the transverse 

reinforcement occured at cycles four, five, or six depending on the strain 

gage location. The transverse reinforcement in specimens LH8, LHll, 

and LH14 showed yielding at cycles eight, nine, or no yielding. Since 

the portion of the total shear resisted by each hoop was reduced, the 

hoops yielded later. Similar behavior was observed for specimens with 

high shear level. 

2- Transverse reinforcement for specimens with low shear and low joint 

confinement showed late to no slippage during the entire period of the 

test. Late slippage occured at cycles eight and nine. For specimens with 

higher joint confinement and low shear, no slippage was detected for 
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transverse reinforcement. At high shear level, the transverse reinforce

ment for specimens with low or high joint confinE'.ment showed moderate 

slippage at cycles eight and nine. 

3- For all specimens tested, cross-ties yielded earlier than stirrups and were 

subjected to considerably larger stresses. 

3.3.2 Longitudinal Reinforcement 

The measured strains from the longitudinal reinforcement of the beams 

were essential in determining the yielding and the degree of slippage that occur 

in the beam longitudinal reinforcement. The strain hardening of the beam lon

gitudinal reinforcement is an indicator of the spread of the plastic hinge in the 

beam and leads to a strong-column weak-beam design objective. Figures 3.17 

and 3.18 show the displacement at the loading point versus the strain in the 

beam longitudinal bar at ten inches from the face of the column for specimen 

LL11. Figure 3.17 is for the longitudinal bar at the left face of the beam while 

Fig. 3.18 is for the one at the right face of the beam. These two figures demon

strate the reversed cyclic strain typically obtained from the beam strain data. 

For positive displacement cycles, the strain is in tension at gage location twenty 

and in compression at gage location twenty-two on the opposite face of the beam. 

Due to the symmetry in the displacement schedule and the beam reinforcement, 

the strain history in these two figures is almost equal and opposite. Figure 3.17 

demonstrates that there was no yielding of the longitudinal beam reinforcement 

in this specimen and that slippage started at cycle seven while the bar was in 

tension; very little slippage occured while the bar was in compression. At gage 

location twenty-two, slippage started at the eighth cycle in tension. As seen in 

Fig. 3.18, no yielding has occured. At the same gage location in specimen LHll 
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of low shear and high joint confinement, Fig. 3.19 shows much larger magnitudes 

in the strain history indicating yielding and strain hardening of the beam lon

gitudinal reinforcement. Slippage of the bar in tension occured only in the last 

cycle. However, the slippage of the same bar in compression occured at cycle 

seven and was more severe; it can be seen that the bar was in tension in cycles 

eight and nine when it was supposed to be in compression. 

In general, when higher concrete strength is used, smaller depth of the 

compressive block is required to satisfy equilibrium with a given tensile force 

in the beam longitudinal reinforcement. This causes a shift of the neutral axis 

above the depth of the compression bars when the tensile bars are in the strain 

hardening stage. Based on analytical results of high-strength concrete sp~imens, 

it was observed that compression longitudinal bars may go into tension if the 

ultimate capacity of the beam is reached. However, in most cases, strain histories 

show compression bars going into tension long before the beam ultimate capacity 

is reached. In this case, the observed phenomenon can only be attributed to 

slippage of the compression bars. 

Yielding of the beam longitudinal bar in specimen LH11 at ten inches 

from the face of the column as indicated in Fig. 3.19 confirmed the spreading 

of the plastic hinge away from the face of the column and the appearance of 

unclosed flexural cracks in the beam at this location. When compared with 

Fig. 3.19, Figs. 3.17 and 3.20 showing the strain histories for specimens LLll 

and HH8 indicate no yielding of the beam longitudinal bar at the same gage 

location. This confirms the absence of any flexural cracks in the beam and the 

presence of a weak joint. Failure of the beam longitudinal reinforcement to yield 

can be attributed to a lack of joint confinement in specimen LLll and high shear 



85 

stress level in specimen BR8. It is obvious that specimens with higher shear and 

low joint confinement had the poorest performance among all specimens. 

The maximum tensile strain of beam longitudinal reinforcement at the 

beam-column interface was obtained for cycles one through seven. The data 

collected from specimens LL11, LH11, BLU, and HHll are plotted in Fig. 3.21 

for comparison. It can be seen that longitudinal reinforcement in LBll yielded 

with no slippage up to cycle seven. Specimen HBU was very close to yield 

with little slippage at cycle seven. The longitudinal reinforcement in specimens 

BL11 and LL11 did not yield and had early slippage. This comparison was 

typical for LL, LH, BL, and HH specimens of different concrete compressive 

strengths. Therefore, it can be concluded that the shear stress level as. well as 

the amount of joint confinement in specimens LHs were adequate in carrying the 

beam longitudinal reinforcement into yielding and further into strain hardening. 

Data from strain gages bonded to the longitudinal bars of the column 

and located immediately above and below the joint were used in detecting the 

yielding as well as the slippage in this reinforcement. Figure 3.22 demonstrates 

the mechanism of the column bar slippage through the joint when the column is 

subjected to bending. The column and beam longitudinal reinforcement passing 

through the joint are in tension on one side of the joint and in compression on 

the other. IT the column and beam reinforcing bars had a perfect bond, the 

strain would change its sense from compression to tension or vice versa some

where within the joint as illustrated in Fig. 3.22(a). When the bond between the 

concrete and the longitudinal bars of the beam and the column has deteriorated 

as indicated in Fig. 3.22(b), these bars start slipping and are unable to sustain 

additional tension or compression, and the strain changes from compression to 
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tension or vice versa at the joint faces. 

The strain history for the longitudinal reinforcement at the interior face 

of the column for specimen HL8 is shown in Fig. 3.23.. The strain history in 

this figures illustrates the slippage mechanism in the column. It is clear that 

during the first three cycles of loading the column bar was under tension and 

compression depending on the direction of loading. After the third cycle, the 

yielding of the bar in tension initiated deterioration of bond along the bars. 

Beyond that point, the compression strain was changed to tension, confirming 

slippage of the column longitudinal reinforcement. It is to be reminded that the 

strain in Fig. 3.23 was for specimen of high shear level and low joint confinement 

which led to a poor behavior of the joint. Figure 3.24 shows the strain history 

for longitudinal bar at the exterior face of the column in specimen LHll of low 

shear level and high joint confinement. In contrast to specimen HLS, the cyclic 

strain in tension and compression is consistent with displacement direction with 

very little slippage indicating a good bond between the reinforcing bars and the 

concrete. The improved performance of this specimen can be expected and was 

observed. 

The observations and conclusions stated above were typical of all other 

specimens. For comparison, the maximum tensile strain for longitudinal rein

forcement at the exterior face of the column were obtained for different cycles. 

The results are compared for different design combinations of shear level and 

joint confinement (LL,LH,HL,HH) for the same concrete compressive strength. 

Figure 3.25 shows a typical example for specimens LL8, LH8, HLS, and HHS. 

The column exterior bars were close to yielding with no slippage up to cycle 

seven for specimens LH8 and HHS. Early deterioration of the joint in speci-



87 

mens HL8 and L18 caused slippage of the column bars. Due to the lack of 

bond between concrete and steel, yielding was not attained. From comparison of 

different combinations of (LL,LH,HL,HH), it appears that higher concrete com

pressive strength had little or no effect on developping higher bond strength. 

The shear stress and the joint confinement had more important influence on the 

overall behavio! of each specimen. 

3.4 Displacement Transducer Data 

A total of eight displacement transducers were mounted over the front 

sides of the joint boundaries and at the top and bottom sides of the beams' 

regions near the internal faceS of the columns as shown in Fig. 2.6. 

Results from the joint transducers were used to evaluate the jomt rota

tions. The measured elongation of the beam's transducers were used mainly to 

determine the beam's elongation over a distance of ten inches from the column 

internal faces and to detect the spreading of the beam hinging zone over a length 

of twenty inches from both faces of the joint. 

3.4.1 Beam Rotational Angles 

The spreading of hinging zone in the beam is accompanied by large 

rotation in that zone. Opening of cracks on the tensile face of the beam increases 

the magnitude of rotation detected by the beam's transducers. By comparing 

the elongation of the beam over the first and second ten inches away from the 

face of the joint or the rotations of the beam at the face of the column and 

twenty inches away from the face of the column, the formation of the plastic 

hinge can be verified in any of these two zones. In calculating the rotations, it 

is ,assumed that the beam sections remained planar after loading. Considering 
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the deformed configuration of a beam in Fig. 3.26, lines AA and BB represent 

the beam sections before loading at the face of the column, and twenty inches 

away from the joint face, respectively. With the increasing strain in the beam's 

longitudinal bars, the length of the beam at the tension fiber increases due to the 

appearance of flexural cracks: Hence, lines A' A' and B' B' represent the above 

two sections after loading has been applied. The average measured beam-end 

rotational angle (81 ) can be calculated as: 

where 

8
1 
= 81 + 82 

ht 

measured elongation on the tensile face of the beam 

measured shortening on the compressive face of the beam 

total depth between transducers' heads on the tensile and 

compressive faces of the beam. 

(3.1) 

Similarly, the measured beam section rotational angle (82) at twenty inches away 

from the column face can be calculated. 

The rotations of the beam in specimen LH11 at the face of the column 

and at twenty inches away from the face of the column are shown respectively 

in Figs. 3.27 and 3.28. By comparing the results provided in these figures, 

it is clear that the peak rotations at the face of the column are an order of 

magnitude larger than the rotations at a distance twenty inches from the joint 

face. This indicates that the plastic hinging zone is concentrated towards the 

end of the beam. Observations during the test confirmed this. Figure 3.28 shows 

that irrecoverable rotation occured after the sixth cycle following yielding of 

the specimen. It is important to note that these irrecoverable rotations at zero 

displacement were calculated based on the depths of localized cracks located 
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near the transducers' heads. All other specimens showed a similar behavior as 

expected since the preliminary design was aimed at having a hinge formation 

at the joint face towards the beam end or in the joint itself. The irregularity 

in Fig. 3.28 was due to the fact that the transducer's head at twenty inches 

away from the face of the column was bearing on a plastic cube glued to the 

compressive or tensile face of the beam while the one for the end-beam rotation 

was bearing on a thin plastic sheet resting on the column face; in this latter case 

the support was steadier. 

For comparison, the average positive and negative peak rotations of the 

beams are calculated for all twelve specimens up to cycle seven. The rotations 

were different only when varying the shear stress level and the joint confinement 

rather than the concrete compressive strength. Rotations at twenty inches from 

the face of the column are of small magnitude with little or no difference for 

specimens with various design parameters. 

If an interstory drift of 2.5 percent is used as a reference for comparing 

the beam rotation for different specimens (i.e, 1.5 in. of actuator displacement), 

then all beams showed almost identical values of rotations. These values are close 

for all cycles prior to yielding of the specimen. This indicates that effect of the 

design parameters took place after yielding of the specimen which occurs typically 

at a tip displacement of 1.5 to 2 inches (i.e, 2.4 to 3.2% interstory drift). Figure 

3.29 shows the beam rotation at the face of the column for specimens having 

a concrete compressive strength of 8000 psi. At cycle seven, the rotation for 

LH8 is the largest. The observations of flexural cracks occuring in the beam of 

specimen LH8 close to the face of the column are confirmed by the numerical 

results obtained. All specimens of LH type showed a similar behavior. 
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3.4.2 Joint Deformations 

A comparison of the joint rotation to the beam rotation at the face of 

the column is helpful in confirming the location of the plastic hinge. Excessive 

rotation of the joint relative to the beam lower rotation demonstrates that the 

joint design parameters are not adequate. Considering the deformed configura

tion of a joint in Fig. 3.30, the first component of the joint shear deformation 

(1'1) can be calculated as follows: 

where 

h' b 

h' c 

measured elongation of the transducer's head oriented 

vertically towards the lower left comer of the joint face 

measured elongation of the transducer's head oriented 

horizontally towards the lower left comer of the joint face 

total depth of the beam minus the outside cover of 

the transducers' cage 

total depth of the column minus the outside cover of 

the transducers' cage 

(3.2) 

Similarly, the second component of the joint shear deformation (1'2) can be cal-

culated as follows: 

where 

measured elongation of the transducer's head oriented 

vertically towards the upper right comer of the joint face 

(3.3) 



04 = measured elongation of the transducer's head oriented 

horizontally towards the upper right corner of the joint face 
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The average joint shear deformation ("y j) was calculated using the following re

lationship: 

'Yl + "Y2 
'Yj = 2 

(3.4) 

A typical plot of the history ~f 'Yj during the test is presented in Fig. 3.31. It can 

be seen that beyond a displacement level of three inches, the joint rotation starts 

considerably increasing. This is due to the fact that at this level of displacement, 

the specimen has already yielded and that cracks have opened up permanently. 

In order to compare the shear deformation of the joints in different spec~ 

imens, the average positive and negative peak shear deformations in each joint 

was calculated up to cycle seven. Figure 3.32 shows these values for specimens 

of concrete compressive strength of 8000 psi. Contrary to Fig. 3.29 where lower 

beam rotation for specimen LH8 is the largest for latter cycles, the joint rotation 

for the same specimen LH8 is the smallest and of magnitude close to the beam 

rotation at the face of the column. As explained earlier, when the joints are able 

to maintain their strength and stiffness due to proper design, a reduction in the 

joint shear deformations can be expected. The upper and lower rotations of the 

beam as well as the joint rotation for specimen LH8 are shown in Fig. 3.33. The 

difference between beam and joint rotations is minimal for specimens of type LH. 

The results for specimen LH8 in Fig. 3.33 can be compared to HL8 in Fig. 3.34 

where excessive deformation of the joint is clear. Specimens of HL type had 

the poorest performance. It is evident that lower shear stresses and higher joint 

con£nement are necessary to insure an adequate performance of the joint and in 

localizing the hinging zone away from the joint. 
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3.4.3 Beam Elongation 

When a beam-column subassembly is subjected to cyclic loading, the two 

extreme fibers of the beam will face alternate tension and compression. Since 

concrete is a brittle material, shear and flexural cracks will form after a small 

load is applied to the specimen. With an increase in the applied load, the flexural 

cracks will reach a point where they cannot be closed completely, especially after 

the yielding or slippage of the beam longitudinal reinforcement on the tension 

face has taken place. Consequently, the length of the beam will increase with any 

additional strain in the beam longitudinal bars as shown in Fig. 3.35. However, 

if the joint is weak, the pullout of the beam longitudinal bars away from the face 

of the column may cause an apparent elongation that is mainly concent!ated at 

the joint face where cracks start to form. In all subassemblies tested, specimens 

of high shear had larger beam elongations at the column face because the bar 

pullout was much more severe than in the case of low shear specimens. 

A plot of the average positive and negative peak elongations of the beams 

over a distance of ten inches from the internal face of the column vs. the cy

cle number is shown in Fig. 3.36 for specimens having a concrete compressive 

strength of 11000 psi. It can be seen that specimens with high shear level elon

gated more than the ones with low shear level. The beam elongation was calcu

lated at zero displacement of the free tip of the beam. The maximum recorded 

beam elongation was typically close to 0.22 inches for high shear specimens while 

beams of low shear specimens elongated only for 0.12 inches. This behavior was 

typical for specimens of different concrete strengths. This elongation was pri

marily due to the pullout of the beam longitudinal bars and the appearance of 

major cracks between the end of the beam and the internal face of the column. 
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Data from strain gages mounted on the beam. longitudinal rebam did not show 

any yielding and no flexural cracks appeared in the beam for the case of high 

shear specimens. 

3.5 Crack Pattern and Failure Modes 

During each test the cracking pattern was carefully observed, marked, 

and recorded; cracking patterns can provide useful information regarding the 

failure mechanism of each specimen. For all specimens, the primary change 

oecured in the portion of the beam adjacent to the beam-column interface and 

at the joint region. Most of this damage can be attributed to flexural action in 

the beam or the beam-column interface and to shear action in the joint. During 

the first two cycles, all specimens experienced the formation of very fine flexural 

cracks in the beam and the column as well as some diagonal cracks on the face of 

the joint region. In latter cycles, the width of flexural cracks along the beam and 

the column stopped increasing while major cracks were concentrated in the joint 

and the interface regions. Additional displacement of the beam in the following 

cycles resulted in a well-defined crack pattern according to the mode of failure 

of each individual specimen. 

As mentioned earlier, only specimens of LH type showed yielding of the 

beam longitudinal bars and the appearance of flexural cracks in the beam cloo;e 

to the beam-column interface. For all other specimens, the progression of cracks 

is demonstrated in Fig. 3.37 for positive direction of loading and Fig. 3.38 for 

reversed direction of loading. As noted, crack lp at the interface spreads as 2p 

into the joint region with increased level of displacement while cracks 3p and 4p 

remain more or less stable before yielding of the specimen. After yielding of the 

specimen, diagonal cracks 3p and 4p start widening and excessive damage of the 



94 

joint is clearly visible; no cracks propagate in the beam region. However, for the 

case of LH type specimens, yielding of the specimen is followed by flexural cracks 

in the beam and at the interface. These cracks were distinctly visible. 

In general, cracks in specimens of higher concrete compressive strength 

were narrower before yielding occured; the modulus of rupture for higher strength 

concrete being larger. However, after yielding of the specimen, the fa.ilure mech

anism was not affected by the concrete compressive strength. Further details will 

be given later on the individual behavior of each specimen. 

3.6 Individual Specimen Behavior 

In the following sections, a brief summary of the behavior of each speci

men is presented. It is reminded that the flexural ratio in all subassemblies was 

approximately equal to 1.4 as recommended by ACI-ASCE Committee 352. The 

parameters studied are the joint shear stress and the amount of joint confine

ment indicated by the :first two letters, respectively. The concrete compressive 

strength is indicated by the last numeral. 

Specimen LL8: 

During the first cycle of loading, hairline tension cracks were observed 

near the point of application of the load at the beam's free tip, and close to the 

column supports. In latter cycles the width of these cracks stopped increasing. 

This behavior was typical for all specimens during the first and second cycles. 

The first diagonal crack of the joint was observed during the second cycle of 

loading. A crack along the intersection line of the column face and the beam 

was noticeable at a maximum displacement of one inch during the second cycle. 

This crack width was close to 0.05 in. This crack continued to open and close 

for all cycles prior to yielding. During the post-yielding cycles, the slippage and 
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pullout of the beam longitudinal bars were more severe causing this beam-column 

interface crack to widen considerably measuring approximately a quarter of an 

inch at maximum displacement. Figures 3.39, 3.40, 3.41, and 3.42 demonstrate 

the propagation of cracks at cycles three, sixth, seven, and eight. 

During the third cycle, prior to yielding, cracks were evenly distributed in 

the specimen showing no particular weakness in any member of the subassembly. 

The beam longitudinal bars'yielded during the fourth cycle at 1.77 in. displace

ment. During the sixth cycle, major diagonal cracks measuring up to an eighth of 

an inch were concentrated in the joint. During the seventh cycle, these diagonal 

cracks continued to open leading to complete spalling of the joint concrete cover 

at the eighth cycle. The test was stopped at the eighth cycle due to extensive 

damage in the joint. 

The load-ca..rrying capacity of this specimen started to reduce at the 

seventh cycle accompanied by severe pinching of the hysteresis loops. Data from 

strain gages bonded to the column longitudinal bars show no yielding of the 

column. The stiffness degradation of the joint was followed by slippage of the 

beam and column longitudinal reinforcement. 

Specimen LH8: 

The only difference between this specimen and the previous specimen 

LL8 was the higher level of joint confinement. The extra two sets of stirrups and 

cross-ties provided to the joint helped delaying the stiffness degradation of the 

concrete in the joint leading to an overall better performance of the subassembly. 

Although the damage was concentrated in the joint, flexural cracking was spread 

to the joint-column interface. Data from the strain gages bonded to the beam 

longitudinal reinforcing bars indicated larger strains and yielding of the tension 
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reinforcement. In addition, slippage was considerably reduced and was not de

tected untill the lar:;t cycle of loading. This observation supported the notion 

that the additional confinement provided in the joint improved the anchorage of 

the beam longitudinal bars. The concrete in the joint core at the conclusion of 

the test was more intact, although the concrete cover had spalled off' similar to 

specimen LL8. 

During the fourth cycle, the subassembly moved out of the plane of load

ing due to small eccentricity in the swivel joint of the actuator. This swivel joint 

was later replaced by a fixed joint to avoid similar problem during the following 

tests. This problem caused a slight loss of stiffness during the following increment 

of displacement at the fifth cycle, but did not affect the overall performance of 

the subassembly. As shown in Fig. 3.2, the loss of load-cariying capacity for 

cycles eight and nine was considerably reduced due to higher joint confinement. 

Figure 3.43 shows specimen LH8 at the end of the test. 

Specimen HL8: 

Due to high shear stresses and low joint confinement, specimen HL8 

had the poorest performance when compared to the previously mentioned spec

imens. The loss of load-carrying capacity and pinching of the hysteresis loops 

were considerably high and started early at the sixth cycle. The beam longitu

dinal reinforcement did not yield and pullout of thes~ bars was severe. Figures 

3.44 and 3.45 show specimen HL8 during cycles six and eight. Due to early 

slippage and pullout of the beam longitudinal bars during the fifth cycle, cracks 

at the beam-column interface (see Fig. 3.44) were large having an approximate 

width of 0.7 in. The pullout can be mainly attributed to loss of anchorage of the 

hooked beam bars terminating in the joint and contributed in large rotations of 
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Specimen HH8: 
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The effect of higher joint confinement in specimen HH8 compared to 

specimen HL8 helped reduce the loss of load-carrying capacity but was not as 

effective as in specimen LH8 due to the high shear stresses in the joint. Similar to 

specimen HL8, no yielding of the beam longitudinal reinforcement was detected. 

However, slippage of the beam and column longitudinal reinforcement was de

layed to the eighth cycle. The damage was also concentrated in the joint. Higher 

crack width at the beam-column interface was observed similar to specimen HL8. 

Figure 3.46 shows specimen HH8 at the end of the eighth cycle. 

Specimens LL11, LH11, HL11, HH11: 

Except for the concrete compressive strength, these specimens were de

signed similar to specimens LL8, LH8, HL8, and HH8 in the previous group. 

Extensive comparison of test results show that the concrete compressive strength 

had very slight effect on the ultimate behavior of each specimen. Thus, the shear 

stresses in the joint as well as the joint confinement appear to be the controlling 

factors in reaching a satisfactory ped"onnance of the subassembly. However, due 

to higher modulus of rupture for high-strength concrete, the width of diagonal 

cracks in the joint prior to yielding was smaller for specimens LL11, LHll, HLll, 

and HHll than it was for specimens LL8, LH8, HL8, and HH8. During the post

yielding stage no major difference was observed as far as the width of different 

cracks. 

Figures 3.47 and 3.48 show the propagation of cracks for specimen LL11 

following yielding during the fifth cycle and at the conclusion of the test (cycle 9). 

These pictures show the similarity to specimen LL8 as far as crack propagation 
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and joint failure mode. 

Specimen LHll had an excellent performance up to cycle nine. The 

specimen experienced no loss of load-carrying capacity over the whole duration of 

the test; slippage was detected only during the last cycle of the loading schedule. 

Figure 3.49 shows specimen LUll at the conclusion of test. The concrete in 

the core of the joint appeared to have suffered less damage than in the core 

of specimens LL11. Flexural cracks extended into the beam and at the joint

beam interface. Data from the strain gages bonded to the beam longitudinal 

reinforcement show yielding, justifying the appearance of extensive flexural cracks 

in the beam. When compared to specimen LL11, one can clearly see that in 

contrast to specimen LHll, specimen LL11 does not show any flexural cracks at 

the joint-beam interface or in the beam. 

Similar to specimen HL8, specimen HLll suffered a severe loss of load 

carrying capacity accompanied by slippage and pullout of longitudinal beam and 

column reinforcement directly upon yielding of the specimen. Figure 3.50 shows 

specimen HLll at the end of the eighth cycle. The extra joint confinement in 

specimen HHll was not effective in improving the joint performance to cause 

yielding of the beam and achieving of its ultimate capacity. 

Specimens LLI4, LHI4, HL14, HHI4: 

Figures 3.51 and 3.52 show specimen LL14 during the seventh cycle and 

at the end of the test, respectively. Figure 3.53 shows specimen HH14 at the 

end of the test; the crack at the beam-column interface, noted earlier as 1p, 

can be seen in this figure. Similar conclusions can be drawn for this group of 

specimens concerning the loss of load-carrying capacity, slippage and bar pullout 

of longitudinal reinforcement, and propagation of crack width. However, two 
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important observations should be mentioned: 

1- In specimen LH14, the level of joint confinement was not as effective 

as in specimens with lower concrete strength. This is because higher 

strength concrete needs additional confinement to reduce the strength 

drop-off after peak stress. Figures 3.54 and 3.55 show specimen LH14 

during the eighth cycle and at the end of the test, respectively. The 

appearance of flexural cracks into the beam was justified by yielding of 

the beam longitudinal reinforcement. Similar fa.ilu..-e mode was observed 

in specimen LH14 as in specimen LHll and LH8. 

2- During the casting of specimen HL14, the concrete was not vibrated 

adequately causing honeycombing at one free end of the column. The 

voids were patched with a cement and sand mortar after stripping the 

forms. However, during the 'fifth cycle of the loading schedule, extensive 

damage occured at the end of the column rather than in the joint. The 

test was stopped immediately. It is clear that specimens of HL type had 

the poorest performance of all specimens as proven from the study of 

specimens HL8 and HLI1. 



Chapter 4 

Comparison with Design Recommendations 

of ACI-ASCE 352 

4.1 Introduction 
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The design of beams and columns for the test specimens was in accor

dance with the seismic provisions in Appendix A of the Building Code for Re

inforced Concrete, ACI 318-83 (3). In addition, the design of the beam-column 

connections followed the recommendations of ACI-ASCE Committee 352 (5) with 

slight changes when necessary because of the use of high-strength concrete. In 

the following three sections, the requirements of ACI-ASCE 352 are compared 

to the response of the tested specimens in three aspects: 

1. the predicted and measured response of specimens in terms of strength 

and deflections; the predicted ultimate capacity of the beam is com

pared to the measured capacity of the beam and the yield deflections are 

calculated and compared with the measured values 

2. the allowable shear stresses in the joint 

3. ~he joint confinement necessary-to delay stiffness degradation of the joint 

and maintain its load-carrying capacity. 

4.2 Predicted and Measured Response 

According to ACI-ASCE Committee 352 and based on laboratory tests 

conducted by Wight and Sozen (78) on statically determinate specimens, a signif

. icant increase in steel stress above the nominal yield stress results when plastic 
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hinging occurs in the beam. Therefore, the ultimate moment capacity of the 

beam is computed for a yield stress obtained by multiplying the nominal yield 

stress (e.g. 60 or 40 ksi) times a factor a. The factor a is intended to account 

for the actual yield stress of a typical reinforcing bar, commonly 10 to 20 percent 

higher than the nominal value, as well as the strain hardening of the reinforce

ment due to large displacements beyond the yield displacement. The objective of 

this study is to set guidelines for the design of an exterior reinforced high-strength 

concrete joint capable of developing the ultimate capacity of the beam including 

the 25 % increase in the tensile stresses of the reinforcing steel. The beam's 

ultimate moment capacity is computed based on a trapezoidal compressive block 

as discussed earlier in Chapters 1 and 2. The measured moment Mub,ml from 

test results is computed as: 

where 

Pact,ult 

Mub,mll = Pact,ult{kips) X Lb{in.) 

the maximum recorded actuator load 

the mid-span length of the beam equal to 63 inches 

shown in Fig. 2.2 

(4.1) 

The results of the predicted and measured moment capacities are shown 

in Table 4.1. It is clear that the majority of specimens did not achieve the de-

sired strength. In particular, specimens with high joint shear stresses performed 

poorly. Specimens with low shear level and high joint confinement had the least 

stiffness degradation and loss of load-carrying capacity at displacements beyond 

the yield displacement. The same specimens (type LH) were able to develop the 

ultimate moment capacities in the beams with a percent difference of ± 3.8 from 

the predicted capacities. Specimen LHS was excluded due to testing problem 
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Table 4.1 Predicted ana Measured Beam Capacities 

Specimen lvI"". 0=1.25 A-l"b.m. % Difference 
(kips. in.) (kips. in.) 

LL8 3763 3517 -6.5 
LL11 3920 3020 -22.9 
LL14- 3929 3701 -5.8 
LHB 3765 3402 -9.6 
LH11 3872 4018 +3.8 
LH14 3930 3780 -3.8 
HLS 4605 3708 -19.5 
HL11 4815 3731 -22.5 
HL14 t t t 
HHB 4605 3743 -18.7 
HH11 4787 4089 -14.6 
HH14 4790 4084 -14.7 

tSpecimen failed prematurely 
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that contributed to unforeseen loss of its load-carrying capacity (refer to Chapter 

3 on individual behavior of specimens). 

In addition to the results of the predicted and measured ultimate moment 

capacities, the yield deHections are calculated and compared with the measured 

values. Measured yield deHections were obtained from: 

1. the data from strain gages bonded to the longitudinal reinforcing bars 

which detected initial yielding 

2. the plots of the applied load vs. the load point deHection which had a 

significant change of slope at the yield point. 

Results from these sources in addition to the calculated yield deHections are 

compared in Table 4.2. 

The deHection of each specimen at the loading point consists of several 

components: 

1. the Hexural deHections of the beam and the column 

2. the shear deformations in the beam and the column 

3. the shear deformation in the joint 

4. the inelastic Hexural rotation of the joint 

5. the slippage of the beam and the colwnn longitudinal reinforcing bars 

passing through the joint which results in an additional apparent deHec

tion at the loading point 

6. the deformations in the testing frame and its components such as the 

connections between the specimen and the steel frame. 

Contributions from the first three components were used to approximate 

the yield displacements. Displacements due to the elastic Hexural deHections of 

the beam and the column were calculated using the moment-area theorem. The 



· Table 4.2 Yield Deflections of Specimens 

Specimen ~lll ~2~ ~3~ ~,~ ~.II 
(in.) (in.x10-3) (in.) (in.) (in.) 

LL8 .68 7.0 
LLll .46 4.9 
LL14 .62 5.6 

LHS .54 5.7 
LHll .69 6.6 
LHl~ .62 5.S 

HLS .59 6.8 
HLll .57 6.1 
HL14 t t 
HH8 .62 7.1 
HHll .63 6.6 
HH14 .63 6.3 

tSpecimen failed prematurely 
tNo yielding detected 

.48 1.16 

.47 0.94 

.25 0.87 

.27 0.82 

.30 1.00 

.38 1.00 

.39 1.00 

.49 1.06 
t t 

.37 1.00 

.49 1.12 

.54 1.18 

~lJ = deflection due to flexural deformation of 
the beam and column 

1.77 
t 

1.54 

1.80 
2.00 
1.62 

t 
t 
t 

1.62 
2.30 
1.80 

~2, = deflection due to the shear deformation of 
the beam and column 

~3. = deflection due to the shear deformation of 
the joint 

~c, = total calculated yield deflection 

~" = measured yield deflection using data from 
strain gages 

~''1 = measured yield deflection from plots of load 
vs. deflection 

~,,~ 
(in.) 

1.75 
1.74 
1.72 

1.70 
1.76 
1.70 

1.90 
1.90 
t 

1.95 
1.83 
1.90 
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theoretical flexural deflection was calculated as: 

where 

Mllb,ma 

Lb -
Le -
Ee -
leb -

lee -

6. (L~ LbLe ) 
111 = Mllb,ma X 3EeIeb + 12EeIee (4.2) 

= the measured yield moment of the beam at the face of the column 

length of the beam as shown in Fig. 2.2 

length of the column as shown in Fig. 2.2 

modulus of elasticity for high-strength concrete as defined in Eq. 1.1 

effective moment of inertia for the beam 

effective moment of inertia for the column 

The effective moment of inertia of the beam was computed according to ACI 

318-83 as follows: 

where 

the cracking moment capacity of the cross-section 

the maximum moment in member at the stage deflection 

is computed 

the moment of inertia of gross concrete section about 

centroidal axis, neglecting reinforcement 

the moment of inertia of cracked section transformed 

to concrete 

(4.3) 

The values of Ee1eb are also calculated based on a comprehensive analysis 

using the exact depth of the neutral axis at yielding of the beam. The results 

of both values are shown in Table 4.3. In addition, the values of Ieb calculated 

based on ACI 318-83 and based on the equilibrium analysis are normalized with 

respect 



Table 4.3 EI Values for Columns and Deams 

Specimen EcIe~ Ec1d Edu. Eelc/, 
kips.in'l * 103 kips.in2 * 103 EeIg~ EeIgb 

ACI t ACI t 
LL8 16557 16108 . .43 .42 
LLll 19071 17424 .44 .41 

~~ LL14 18333 16756 .39 .36 

LH8 16921 16108 .44 .42 
LHll 17450 16769 .41 .39 
LH14 18043 16756 .38 .36 

HL8 19482 19056 .51 .50 
HLU 21404 20688 .50 .48 
HL14 t t t t 
HH8 19431 19056 .51 .50 
Hlill 20857 20278 .49 .47 
HH14 20357 19474 .43 .41 

tSpecimen failed prematurely 
tCalculated based on depth of neutral axis 

E,Jer: 
kips.in'l • 103 

ACI 
5614 
6450 
6129 

5817 
5757 
6341 

6042 
6254 

t 
6011 
6159 
6600 

ill-
EeIge 
ACI 
.38 
.39 
.34 

.40 

.35 I 

.35 

.41 

.38 

t 
.41 
.37 
.36 

.... 
o 
0) 
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to 19 of the section for ease of comparison; very good agreement is apparent. 

Due to the relatively small axial load on the column, Eq. 4.3 was also used to 

determine the effective moment of inertia of the column for computing ~ly. 

The deflections due to shear deformations in the beam and column were 

calculated as: 

(4.4) 

where 

Ab - cross-sectional area of the beam 

Ac - cross-sectional area of the column 

Gc - shear modulus of concrete taken as O.4Ec based on 

a poisson's ratio equal to 0.25 

In general, in subassemblies where the column is much stronger than 

the beam, flexural hinging in the beam occurs outside the joint. In such cases, 

flexural deformation at the end of the beam accounts for a large percentage 

of the total deflection. Due to the relatively low flexural strength ratio values 

for the specimens tested, shear deformations in the joint region account for a 

large percentage of the total deflection. Elastic methods of calculating shear 

deformations are not suitable for calculation of joint shear deformations. The 

data obtained from the displacement transducers attached to the joint face was 

used to calculate the shear deformations of a joint. The average joint deformation 

Ij was computed at yielding of the specimen (refer to chapter 3.4 for a more 

detailed discussion on computing 'j). The beam load point deflection due to the 

joint shear deformation was calculated as: 

(4.5) 

The components of deflection mentioned above were calculated using the 



108 

yielding moments obtained from the measured load vs. load point displacement 

plots and the results are shown in Table 4.2. Displacements due to flexural 

contributions of the beam and the column are shown in column 2 of Table 4.2. 

Load point displacements due to shear deformations in the beam and the column 

are given in column 3 of Table 4.2. Displacements due to shear deformations of 

the joint are listed in column 4 of Table 4.2. The summations of the above 

components are listed in column 5 of Table 4.2 and is referred to as the total 

calculated yield deflection (~ty). It is important to note that the joint shear 

deformations account for a large portion of the total calculated displacement. 

A comparison of the total calculated yield deflections and the measured 

yield deflections obtained using the data from strain gages or the load-d~flection 

plots indicates a discrepancy between the results. The observed smaller values 

for the calculated yield displacements are due to the fact that the remaining 

components of the deflection, namely the slippage of bars and the frame defor

mation were not included in the calculation of the yield displacements. It is 

evident that slippage of the longitudinal beam bars anchored in the joint de

lays their yielding which results in a larger apparent yield deflection as observed 

in the load-deflection plots. Tests by Hawkins (79) indicate that slippage of 

the longitudinal reinforcing bars contributes towards the overall deflection of a 

beam-column subassembly. With the test setup used for this study, inclusion of 

the bar slippage in the calculation of the yield deflection was not possible. The 

second source of error is the deformations of the testing frame. However, due to 

the high stiffness of the testing frame, this error is considered very small. Only 

some looseness in the connections between the specimen and the testing frame 

may have contributed to the discrepancy. 
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4.3 Recommended Joint Shear Stresses 

Following ACI-ASCE 352 Recommendations, the joint shear stress Vj is 

limited to: 

where 

'Y 

'Y 

f~ 

Vj(psi) :::; 'Y x .j f~(psi) 

factor depending on the joint type (1 or 2) and the joint 

geometric classification (interior, exterior, or comer joint) 

(4.6) 

12 for corner frames constructed with ordinary-strength concrete, 

as stated in ACI-ASCE 352 

the concrete compressive strength limited to 6000 psi 

For concrete strengths above 6000 psi, the joint shear stress resistance 

increases. However, this increase is more closely related to ifR rather than ifH 
as proven by the tests conducted. 

For all twelve specimens, the maximum sustained moment at the face of 

the column corresponding to the peak displacement of each cycle, up to ultimate, 

is recorded. The beam-section of each specimen is then analyzed to satisfy equi

librium with the corresponding maximum sustained moment of each cycle. From 

equilibrium of the beam-section, the tensile stresses in the beam longitudinal 

bars are obtained, and are refered to as analytical tensile stresses. Furthermore, 

the maximum strains at the peak displacements of each cycle, up to ultimate, 

are obtained from the history of strain gages mounted on the beam's longitudinal 

reinforcement at the face of the column. An average stress-strain curve of the 

steel rebars is obtained from tension tests conducted on random samples of the 

reinforcement used in construction of all specimens (refer to Appendix B). Using 

this stress-strain curve, the stresses corresponding to maximum strains recorded 
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from the strain gages' history are obtained and refered to as experimental ten

sile stresses. The results of both analytical and experimental tensile stresses are 

included in Tables 4.4a and 4.4b for low shear and high shear specimens, respec

tively. Since the load-carrying capacity of all specimens stopped increasing at a 

displacement close to 2.5 in., the experimental and analytical tensile stresses in 

the beam longitudinal bars are tabulated for the first five cycles only. Good agree

ment between the measured and calculated tensile stresses is especially apparent 

for cycle 5 corresponding to the displacement where the maximum load-carrying 

capacity (i.e. ultimate capacity) is reached first. The average percent difference 

between the experimental and analytical tensile stresses at ultimate (i.e. cycle 

5 in Table 4.4) was computed to be 9.9 % with a 95 % confidence interval of 

±7.7 %. Since the joint shear resistance is proportional to the tensile stresses of 

the beam longitudinal reinforcement, this figure is representative of the average 

difference between the experimental and analytical joint shear resistance. 

The beam-section of each specimen is analyzed to satisfy equilibrium 

with the corresponding maximum sustained moment (noted as M u b,m6 in the 

third column of Table 4.1). Tables 4.5a and 4.5b show a summary of results ob

tained from the equilibrium analysis of the beam-section at ultimate. It can be 

concluded from these tables that specimens of low joint confinement experienced 

the highest level of strain hardening of the beam longitudinal reinforcement cou

pled with high joint shear resistance. The joint shear stresses at ultimate for 

all twelve specimens are included in Tables 4.5a and 4.5b. The beam-section 

equilibrium was obtained based on the actual steel stress-strain curve measured 

in the laboratory and a trapezoidal compressive block of the actual compressive 

strength of concrete tested. 



Table 4.4a: Tensile Stresses in Beam Longitudinal Reinforcement 
of Low Shear Specimens 

Specimen I LLSI LLll I LL14 II LHsl LH11 I LH141 

FII = 62 ksi I Experimental I 
Cycle Number 

1 22.3 9.S 27.0 26.5 24.5 19.3 
2 37.5 19.4 37.S 42.9 38.9 35.0 
3 49.3 2S.4 50.4 55.9 52.3 50.3 
4 59'.S 35.3 62.0 62.0 62.0 62.0 
5 62.0 3S.3 62.0 62.0 62.0 62.0 

Analytical 

1 24.4 19.7 23.7 22.S 23.8 24.2 
2 41.7 23.2 40.2 40.8 41.7 42.0 
3 55.5 46.3 54.6 55.3 56.4 5S.3 
4 63.7 54.1 64.6 58.1 64.6 66.2 
5 67.5 58.6 6S.2 62.0 70.2 70.2 

Table 4.4b: Tensile Stresses in Beam Longitudinal Reinforcement 
of High Shear Specimens 

Specimen I HLS I HLll I HL14 II HHS I HHll I HH14 I 
Fv = 62 ksi I Experimental I 

Cycle Number 
1 9.5 14.S 20.4 IS.5 21.1 19.5 
2 22.3 24.S 30.2 36.1 36.1 34.7 
3 33.6 34.5 40.6 49.2 47.S 46.0 
4 39.7 4S.4 49.2 55.1 57.3 SO.6 
5 39.0 52.0 t 62.0 62.0 59.4 

Analytical 

1 16.2 19.7 21.0 IS.6 21.5 21.7 
2 34.S 33.0 37.1 34.6 34.6 3S.6 
3 49.2 45.6 51.0 46.3 46.9 51.6 
4 55.9 53.S 59.0 55.5 56.3 61.0 
5 57.S 56.S t 60.4 62.0 63.3 

fSpecimen failed prematurely 
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Table 4.5a: Analysis Summary of Low Shear Specimens 

Specimen I LL81 LL11 I LL14U LH81 LHll I LH14 I 
Pact•u/, (kips) 55.83 47.93 58.74 54.00 63.i8 60.00 

]v! ub • .".. (kips.in) 3517 3020 3701 3402 4018 3780 
E.cec/. Cen. X 10-3 1.05 2.48 11.90 9.03 16.09 12.84 
E,Cee/. eo."." X 10-4 2.51 5.10 4.94 2.79 4.14 9.27 

Eeonc:rete. fiber X 10-3 2.08 0.91 1.93 1.83 2.55 2.03 
Cneucral ozi. (in.) 3.21 5.06 2.82 3.30 2.79 2.77 

Ren.i/e .Cm. (ksi.) 69.1 61.5 70.7 67.3 75.5 71.9 
A.ttb{in2

) 3.16 3.16 3.16 3.16 3.16 3.16 
Tien.tile loree (kips.) 218.4 194.3 223.6 212.6 238.5 227.0 

Veol (kips) 24.9 21.4 26.3 24.1 28.5 26.8 
V;oinC (kips) 193.4 172.9 197.3 188.4 210.0 200.2 

V;oinc .'rell (psi) 1043 932 1064 1016 1132 1079 

Table 4.5b: Analysis Summary of High Shear Specimens 

Specimen I HL8 I HL11 I HL14 II HH8 I HHll I HH14 I 
Pact•u/, (kips) 58.85 59.22 t 59.41 64.91 64.82 

Mub • ."., (kips.in) 3708 3731 t 3743 4089 4084 
f.Cee/. ten. X 10-3 3.39 2.46 t 4.28 6.97 7.47 
E.Ceel. c:om" X 10-4 5.62 5.82 t 5.40 4.80 2.38 

feonc:rde. fiber X 10-3 1.27 1.02 t 1.40 1.64 1.71 
CneuCral GZi. (in.) 5.00 5.45 t 4.57 3.68 3.55 

Ren.i/e .Cre .. (ksi.) 62.0 61.0 t 62.0 64.6 65.3 
A.u(in2

) 4.0 4.0 4.0 4.0 4.0 4.0 
Tee_ile farce (kips.) 248.1 244.0 t 248.1 258.5 261.1 

Veol (kips) 26.3 26.5 t 26.5 29.0 29.0 
V;oinC (kips) 221.8 217.5 t 221.6 229.5 232.1 

V;oint .Crm (psi) 1196 1173 t 1194 1237 1251 

tSpecimen failed prematurely 
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It is clear that the specimens tested were not able to resist a joint shear 

stress of 12 -?/fl . Only specimens with low joint shear stresses and high joint 

confinement had a good performance as far as achieving the expected strength 

of the beam and sustaining their load-carrying capacities over the displacement 

schedule. Specimens with high joint shear stresses or low joint confinement ex

perienced slippage of longitudinal reinforcement and severe stiffness degradation 

directly upon reaching their maximum load-carrying capacities. Therefore, based 

on the measured joint shear stresses of high-strength concrete specimens tested 

in this study, it is proposed to compute the allowable shear resistance for concrete 

strengths above 6000 psi as: 

Vj(psi) = '1 x ( ~6000 + {j f~(psi) - 6000 ) . (4.7) 

the shear stress for concrete strength less than 6000 psi is kept as: 

Vj(psi) = '1 x V f~(psi) (4.8) 

Figure 4.1 shows the allowable joint shear stress vs the concrete compressive 

strength for high-strength concrete specimens tested in this study. The dashed 

line in Fig. 4.1 shows the values of joint shear stress, Vj, computed using Eq. 4.8 

for concrete compressive strengths above 6000 psi. 

It is important to mention that the proposed joint shear stress does 

not affect the factor 'Y which depends on the joint type and the joint geometric 

classification. Therefore, currently and in the absence of any further data about 

interior joints, the proposed joint shear stress for high strength concrete can be 

used for all types and geometric classifications of joints. 
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4.4 ACI-ASCE 352 Joint Confinement Requirement 

The current ACI 31S-83 philosophy for confining concrete in earthquake 

design is that the increase of the core's strength of the column due to confinement 

must offset the loss of strength due to spalling of the unconfined cover (3). In the 

1920s, Richart, Brandtzaeg and Brown (SO,SI) studied confinement effects, first 

using lateral fluid pressure, then using spiral steel reinforcement. Their spiral 

tests suggested that the axial strength of confined columns could be calculated 

using: 

where 

I~' 

I~ 

I; = I~' + 4.1/~ 

the compressive strength of spirally confined core concrete 

the compressive strength of concrete if unconfined 

lateral confinement stress in core concrete produced by spiral 

(4.9) 

Substituting the compressive strength of unconfined concrete I~' by 

0.S5/~, the confinement requirement of the ACI code is based on the following 

equation: 

f: = 0.S5f~ +4.0/~ ( 4.10) 

The confinement stress I~ is calculated assuming that the spiral steel 

reaches its yield stress 1,,1a when the column eventually fails. With reference to 

Fig. 4.2, I~ is calculated as: 

(4.11) 

where 

cross-sectional area of spiral steel 

yield stress of spiral steel 



= 

s 

outside diameter of spiral steel 

spacing or pitch of spiral steel 

115 

A volumetric ratio is defined as the ratio of the volume of spiral steel to the 

volume of core concrete: 

from which 

A _ Psdcs 
sp - 4 

Substituting the value of Asp from Eq. 4.13 into Eq. 4.11 results in: 

f' - Psiyh 
2- 2 

(4.12) 

(4.13) 

(4.14) 

The strength contribution of the steel is equal to O.85i~(Ag - Ac) where"Ag and 

Ac are, respectively, the gross and core concrete areas. To find the right amount 

of spiral steel, the strength contribution of the shell is equated to 4 times the 

confining stress i~ multiplied by the core concrete area Ac, the following equation 

is obtained: 

(4.15) 

Substituting the value of i~ from Eq. 4.14 into Eq. 4.15 results in: 

(4.16) 

from which 

O 2 (
Ag ) i~ P8 = .4 5 --1 -
Ac iyh 

(4.17) 

According to the ACI code, this result is rounded upward slightly, and the ACI 

code states that the ratio of spiral reinforcement shall not be less than: 

(
Ag ) f~ ps = 0.45 - - 1 -
Ac iyh 

( 4.18) 
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The ACI requirement for spiral column ensures that the ultimate load of 

the column after spalling exceeds the load before spalling. The large ductility of 

spiral columns under axial compression is of considerable interest in high seismic 

zones specially in lower column of a multi-story building. Figure 4.3 shows 

a comparison between the axial load-strain curves of tied and spiral columns. 

Whereas the axially loaded tied column with ties not closely spaced shows a 

brittle failure, a spiral column has a large capacity for plastic deformation. This 

advantage of the spiral colwnn is much less pronounced if the load is applied with 

significant eccentricity or when bending from other sources is present simulta

neously with axial load. For this reason, while the ACI code permits somewhat 

larger design loads on spiral columns than on tied columns when the moments 

are small ( the reduction factor cP = 0.75 for spirally reinforced columns vs. 

cP = 0.70 for tied columns), the difference is not large, and it is even further 

reduced for large eccentricities for which cP approaches 0.90 for both. 

Tests on closely spaced rectangular ties show also that the strength and 

ductility of the confined concrete are enhanced, although not as effectively as 

in the case of circular spirals. This is because rectangular ties will cause lateral 

bowing of the sides, whereas circular spirals, because of their shape, are capable 

of applying. a uniform confining pressure around the circumference. Tests by 

Chan (82) suggested that when considering strength enhancement, the efficiency 

of square ties is 50 % that of the same volwne of spiral ties. However, test results 

have always shown that a significant improvement in ductility of the concrete 

resulted from the use of closely spaced rectangular ties. According to the ACI 

code, the surface ratio PlJh of the rectilinear ties is limited to: 

(
Ag ) f~ 

PlJh = 0.30 - - 1 -
Ac fyh 

(4.19) 



where 

and 

hit 

A"h 
P"h = -hit Sh 

total cross-sectional area of all legs of hoop reinforcement, 
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(4.20) 

including cross-ties, crossing a section having a core dimension hit 

core dimension of tied column, outside to outside edge of bar, 

perpendicular to the transverse reinforcement area Ash being 

considered 

The ACI-ASCE Committee 352 adopts the requirements of tied columns 

confinement for use in joint confinement. The total cross-sectional area of trans-

verse reinforcement Ash is calculated according to ACI-ASCE 352 4.2.2.2 as 

follows: 

A"h = 0.30Shh" (~: -1) £~h (4.21) 

but should not be less than 

(4.22) 

The specified reinforcement is expected to provide adequate confinement 

to the joint during anticipated earthquake loading and displacement demands. 

The provided confinement is also necessary for force transfers within the joint. 

Eqs. (4.21) and (4.22) are the same as those given in Appendix A of ACI 318-

83. However, the coefficient 0.09 in Eq. 4.22 has been reduced based on the 

observed improved behavior of tied columns which have properly detailed hoops 

and cross-ties. 
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In 1970, Iyengan et al. (84) studied spiral confinement in cylinders us

ing concrete with unconfined strength up to 5000 psi. Their results led to the 

following relationship: 

f; = f~' + 4.6f~ (1- ;c) (4.23) 

where all terms are previously defined. The term in parenthesis in Eq. 4.23 

reflects the observation that confinement is almost ineffective if the pitch or 

spacing becomes equal to the spiral diameter. Section 4.4.2 in Appendix A of 

ACI 318-83 limits the spacing of hoops in tied columns to the smaller of d/4 and 

4 inches. For side ~ 1/4, the multiplier of f!z in Eq. 4.23 is greater than 3.45; 

close to 4.0 being the multiplier of f~ in Eq. 4.10, used in ACI 318-83. 

Lateral confinement, such as provided by spiral reinforcement oro closely 

spaced hoops, greatly improves the strength and ductility of normal-strength con

crete columns, giving reasons to expect similar benefits in high-strength concrete 

columns. However, plain high-strength concrete tends to be brittle when loaded 

to failure, lacking the plastic deformation typical to normal-strength concrete. 

Previous work by Ahmad and Shah (68) has shown that spiral reinforcement is 

less effective for column of higher-strength concrete; however, good enough to 

flatten the descending curve of the load-deformation curve beyond the ultimate 

capacity. They found also that the stress in the steel spiral at peak load for 

high-strength concrete columns is often significantly less than the yield strength 

assumed in the development of Eq. 4.10 of the ACI code. 

Based on tests of small cylindrical high-strength concrete specimens with 

various degrees of confinement, Fafitis and Shah (69) concluded that the relation

ship between the enhanced concrete strength and confining pressure is not linear 

as noted in Eq. 4.10. However, the additional amount of confinement resulting 
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from the linear relation to the concrete compressive strength f~ (following ACI 

318-83) is necessary to compensate for the inherently poorer efficiency of confine

ment for high-strength concrete. Similarly, tests of small cylinders conducted by 

Martinez et al. (70) did not lead to any changes of Eqs. 4.18 and 4.19. Their most 

important conclusions related to high-strength concrete may be summarized as 

follows: 

1. Spirals designed according to ACI code recommendations provide strength 

gain sufficient to compensate for spalling of column cover for normal 

weight concrete columns with concrete cylinders strength up to about 

12,000 psi. However, while normal strength concrete columns permit a 

greater amount of plastic deformations without much decrease in l?ad ca

pacity, high-strength columns show a rapid decrease in carrying capacity 

after maximum load is reached. 

2. ACI code methods for design of spiral reinforcement should be reex

amined because they lead to low confinement stress for large columns. 

This is of particular importance for large high-strength concrete columns 

because of the lack of ductility that results. 

3. Use of spiral steel with yield stress over 60,000 psi may result in uncon

servative designs if the steel is assumed to be at yield at the computed 

failure load of the column. The present limitation of Grade 60 for spiral 

steel found in the ACI code is strongly endorsed. 

Based on previous research on confinement of high-strength concrete 

(68-70), it was concluded that the ACI method of accounting for the influence 

of compressive strength or the amount of confinement seemed adequate for high

strength concrete columns (85). However, all the tests were conducted on small 
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cylinders without taking into consideration the consequences of using Eqs. 4.18 

and 4.19 in practice. In this study, for a 14" x 14" square column with j~ = 14 ksi 

and jyh = 60 ksi, the surface ratio oflateral reinforcement needed using Eq. 4.19 

for tied columns is: 

(
Ag ) j~ 

Pah = 0.30 Ac - 1 jyh (4.24) 

or 

(
l42 ) 14 

P8h = 0.30 112 - 1 60 = 4.34% (4.25) 

Using 3 # 4 legs in each level of lateral reinforcement, Ash = 0.60 in2 , the 

core dimension hIt being equal to 11", the required spacing of hoops is calculated 

as: 

(4.26) 

or 

_ 0.6 x 100 _ 1 26 . 
s - 4.34 x 11 -. m. (4.27) 

The available depth of the joint over which the hoops can be placed is 15 in., if 

n is the number of sets of hoops and cross-ties in the joint, then: 

or 

(n + 1) x s(in) = 15 in 

15 
n = -- - 1 = 11 sets 

1.26 

(4.28) 

(4.29) 

Using 11 sets of hoops and cross-ties for confining the joint is practically impos

sible to construct. Based on the performance of specimens tested in this study, 
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joint confinement with 6 sets of hoops and cross-ties was adequate and led to a 

good performance of the joint as far as retaining the load-carrying capacity and 

delaying the stiffness degradation of specimens. The main shortcomings of using 

Eq. (4.19) to determine the area of lateral steel confinement for high-strength 

concrete are: 

1. the amount of required lateral confinement is linearly related to the 

concrete compressive strength f~; this leads to very large amounts of 

lateral confinement when concrete having 3 to 4 times the strength of 

normal-strength concrete is used; 

2. the equation is developed based on a spiral column failing in pure com

pression and then modified for a tied column with lower confinement 

efficiency; this same equation for tied colunms is used for joint confine

ment without taking into consideration the failure mechanism of the joint 

in shear. Furthermore, it is obvious that the ACI philosophy of main

taining the axial load strength of the section after spalling of the cover 

concrete does not relate te the desired ductility of reinforced concrete 

sections subjected to combined flexural and axial loads. Ideally, the code 

should provide the required amount of transverse reinforcement needed 

for a certain value of curvature ductility. The New Zealand code (86) 

attempts to achieve this by including the level of axial load in the con

finement equations for rectilinear ties; 

3. the equation does not distinguish between using a Grade 60 or Grade 40 

steel for lateral confinement; using a larger number of stirrups is more 

effective in confining the concrete than using a smaller number of stirrups 

with higher yield stress; 
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4. the equation leads to a smaller amount of confinement for larger size 

columns since the ratio Ag / Ac tends to decrease with larger size columns. 

Based on the tests conducted in this study on specimens subjected to low 

and high shear levels (1100 and 1400 psi) and large inter-story drift (6 % to 7 %), 

a confinement ratio of 1.8 % is found to be adequate for specimens with low shear 

level in the joint. This ratio of 1.8 % is considerably smaller than 4.3 % required 

by the ACI method. This design approach can only be justified in comparison 

with specimens of normal-strength concrete that were judged to have adequate 

performance. The good performance of a specimen was mainly attributed to the 

ability of the subassembly to dissipate energy by postelastic defonnations with 

no great loss of its load-carrying capacity over the duration of the displacement 

schedule. In the next chapter, specimens of high-strength concrete testedIor this 

study are compared to nonnal-strength concrete specimens tested by different 

researchers in light of their ability to dissipate energy. Based on this comparison, 

the design requirements for high-strength concrete can be justified or refuted. 
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Chapter 5 

Comparison with Previous Tests 

5.1 Introduction 

A large number of beam-column subassemblies have been tested to date 

with different geometrical configurations. However, the majority ofthe test data 

are for corner or exterior connections, as defined by ACI-ASCE Committee 352, 

and were constructed with normal-strength concrete up to 5500 psi. In order 

to discard any dissimilarities, only specimens similar to the ones tested in this 

study were included in comparing different test results. Specimens with trans

verse beams or slabs were not included. Also excluded from the study were 

specimens with no hoops in the joint region and specimens in which special 

beam reinforcing arrangements were made to force the hinging region away from 

the joint. Exterior joints with stubs at the back face of the joint to provide 

additional embedment length for the beam bars were not included in the study 

either. These exclusions led to the study of exterior beam-column connections 

commonly used in structures. 

The majority of the researchers have reported plots of the applied load 

vs. the displacement at the point of application of the load. A few test 

dat~ exist for which the response of the specimens are reported in terms of 

the applied shear or moment at the end of the beam vs. the rotation of the 

fixed end of the beam measured over various gage lengths. For consistency 

of comparison, the latter group was not included in this study. Thus, the 
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performance of the specimens tested in addition to forty-four other specimens 

reported by Renton 1972 (14), Uzumeri 1974 (16), Lee 1976 (18), Scribner 

and Wight 1976 (23), Scarpas 1981 (20), Ehsani and Wight 1985 (26), Hi

raishi 1985 (46), Zerbe 1985 (37), Ehsani et ale 1987 (43) were compared. 

5.2 Factors Affecting the Performance of Joints 

One of the difficulties in comparing the perfonnance of beam-column 

subassemblies is due to the different test procedures and loading histories used 

at various laboratories. The actual loading history and the number of levels of 

inelastic excursions a frame may be subjected to during an earthquake is difficult, 

if not impossible to predict. Although in many investigations, specimens are sub

jected to displacement inter-story drift as large as 6% to 7%, the effectiveness 

of such large displacements in terms of their applicability to actual structural 

frames subjected to an earthquake remains questionable. In a parametric study 

of the displacement response of multi-story reinforced concrete frames, subjected 

to acceleration records of Mexico City and EI Centro Earthquakes, Sozen and 

Lopez (50) pointed out a maximum story-drift close to 1.6% for 16-story build

ings. Therefore~ many of the displacement schedules considered in laboratory 

testing are extremely excessive; however, they are necessary in evaluating the 

response of subassemblies in the inelastic range. 

In addition to the effect of loading or displacement history, the per

formance of beam-column connections depends on several parameters that are 

discussed briefly in the following five paragraphs; these include: 
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1. Flexural Strength Ratio MR 

M R is defined as the ratio of the sum of the flexural capacities of the 

columns to that of beams at the joint. The flexural capacity of the column can 

be conservatively computed ignoring the axial load on the column. ACI-ASCE 

Committee 352 recommends a minimum value of 1.4 to reduce the likelihood of 

the formation of plastic hinges in the column. The flexural ratio MR is included 

in Table 5.1 for all specimens of different investigators. 

2. Joint Shear Stress 

Based on the confinement provided by other members framing into the 

joint and the loading intensity, different upper limits for the joint shear stress are 

prescribed. Test data indicate that higher joint shear stresses can cause shear 

failure of the joint which results in a loss of stiffness and load carrying capacity 

of the subassembly. The shear stress factor , is included in Table 5.1 for all 

specimens. The joint shear stress factor, is defined as: 

where 

Vj = 

f~ = 

and 

Vj(psi) 
, = -"';-;::f;::~ (;=p=sz:;;=') 

f or f~ 5 6000 psi 

the joint shear stress 

the concrete compressive strength 

Vj(psi) 

,= .y6000 + {j f~ - 6000 

f or f~ ~ 6000 psi 

(5.1) 

(5.2) 



Table 5.1 Summary of test results for different authors 

Author Spec # be he 
Ac 
Ag 

b. h. Mn -r 

Renton 1 15.0 15.0 0.640 12.0 25.0 0.88 15.6 

:I 15.0 15.0 0.640 12.0 25.0 0.119 Jl.6 

J 15.0 15.0 0.640 12.0 25.0 0.88 16.2 

4 15.0 15.0 0.640 12.0 25.0 0.89 14.6 

] 15.0 15.0 0.640 12.0 20.0 2.60 8.7 

Uzumeri 4 .5.0 15.0 0.640 12.0 20.0 2.48 1.8 , 15.0 15.0 0.640 15.0 20.0 2.26 8.8 
7 15.0 1'.0 0.640 15.0 20.0 1.96 9.8 

I 15.0 15.0 0.640 15.0 20.0 1.44 Jl.) 

1 1.0 11.0 O.'ll B.O 10.0 4.10 8.1 

Lee :I 1.0 11.0 0.511 8.0 10.0 4.10 7.5 

J 1.0 11.0 0.515 8.0 10.0 4.10 7.6 

4 1.0 11.0 0.515 8.0 10.0 4.10 7.7 

5 1.0 11.0 0.5ll 1.0 11.0 l.10 11.5 

I 1.0 11.0 0.'15 1.0 11.0 l.10 8.6 
7 8.0 11.0 0.'15 8.0 11.0 l •• O 7.7 

8 8.0 JI.o 0.515 8.0 11.0 l.10 7.4 

1 1.0 12.0 0.625 1.0 10.0 4.40 6.1 

Scribner 2 1.0 12.0 0.625 1.0 10.0 4.20 6.1 

3 1.0 12.0 0.625 8.0 12.0 2.50 9.0 

4 1.0 12.0 0.625 1.0 12.0 2.40 9.0 

5 1.0 12.0 0.625 1.0 10.0 4.15 7.4 , 1.0 12.0 0.625 8.0 10.0 4.00 7.4 

7 1.0 12.0 0.625 1.0 12.0 2.50 11.0 

8 8.0 12.0 0.625 8.0 12.0 2.40 10.9 , 12.0 11.0 0.741 10.0 14.0 l.40 12.4 

10 12.0 11.0 0.741 10.0 • 14.0 J.24 12.' 
11 12.0 11.0 0.741 10.0 14.0 l.40 12.4 

12 12.0 11.0 0.741 10.0 14.0 3.24 u.] 

P, Plm 

1.00 0.64 
1.40 0.97 
1.80 1.20 
1.80 1.20 

0.l9 0.1I 
0.71 0.5l 
1.42 1.04 
0.71 0.52 
1.42 1.05 

1.U 1.07 
1.U 1.07 
0.41 0.23 
0.41 0.2l 
loU 1.07 
0.41 0.22 
0.41 o.n 
0.41 O.:U 

I.U 0.'7 
I.U 0.91 
1.65 1.U 
1.65 1.44 
I.U 0.91 
1.ll 0.91 
1.65 1.44 
1.65 1.44 
1.l0 1.2' 
l.lO I.at 
1.l0 1.29 
1.]0 1.29 

h: 

490 
976 
672 

1652 

lUI 
5098 

10690 
6U4 
1446 

'20 
1225 
ll5 

10" 
UII 
1269 
'41 
721 

2211 
1745 

'" Ill' 
12" 
1714 
U60 
1208 
5764 
6584 
ll5l 
2949 

J,~N 

10.4 
27.4 
18.0 
lO.O 

164.0 
265.6 
637.0 
275.0 

60.B 

15'.2 
371.2 
".0 

llJ.O 
lll.1 
nl.4 
2511.0 
212.0 

'''.J 
)7'.l 
122.0 
166.J 
2".4 
401.2 
lll.O 
87.l 

157.1 
179.4 
111.2 
72.' 

~ 
.-:1 
C) 



Table 5.1 (Continued) 

Ae b. h. Author Spec., be he -A, 

Scarpaa 1 11.0 11.0 0.101 14.0 24.0 
2 .1.0 11.0 0.792 14.0 24.0 
3 11.0 11.0 0.792 14.0 24.0 

EhsBIli 11 11.1 11.1 0.557 10.2 11.9 
21t 11.1 11.1 0.557 10.2 11.3 
'1 11.' 11.' 0.557 10.2 11.9 
4B 11.1 11.1 0.557 10.2 11.3 
Sit 13.4 1'.4 o.ln 11.1 11.9 
61t 13.4 13.4 0.687 11.1 U.9 

Hiraishi !, t.1 t.8 0.525 5.9 t.1 

Zerbe .11 12.0 12.0 0.513 10.0 15.0 

LU 14.0 14.0 0.117 u.s 20.0 

Alameddine Ull 14.0 14.0 o.ln 12.5 20.0 
LL14 14.0 14.0 o.ln 12.5 20.0 
Uti 14.0 14.0 0.617 12.5 20.0 

Ufll 14.0 14.0 0.6n 12.5 20.0 
Ut14 14.0 14.0 0.117 12.5 20.0 

"LI 14.0 14.0 0.6n 12.5 20.0 
"Lll 14.0 14.0 0.617 12.5 20.0 

"HI 14.0 14.0 0.611 12.5 20.0 

"HIl 14.0 14.0 0.'11 12.5 20.0 
HH14 14.0 14.0 0.611 12.5 20.0 

EhS8Jli • 11.4 11.4 0.602 11.8 18.9 

Moussa 2 1l.4 1l.4 0.602 II.S IS.9 
3 11.1 11.8 0.$$6 10.2 17.3 

&& Vallenilla .. 11.1 11.1 0.S.56 10.2 17.3 

J/R " P, PI". 

2.03 6.5 0 •• 1 0.71 
1.62 9 •• 0.511 0.50 
2.12 6.0 0.42 0.36 

1.01 14 .2 0.17 0.61 
1.35 14.2 0.98 0.69 
1.07 12.11 1.31 0.92 
1.41 U.5 1.47 1.03 
I.U 15.2 0.78 0.611 
1.56 •• 1 0.75 0.65 

5.62 3.7 0.96 0.55 

2.77 1l.0 1.00 0.71 

1.40 11.5 1.20 0.'1 
1.40 9 •• 1.U 0.96 
1.40 10.9 1.22 0.92 
1.40 11.2 1.10 1.16 
1.40 11.9 1.77 1.64 
1.40 11.0 1 •• 0 I.U 
1.40 1l.2 1.:n 1.11 
1.40 n.4 1.16 1.07 
1.40 1l.2 1.84 1.10 
1.40 1l.0 1.77 1.64 
1.40 12.11 1.17 1.13 

1.89 7.88 1.02 0.7S 
1.81 9." 1.02 0.1' 
1.90 11.10 1.28 0.87 

1.67 13.65 1.2& 0.17 

IE 

5611 
6011 
7711 

190 
367 
124 

1167 
544 

1902 

104 

510 

'0" 
26" 
nil) 
5 .. 4 
5216 
4114 
1911Z 
1111 
un 
un 
311. 

5679 
"42 
2767 
133. 

lEN 

"6.0 
233.0 
562.0 

4.9 
10.4 
16.2 
60.3 
••• 63.0 

U9.0 

19.' 

55.2 
57.5 

12 •• 1 
140.2 
101.2 
86.6 
16.2 
12.0 
10.0 
46.0 
44.5 

321.S 
2S2.0 
129.1 
35.1 

.... ." -I 
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3. Joint Transverse Reinforcement 

ACI-ASCE Committee 352 recommends the area and spacing of trans

verse reinforcement in the joint based on requirements of confinement for tied 

columns as stated in Eqs. 4.21 and 4.22. The joint transverse reinforcement ratio, 

Pt, defined in Eq. 2.1 is shown in Table 5.1 for all specimens. However, due to 

the shortcomings of Eq. 4.21 as discussed in Chapter 4.4, the value of Pt was 

modified for different specimens using the following two correction factors. First, 

providing more layers of Grade 40 reinforcement is more effective than providing 

fewer layers of Grade 60 reinforcement if the maximum potential force offered by 

both groups is the same. To account for this difference in reported test results, 

the reported transverse reinforcement ratios were multiplied by J jyh/4q, where 

jyh is the actual yield stress of the transverse reinforcement in ksi units. The sec

ond modification results from the smaller size of most laboratory specimens. In 

most cases, the ratio Ac/Ag for test specimens is usually much smaller than that 

for a typical column, resulting in a higher amount of transverse reinforcement 

as required by Eq. 4.21. Therefore, the transverse reinforcement ratios were also 

multiplied by the fraction Ac/ Ag for all specimens. The resulting values, after 

the introduction of these two modification factors are reported in Table 5.1 and 

are referred to as the modified transverse reinforcement ratio Ptm. 

4. Bar Anchorage 

Slippage or pullout of the longitudjnal reinforcement passing through or 

terminating at a joint results in loss of stiffness of the subassembly. To ensure 

against this, the ACI-ASCE 352 recommendations require that the depth of the 

column be at least twenty times larger than the diameter of the beam bar passing 

through the joint. In addition, beam bars terminating with a 90 degree standard 
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hook must have a development length as required by Eq. 2.12. Adherence to 

these rules will ensure reduction of slippage to tolerable ranges. 

5. Compression and Tension Reinforcement 

The ratio of the compression reinforcement (A~) to the tension rein

forcement (As) is an important factor affecting energy dissipation. Many beam

column subassemblies are constructed in which the area of tension (top) rein

forcement is larger than the area of compression reinforcement. In such cases, 

larger negative beam moments cause tension cracks which start at the top and 

extend to mid-depth of the beam. When the loading is reversed, the tensile force 

is exerted on a smaller area of longitudinal reinforcement causing the depth of 

neutral axis to shift higher. Thus, a continuous crack runing the entire depth of 

the beam is created at the face of the column at an earlier stage and the stiffness 

of the subassembly reduces significantly. In an attempt to compare the per

formance of reinforced concrete members subjected to cyclic loading Nmai and 

Darwin (87) proposed an energy index which incorporates the effect of the ratio 

(A.~ / As). This effect is significant in specimens with floor slabs, where due to the 

contribution of slab longitudinal steel, there is considerably more top reinforce

ment than bottom reinforcement (26). An increase in compression reinforcement 

reduces the concrete compression stresses under negative bending, delaying com

pressive spalling of concrete. This will increase the energy dissipated by the 

specimen under cyclic loading. The only requirement on the amount of beam 

compression reinforcement is that given in Appendix A of ACI 318-83 which 

requires that the area of compressive reinforcement be at least one half of the 

tension reinforcement. 
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5.3 Performance Criteria Based on Energy Index 

Different investigators attempted to quantify the overall performance of 

beam-column subassemblies tested. Gosain et al. (21) proposed a "work index" as 

a nondimensional measure of the energy dissipation capacity of the subassembly. 

Nmai and Darwin (87) also proposed an index to compare the performance of 

concrete members subjected to cyclic loading. The most recent and promising 

index was proposed by Ehsani and Wight (88) based on an energy index by 

Hwang and Scribner (89). This index eliminates many of the shortcomings of 

previous indices proposed by different authors. The major advantage of this 

index is that it takes into account the effect of stiffness degradation and energy 

dissipation during each cycle of loading in addition to the effect of displacement 

ductility ratio; it also eliminates the error introduced due to the varying sizes of 

different specimens. The normalized energy index is expressed as follows: 

where 

m = 

(5.3) 

energy dissipated during the ith cycle as shown in Fig. 5.1, 

each cycle is defined as begining at zero displacement (point A of 

Fig. 5.1 and ending at zero displacement (point B of Fig. 5.1) 

after completing a full cycle of positive and negative 

displacements 

stiffness corresponding to the yield displacement fly (see Fig. 5.2) 

stiffness in the ith cycle corresponding to the maximum 

displacement fli (see Fig. 5.2) 

number of cycles for which Pi! Py ~ 0.75 



the maximum load attained at maximum displacement during 

each cycle (see Fig. 5.2) 

the yield load of specimen (see Fig. 5.2) 
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In order to calculate the amount of energy dissipated by the specimen 

during each cycle, a planimeter was used to measure the area inscribed within 

the hysteresis loops of the first forty specimens in Table 5.1; this data were 

compiled by Yacoub (42). The area under each cycle for the specimens tested in 

this study was calculated numerically using the trapezoidal rule for integration 

between each pair of consecutive data points collected at 1/4 in. displacement 

intervals. The area within each cycle is converted to energy dissipated during 

each cycle, Ej, according to the scale used for the load vs. displacement diagram. 

Another important parameter is the displacement corresponding to the 

initiation of the yielding of the specimen, fly. The yield point for the first forty 

specimens included in Tables 5.1a and 5.1b was determined from the load vs. dis

placement curve taken during the tests. To determine the yield displacement, ~y, 

a line was c;lrawn first to connect the origin to the point on the load-deflection 

curve corresponding to O.75Pmaz where Pm1u; is the maximum load attained; 

next, a second line was drawn to cover the envelope of the strain hardening por

tion of the hysteresis loops. The displacement corresponding to the intersection 

of the two lines previously drawn is refered to as the yield displacement from the 

load vs. displacement curve. However, the response of high-strength concrete 

specimens was different from the forty-four specimens constructed with normal

strength concrete. Similar to stress-strain curves of high-strength concrete cylin

ders (see Fig. 1.4), the load-deflection curve of high-strength concrete specimens 

showed a linear response up to ultimate in contrast to the more parabolic re-
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sponse of normal-strength concrete specimens prior to reaching their ultimate 

capacities. 

Due to the difference in the load-deflection curves between normal

strength and high-strength concrete specimens, the method previously described 

and used to determine the yield displacement of normal-strength concrete spec

imens tends to overestimate the yield displacement in the case of high-strength 

concrete specimens. Because of the inadequacy of this method, the yield dis

placement of high-strength concrete specimens tested in this study was calcu

lated analytically including the contributions of flexure and shear in the column 

and the beam, and taking into account the effect of the joint shear deformations 

(listed as ~ty in Table 4.2). Following the determination of the yield displace

ment, the applied load corresponding to this displacement was recorded as the 

yield load Py • 

The normalized energy index was chosen to compare the performance 

of different specimens because it is directly based on ihe hysteresis response of 

each subassembly; and therefore, it contains the various design effects previously 

discussed in chapter 5.2. It should be noted that a primarily factor in assessing 

the performance of a joint is its energy absorption capacity in the post elastic 

range as reflected in the index lEN. The values of the normalized energy index 

TEN and the energy index IE = lEN X Py~y are listed in Table 5.1. The index 

appears to be a reliable inc1icator of the performance of the subassemblies and 

correlates well with the observed results. 

To assess the behavior of each subassembly, it is desirable to define a 

minimum value of I EN for satisfactory performance. To determine this minimum 

value, a regression analysis was performed on test results of specimens with a 
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flexural strength ratio ranging from 1.0 to 2.5. For specimens with M Riess 

than 1.0, damage will be concentrated primarily in the column above and/or 

below the joint. Similarly, for specimens with MR larger than 2.5, plastic hinges 

will form at the end of the beam, adjacent to the joint. Consequently, it was 

decided to consider only those specimens with flexural strength ratios between 

1.0 and 2.5 as representatives of tests of connections. Since the joint shear stress 

is the most prominent factor affecting the performance of joints, the values of 

the normalized energy index lEN and the corresponding shear stress factor 'Yare 

plotted for all fifty-five specimens in Fig. 5.3. As seen from this figure, the value 

of lEN tends to increase in general with lower joint shear stresses. This is also 

reflected in the best fit line passing through the group of thirty-two specimens 

with 1.0 :::; M R :::; 2.5 and shown in Fig. 5.3. 

The values of lEN and'Y for the specimens used in the regression analysis 

are selected from Table 5.1 and shown separately in Table 5.2. The equation of 

the best fit line is: 

'Y = -0.01117 X lEN + 12.6766 (5.4) 

The ACI-ASCE Conunitte 352 sets an upper limit of 12 on the joint 

shear stress factor, 'Y, for exterior joints. Substituting 12 for 'Y in Eq. 5.4 leads 

to a normalized energy index, lEN, of 60.6. The latter value agrees with test 

results of specimen No.8 of Uzumeri and specimen 4B of Ehsani which have a 

normalized energy index lEN of 60.8 and 60.3 respectively. Specimen 4B tested 

by Ehsani and Wight (26) satisfies very closely the current ACI-ASCE Conunittee 

352 requirements. The flexural strength ratio for this specimen was 1.41 with 

a joint shear stress factor of 12.5. These values compare favorably with the 

recommended values of 1.4 and 12.0. Similarly, the spacing of transverse 
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Table 5.2: Data Used in Regression Analysis 

Author Specimen Index Shear Factor 
No. lEN "Y 

Uzwneri 4 265.6 8.8 
6 637.0 8.8 
7 275.0 9.8 
8 60.8 12.3 

Scribner 3 122.0 9.0 
4 166.3 9.0 
7 133.0 11.0 
8 87.3 10.9 

Scarpas 1 486.0 6.5 
2 233.0 9.8 
3 562.0 6.0 

Ehsani 1B 4.9 14.2 
2B 10.4 14.2 
3B 16.2 12.8 
4B 60.2 12.5 
5B S.6 15.2 
6B 63.0 8.8 

Ehsani 1 321.5 7.8 
Moussa 2 252.0 9.5 

& Vallenilla 3 129.1 11.1 
4 35.1 13.7 

Alameddine LL8 55.2 11.6 
LLll 57.5 9.8 
LL14 12S.1 10.9 
LHS 140.2 11.3 
LHll 10S.2 12.0 
LH14 86.6 11.1 
HLS 16.2 13.3 
HLll 12.0 12.4 
HHS 70.0 13.3 
HHll 46.0 13.1 
HH14 44.5 12.8 
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reinforcement and the anchorage of bars passing through and terminating at the 

joint were less than 1.4% different from the recommended values. Based on these 

results, a normalized energy index of 60 was considered as a minimum value for 

satisfactory performance of the subassembly. It can therefore be inferred that a 

specimen having a normalized energy index of 60 or higher possesses sufficient 

ductility to satisfy the intent of the Committee 352 recommendations. 

Based on the test results of high-strength concrete specimens, joints with 

lower shear stresses (1100 psi) and high joint confinement (6 sets of stirrups and 

cross-ties) had a satisfactory performance as far as delaying stiffness degradation, 

and closely achieving their expected load-carrying capacities. As can be seen from 

Table 5.1, the ductility of specimens LH8, LHll, and LH14 was also satisfactory 

as reflected by the values of the normalized energy index lEN. In summary, 

specimens of LH type (low joint shear, high joint confinement) had adequate 

performance as related to strength and ductility. However, these specimens did 

not satisfy joint confinement requirements (Eqs. 4.21 and 4.22) as recommended 

by ACI-ASCE 352; confinement of concrete is necessary to provide ductility of 

the member. Therefore, it is concluded that these requirements, in addition for 

being impractical or impossible to satisfy for very high-strength concrete, are 

. not necessary to achieve satisfactory ductility of the subassembly. A volumetric 

ratio, Pt equal to 1.8% was proven to be adequate in comparison to a value of psh 

equal to 4.2% according to Eq. 4.2 of ACI-ASCE 352. It is important to note 

that specimens of LH type were designed in accordance to ACI-ASCE 352 and 

ACI 318-83 requirements wherever permitted. Due to the use of high-strength 

concrete, certain requirements such as the pennissible joint shear stress were 

modified while others such as the joint confinement were not satisfied. 
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5.4 Development of Confinement Chart 

To demonstrate the effect of transverse reinforcement in carrying the 

joint shear stresses, the contributions of concrete and transverse steel in carrying 

the joint shear force were calculated for each specimen tested in this study during 

the, first five cycles of the displacement schedule. At maximum displacement of 

each cycle, and based on equilibrium of forces in the beam, the tensile force T 

of the longitudinal beam reinforcement is calculated as discussed previously in 

Chapter 4.2. Knowing the column shear force Veol, the joint shear force Vi is 

calculated as follows: 

Vi = T - Veol (5.5) 

In order to calculate separately the contributions of concrete and transverse 

steel in resisting the joint shear force, the data from strain gages mounted on 

the hoops and cross-ties in the joint were used to calculate the average stresses 

on the transverse steel in the direction of shear at maximum displacement of the 

first five cycles. The stresses corresponding to the recorded strains were found 

using the tensile test results of random samples of # 4 bars used as stirrups and 

cross-ties. Based on the average stresses calculated in the direction of the joint 

shear, the force contribution of the transverse steel Vj,.!Iteel was calculated at the 

maximum displacement of the first five cycles. The force contribution of concrete 

in the joint Vj,conc is computed as: 

Vi,cone = Vj - Vj,deel (5.6) 

A typical plot of these results for specimen LHll is shown in Fig. 5.4. Sim

ilar plots were drawn for all twelve specimens tested. It is important to note 

from Fig. 5.4 that the steel force contribution is smaller than the concrete force 
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contribution, prior to yielding of the specimen (~PII = 1.76 in. in Table 4.2). 

Close to yielding of the specimen at a displacement of 1.5 in, the concrete force 

contribution is maximum and then starts decreasing following yielding of the 

specimen when excessive cracking and loss of concrete stiffness occur. Due to 

the loss of the concrete load-carrying capacity, the force in the transverse steel 

starts increasing to compensate for the decreasing concrete force contribution. 

Therefore, it can be concluded that the transverse steel reacts only when 

it is needed to balance the increasing joint shear force and to compensate for the 

decreasing concrete force contribution. It is important to note that in the case of 

specimen LHll, the flexural strength ratio was 1.4 and the shear stress factor was 

11.97, both are limiting values according to ACI-ASCE 352. However, designing 

a joint with a high flexural strength ratio (e.g. MR ~ 2.5) and/or smaller joint 

stresses (e.g. ,:5 8) is equivalent to having a relatively smaller amount of beam 

longitudinal reinforcement. This smaller amount of tensile beam reinforcement 

results in a smaller tensile force at ultimate; thus decreasing the joint shear 

force. The reduced joint shear stresses are more easily carried by the concrete 

contribution and a smaller amount of transverse steel is needed. 

To illustrate the effects of designing a joint with a flexural strength ratio 

higher than 1.4 and a joint stress factor lower than 12, Figs. 5.5 through 5.8 show 

the load-deflection curves for four specimens with concrete compressive strength 

of 9380 psi or 9760 psi (43). Similarly to Figs. 3.1 through 3.12, the horizontal 

line. in Figs. 5.5 through 5.8, indicates the expected maximum load calculated 

based on the ultimate capacity of the beam taking into account the increase in the 

tensile stresses of the beam longitudinal reinforcement (i.e. using the factor Q'). 

For specimens 1, 2, and 3, the joint shear stress, vj, is smaller than the limiting 
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value of (1110 psi for f~= 9380 psi or 1116 psi for f~= 9760 psi) calculated using 

Eq. 4.7. In addition, the flexural strength ratio for all three specimens is larger 

than the minimum value of 1.4 suggested by the Recommendations. As a result 

of these favorable conditions, the three specimens exhibit excellent behavior in 

terms of strength and ductility. In contrast to the above three specimens, speci

men No.4 shows relatively a poor behavior as seen in Fig. 5.8. This is primarily 

due to the magnitude of the joint shear stress (Vj= 1269 psi) higher than the 

limiting value of 1116 psi. This last specimen has greater stiffness degradation 

than the preceding three specimens. In addition, the maximum strength attained 

is 13% less than the expected maximum strength. As seen in Table 5.2, the first 

three specimens have energy indices of large magnitude well above 60 while the 

nonnalized energy index, [EN, for specimen No.4 is less than the p·roposed 

acceptable value of 60. 

As noted in Fig. 5.3, the best fit line for specimens with 1 :5 M R :5 2.5 

representing test of connections shows that the nonnalized energy index [EN in

creases when the shear stress factor 'Y decreases. Therefore, higher joint ductility 

can be expected when the joint shear stress is reduced, and a relaxation of the 

joint confinement requirement is possible without jeopardizing the perfonnance 

of the frame. 

U sing the minimum normalized energy index of 60 and the values pre

sented in Table 5.1, the specimens with satisfactory ductility were designated 

with a solid symbol while hollow symbols were used to identify specimens with 

nonnalized energy index lower than 60. Each of the fifty-five specimens listed 

in Table 5.1 is plotted as a data point in Fig. 5.9. The specimens were divided 

into three groups based on the amount of joint transverse reinforcement and 
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each group is assigned a separate symbol. Thus, each point in Fig. 5.9 gives the 

flexural strength ratio MR, the shear stress factor " and the range of modified 

reinforcement ratio for the particular specimen. 

As seen in Fig. 5.9 the group of specimens with normalized energy index 

lEN less than 60 corresponds to specimens with low flexural strength ratio or high 

joint shear stresses. For comparison with the ACI-ASCE 352 recommendations, 

a horizontal line representing the minimum flexural strength ratio of 1.4 and a 

vertical line representing the maximum joint shear stress factor of 12.0 are shown 

in Fig. 5.9. These lines define the upper left region of the chart as the acceptable 

region. The limits defined appear to be reasonable for the test results included 

here. 

It is now desirable to divide the acceptable region of the chart into zones 

requiring different transverse reinforcement ratios. Line A is drawn from the 

lower left comer (MR = 1.4 and , = 0) through the solid square symbol with 

the lowest flexural strength ratio and highest joint shear factor (MR = 3.1 and 

, ~ 8.6). All square symbols to the left of this line are solid; that is, they have 

demonstrated acceptable performance. Thus, for the specimens located to the 

left of line A, the following relationship exists: 

(5.7) 

For the specimens located in this region, a modified transverse reinforcement 

ratio, Ptm, of only 0.25% is needed to obtain a minimum normalized energy 

index, lEN, of 60. It is noted that in this zone, specimens have high flexural 

strength ratios, and low joint shear stresses. Therefore, there is no need for 

excessive joint transverse reinforcement. 

Line B is drawn parallel to line A and through the solid hexagon furthest 
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away from line A (Mn = 1.62 and 'Y = 9.8). A minimum modified joint transverse 

reinforcement of 0.5% is needed for specimens located between lines A and B to 

ensure satisfactory performance. The following inequalities define the points 

located in this region: 

Mn < 0.21' + 1.4 (5.8) 

and 

Mn 2:: 0.21' - 0.34 (5.9) 

For the remaining small acceptable zone to the right of line B, a minimum mod

ified joint reinforcement, Ptm, of 1.0% is recommended. The points located in 

this region of the chart satisfy· the following inequalities: 

Mn < 0.21' - 0.34 (5.10) 

and 

(5.11) 

The amount of modified joint reinforcement, Ptm, selected for this region was 

based on the performance of specimens 8 by U zumeri and 4B by Ehsani, which 

are located to the lower right comer just outside this region. The solid triangles 

in this region falling right on the horizontal limiting line of MR equal to 1.4 

correspond to the satisfactory specimens tested in this study. Based on the test 

results of this study and other researchers (66, 68, 69, 70, 85), higher-strength 

concrete requires more confinement due to its brittle nature. Therefore, the 

ratio of modified joint reinforct:ment, Pfm, selected from Fig. 5.9 depending on 

the values of M R and l' should be increased to accolUlt for concrete compressive 
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strength larger than 6000 psi. Although, the results of this study shows that 

some increase in confinement of high-strength concrete is necessary, it is not 

evident that this increase should be linearly proportional to I~. Therefore, in 

lieu of more data, test results of this study indicate that an increase in the order 

of f~~~~i) is sufficient to ensure joint ductility. The proposed increased ratio, 

ptmi, is calculated as follows: 

Ptmi = 1m X Ptm 

where the magnification factor 

1m = {JIo&o 
1.0 

for I~ ;::: 6000 psi 
for f~ :5 6000 psi 

The actual ratio of transverse reinforcement, Pt, is calculated as: 

where 

Ac = 

Ag -

Iyh = 

_--.:..P.;;.;tm~i = 
Pt = 

.&. x ffu. 
Ag V70 

core area of confined concrete 

gross area of the cross-section 

actual yield stress of transverse steel in ksi 

(5.12) 

(5.13) 

(5.14) 

F~r high-strength concrete specimens located in the region below line A 

and above line B as in the case of specimens No.1 and No.2 reported in Refer

ence (43), the modified reinforcement ratio, Ptm selected from Fig. 5.9, is 0.5%. 

The magnification factor 1m is equal to 1.25, 1.27 and the magnified ratio, Ptmi, 

is equal to 0.625%, and 0.635% for concrete compressive strength, I~, of 9380 and 

9760 psi corresponding to specimens No. 1 and No.2 respectively. Substituting 

the values of fyh and the ratio Ac/Ag for these two specimens (Ac/Ag = 0.602 and 
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/yh = 60 ksi) in Eq. 5.14 leads to actual required ratios of transverse reinforce

ment, Pt, equal to 0.85%, and 0.86% for specimens No.1 and No.2 respectively. 

These ratios are slightly smaller than the ratio of 1.02% provided to the speci

mens tested. However, as seen in Table 5.2, both specimens have large energy 

indices well above the minimum acceptable value of 60. This suggests that reduc

tion of the transverse reinforcement to the required amounts (0.85% and 0.86%) 

is possible without affecting an overall good performance of the joint. As result 

of higher amounts of transverse reinforcement and low joint shear stresses, both 

specimens showed excellent performance with respect to strength and ductility. 

For high-strength concrete specimens located in the region where 

M R < 0.2, - 0.34 and M R ;::: 1.4 as in the case of specimens tested in thi~ study, 

the modified reinforcement ratio, Ptm selected from Fig. 5.9, is 1.0%. The mag

nification factor / m is equal to 1.15, 1.35, 1.53 and the magnified ratio, Ptmi, is 

equal to 1.15%, 1.35%, and 1.53% for concrete compressive strength, i~, of 8000, 

11000 and 14000 psi. Substituting the values of /yh and the ratio Ac/Ag for the 

specimens tested in this study (Ac/ Ag = 0.617 and iyh = 60 ksi) in Eq. 5.14 leads 

to actual ratios of transverse reinforcement, Pt, equal to 1.52%, 1.79%, and 2.02% 

for concrete compressive strength of 8000, 11000, and 14000 psi, respectively. 

These results highly agree with the amounts of transverse steel used in 

the high-strength concrete specimens tested in this study. It is important to note 

that specimen LL8 (Pt = 1.20%) and specimen LH8 (PI = 1.80%) had little or 

no difference in their postelastic response. Specimen LH11 (Pt = 1. 77%) was 

superior to specimen LL11 (Pt = 1.20%) and had ~ excellent performance in 

terms of energy dissipation and maintaining its load carrying capacity. Specimen 

LH14 (Pt = 1.80%) also had a satisfactory performance with some loss of load-
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carrying capacity in the last two cycles, therefore the amount of Pt equal to 2.02% 

calculated above using Fig. 5.9 is justified. 

The small region to the right of line B in Fig. 5.9 requires a fairly larger 

amount of transverse reinforcement. However, it should be noted that with the 

application of a shear capacity factor of 0.85, the vertical line in Fig. 5.9 will be 

moved from 12 to O.85x12=1O.2. This will significantly reduce the area of the 

triangle below line B. Under these circumstances, and considering the sparsity of 

data points near this region, line B could be removed from Fig. 5.9. Therefore, 

for most typical design conditions, the selected modified ratio Ptm would be close 

to 0.5%. In the case where flexural strength ratio is large and the joint shear 

stress factor is low (region above line A in Fig. 5.9), the modified ratio Ptm is 

reduced further to 0.25%. 

Knowing the values of MR and " which can be easily calculated, Fig. 5.9 

can be used to determine the ratio ptm. This ratio is magnified for high-strength 

concrete (J~ ~ 6000 psi) following Eq. 5.12, and the actual amount of transverse 

reinforcement is then calculated using Eq. 5.14. Other requirements regarding 

the anchorage of bars at the joint must still he satisfied. Furthermore, at least 

two layers of transverse reinforcement must be provided in the joint according to 

ACI-ASCE 352. 
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pesi~n Example 

The application of this method is illustrated by mean~ of the following 

example. The flexural reinforcement arrangement in both the column and the 

beam is similar to the one selected for the specimens tested in this study (see 

Fig. 2.2). Table 5.3 and 5.4 include the cross-sections dimensions as well as the 

corresponding reinforcement for both the column and the beam. Grade 60 steel 

is considered for both flexural and transverse reinforcement. A concrete strength 

of 14000 psi is assumed. 

Table 5.3; Column Cross-Section 

he be dIe d'lc d3c Aile A.2e A.3c 
in. in. in. in. in. 
24 24 3 12 21 3 #11 2 #11 3#11 

Table 5.4: Beam Cross-Section 

hit bit du d'llt A,u A.n 
in. in. in. in. 
30 21 3 27 5 #9 5 #9 

For a zero axial load, the bending capacity of the column is 657 kip-ft. 

The nominal moment capacity of the beam (Mur"a=1.o) is 681 kip-ft. Thus, using 

Eq. 2.7, the flexural strength ratio is: 

M - 2 x 657 = 1 93 > 1 4 
R - 681 . . (5.15) 
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Assuming a 12-feet long column, and taking into account the increase in 

tensile stresses of the beam longitudinal reinforcement (Mu b,a=1.25 = 834 kip-ft), 

the shear force in the column is calculated (Eq. 2.4) as: 

834 
Veal = - = 69.5 kips 

12 

The joint shear force (Eq. 2.5) is: 

Vi = 5 x 1.25 x 60 - 69.5 = 305.5 kips 

The effective width of the joint is: 

b
. _ 24+21 _ 

J - - 22.5 in. 
2 

The joint shear stress factor is computed (Eq. 5.2) as: 

(5.18) 

(5.17) 

(5.18) 

- 305.5 x 1000 _ 5 8 < 12 x 0.85 (5 19) 
'Y - (?!6000 + ~14000 - 6000) x 24 x 22.5 - . . 

For each layer of ties including 4 legs of No.4 bars, the total area is 

A."h = 4 x 0.2 in2 = 0.8 in2 • By the proposed method, based on MR = 1.93 

and 'Y = 5.8, Fig. 5.9 requires Ptm = 0.5%. The increased ratio Ptmi is 

calculated (Eq. 5.12) as: 

Ptmi = 0.5 x 14000 = 0.76% 
6000 

(5.20) 

After the two modification factors are accounted for, the actual transverse ratio 

is calculated (Eq. 5.14) as: 

Pt = 0.76 = 0.81% 
!ii(l!.!) V 40 242 

(5.21) 
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With the distance (d26 - dlb) being equal approximately to 25 in., the 

number of sets of transverse reinforcement is calculated (Eq. 2.1) as: 

n = 0.0081 x 24 x 25 = 6 sets 
0.8 

(5.22) 

Therefore, 6 sets of transverse reinforcement are needed which result in a spacing: 

s = ~5 = 4.2 in. (5.23) 

If Eqs. 4.21 and 4.22 of the current ACI-ASCE 352 Recommendations are used, 

the transverse reinforcement ratio Pah is calculated using Eq. 4.19 as: 

(
242 ) 14 

Pah = 0.30 212 -1 60 = 2.14% (5.24) 

this ratio should not be less than: 

14 
Pah = 0.09 x 60 = 2.1% (5.25) 

The spacing between the transverse reinforcement layers IS calculated using 

Eq. 4.20 as: 

0.8 178 . 
s = .0214 x 21 = . tn. 

(5.26) 

This results in 13 sets of transverse reinforcement in the joint. It is obvious 

that using the current Recommendations results in larger amounts of required 

transverse steel that make the joint difficult to construct. Although excluded 

from the solution presented here, anchorage of beam and column bars must be 

satisfied according to the rules provided by the Recommendations. 
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Chapter 6 

Summary and Conclusions 

6.1 Summary of Research Program 

The present recommendations of the ACI-ASCE Committee 352 for the 

design of ductile moment resistant beam-to-column connections limit the joint 

shear stress to "( V'Fc, where the factor "( is a function of the type of joint and load

ing condition. The value of compressive strength f~ used in the above expression 

should not exceed 6000 psi. This limitation causes considerable difficul~y in the 

design of high-strength concrete frames. In addition, the current requirements for 

joint confinement, which were developed for normal-strength concrete, cannot be 

satisfied for high-strength concrete frames and result in congested connections 

which are impractical to construct. The objective of this investigation was to 

obtain sufficient experimental evidence on the behavior of exterior high-strength 

concrete joints which would lead to new requirements for the permissible joint 

shear stress and the amount of transverse steel necessary for Type 2 joints. 

To satisfy the above objective, twelve full-size exterior beam-to-column 

subassemblies were constructed and tested under cyclic inelastic loading. The 

variables studied were the concrete compressive strength, f~, (8.1, 10.7, and 

13.6 ksi), the joint shear stress (12J8000 ~ 1100 psi, and 12J14000 ~ 1400 psi), 

and the degree of joint confinement provided in the form of closed-ties and cross

ties. The flexural strength ratio, MR, was kept close to 1.4 for all twelve speci

mens, and development lengths of the beam and column longitudinal bars were 
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satisfied according to the current recommendations of ACI-ASCE Committee 

352. 

In each group of four specimens with a specified concrete strength, two 

specimens had low joint shear level (1100 psi) with either low or high level of 

joint confinement, and two other specimens had high joint shear level (1400 psi) 

with either low or high amount of transverse steel in the joint. The low amount 

of joint confinement was considered equivalent to four layers of hoops and cross

ties while the high amount was equivalent to six layers; the transverse steel in 

the joint was distributed over a depth of 15 in. (distance between the centroids 

of tensile and compressive beam longitudinal reinforcements). In both cases, the 

amount of provided transverse steel in the joint was less than that required by 

ACI-ASCE Committee 352. 

Specimens were tested with the column portion placed horizontally in the 

testing frame while cyclic shear loads were applied near the free end of the beam 

portion. For all twelve specimens, the column portion was subjected to an axial 

load which remained constant throughout the test. The displacement controlled 

loading history consisted of nine cycles with the first cycle having a maximum 

displacement of 0.5 inches. The maximum displacement of each subsequent cycle 

was increased by 0.5 inches until it reached 4.5 inches during the ninth cycle of 

loading. By the end of the test, the subassembly was subjected to an equivalent 

6% to 7% inter-story drift. 

A continuous plot of the applied load vs. the load point displacement 

was recorded during the tests. Electrical resistance strain gages were bonded 

to the longitudinal and transverse reinforcing bars in the joint region and their 

measurements were recorded at a 1/4 in. displacement intervals. Displacement 
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transducers were mounted on the joint face to measure the joint shear deforma

tions. In addition, displacement transducers mounted on the beam's compressive 

and tensile faces close to the column face and at twenty inches from the colwnn 

face were used to determine beam rotations and elongations. The transducers' 

measurements were also recorded at the same displacement intervals the strain 

gages' measurements were taken. 

During each test, the cracking pattern was carefully observed, marked, 

and recorded. For all specimens, the primary change occured in the portion of 

the beam adjacent to the beam-column interface and at the joint region. Most 

of this damage can be attributed to flexural action in the beam or the beam

column interface and to shear action in the joint. Only specimens of low joint 

shear (1100 psi) and high joint confinement (6 layers of stirrups and cross-ties) 

showed yielding and strain hardeniug of the beam longitudinal bars and the 

appearance of flexural cracks in the beam close to the beam-column interface. 

For all other specimens, the excessive damage of the joint was clearly visible 

with no strain hardening of the beam longitudinal reinforcement. Specimens 

with high joint shear (1400 psi) and low joint confinement (4 layers of stirrups 

and cross-ties) suffered severe loss of stiffness and load-carrying capacity. The 

stiffness of the joint was followed by slippage of the beam and column longitudinal 

reinforcement. 

Furthermore, the data collected were used in analyzing the behavior of 

the beam, the column, and the joint subjected to large displacements. As a result, 

new requirements for limiting joint shear stress are proposed. In addition, the 

specimens tested were compared to normal-strength concrete specimens tested 

by different researchers in light of their ability to dissipate energy. Based on 
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this comparison, joint confinement requirements for nonnal- and high-strength 

concrete are presented to ensure ductile behavior of frames. 

6.2 Conclusions 

The following conclusions are drawn based on the results of the specimens 

tested in this investigation and the work done by other researchers: 

1. Properly detailed connections constructed with high-strength concrete 

exhibit ductile hysteretic response comparable to those for ordinary-strength 

concrete connections. The flexural strength ratio, degree of joint confinement, 

development length of bars, and joint shear stresses are all very important factors 

to be considered in the design process. 

2. The lower limit for the flexural strength ratio, MR, of 1.4 recom

mended by ACI-ASCE Committee 352 is strongly endorsed for use in design 

of high-strength concrete frames. The suggested value is essential in helping 

formation of the plastic hinge in the beam rather than the column. 

3. High joint shear stresses significantly reduce the energy absorption 

capability of subassemblies and result in rapid loss of load-carrying capacity. 

In all specimens tested with high joint shear level (1400 psi R: 12J14000 psi), 

yielding of the beam longitudinal reinforcement was absent due to early failure 

of the joint. In specimens with low joint shear stresses (1100 psi R: 12JSOOO psi), 

deterioration of the joint concrete was delayed significantly and the cyclic load 

carrying capacity of the subassemblies was more stable throughout the test. Low 

shear stresses in the joint also resulted in delay of beam bar pullout or column 

slippage. 
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4. The maximum permissible joint shear stress suggested by ACI-ASCE 

Committee 352 must be modified for frames constructed with high-strength con

crete. Based on the measured joint shear stresses for specimens tested in this 

investigation, it is proposed to compute the allowable shear resistance for con

crete strength above 6000 psi as: 

Vj(psi) = '1 x (?'6000 + V f~ - 6000) (6.1) 

the shear stress for concrete strength less than 6000 psi is kept as: 

Vj(psi) = '1 x V f~(psi) (6.2) 

It is important to mention that the proposed joint shear stress does not affect the 

factor '1 which depends on the joint type and the joint geometric classification. 

Therefore, currently and in the absence of any further data about interior joints, 

the proposed joint shear stress for high-str.ength concrete can be used for all types 

and geometric classifications of joints. 

5. Larger percentages of transverse reinforcement did improve the behav

ior of beam-to-column joints. The increase in the transverse reinforcement ratio 

in the joint provided additional confinement for the joint concrete and delayed 

the deterioration of concrete in the joint. The improved confinement provided by 

the additional transverse reinforcement resulted in a delay or elimination of bar 

pullout or column longitudinal reinforcement slippage from the joint. The im

proved behavior of joints with higher transverse steel ratio was less pronounced 

in specimens with high joint shear stresses which resulted in poor performance 

of the subassembly. Therefore, although confinement is essential in achieving a 

ductile behavior of the joint, it cannot compensate for the deteriorating effect of 

high joint shear stresses. 
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6. The additional confinement provided for the specimens with low joint 

shear (LH specimens; two extra layers of transverse reinforcement provided to 

the joint in comparison with LL specimens) increased the energy dissipation and 

the stability of hysteretic response. The improved confinement of the joint led 

to better anchorage conditions for the reinforcing bars and delayed the initiation 

of main beam bars pullout and column longitudinal reinforcement slippage from 

the joint. 

7. The current ACI-ASCE Committee 352 requirements for joint confine

ment cannot be practically satisfied in design of high-strength concrete frames. 

The amount of transverse steel required by Eqs. 4.2 and 4.3 of ACI-ASCE 352 

is linearly related to the concrete compressive strength f~. This result!? in very 

large amounts of transverse steel required when high-strength concrete having 

a compressive strength three to four times the strength of ordinary concrete is 

used. 

8. Based on the design chart (see Fig. 5.5) prepared from both this 

study and the work done by other researchers, the modified transverse steel ratio 

can be selected knowing the calculated values of the flexural strength ratio M R, 

and the joint shear stress factor "y. The modified ratio Ptm selected is magnified 

for use of high-strength concrete above 6000 psi. There is sufficient experimental 

evidence indicating that when designing a beam-to-column connection, all design 

parameters should be considered collectively. In cases where the flexural strength 

is high and the joint shear stress is low, lower amounts of joint transverse rein

forcement can be used without jeopardizing the overall ductility of the frame. 

However, only in cases where the flexural strength ratio M R is near 1.4 and the 

joint shear stress is high ("y = 12) congestion of reinforcement in the joint cannot 
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be avoided. 

9. Slippage or pullout of the bars was reduced or postponed with in

creases in the transverse reinforcement and/or reduction in the joint shear stress. 

6.3 Needed Research 

Although this study answered many questions with regards to the be

ha\;or and design of beam-to-column connections constructed with high-strength 

concrete, several questions were raised as a result of these tests which deserve 

further investigation. The following topics are the most important topics which 

need to studied: 

1. The permissible joint shear stress proposed in this study is based on 

tests of exterior beam-to-column connections. Tests on joints with different geo

metric classifications are encouraged to study further the problem of permissible 

joint shear stress. 

2. The current ACI-ASCE Committee 352 requirements for joint confine

ment are based on confinement requirements of tied colwnns. Previous studies on 

small size high-strength concrete cylinders showed that the current confinement 

requirements are satisfactory for high-strength concrete applications. However, 

as shown in this study, these requirements are impractical or impossible to satisfy 

for concrete strength higher than 10,000 psi, and an acceptable reduced amount 

of transverse steel should be determined for concrete confinement in columns. 

3. The required development length of bars terminating in the joint is a 

function of VH for normal-strength concrete. The effect of using high-strength 

concrete on the required development length should be investigated. In addition, 

current limitations on slippage of beam and column bars through the joint should 

be investigated for high-strength concrete. 
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4. More information should be obtained on the required ductility (e.g. in 

terms ofinter-story drift or displacement ductility) of different members in a mo

ment resisting frame. The design guidelines obtained from different researchers 

should be compiled based on a more comprehensive ductility requirement of the 

frame in general. 
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Fig. 1.2 Beam internal forces. 
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Fig. 3.39 Specimen LL8 at the end of the third cycle. 

Fig. 3.40 Specimen LL8 at the end of the sixth cycle. 
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Fig. 3.41 Specimen LL8 at the end of the seventh cycle. 

Fig. 3.42 Specimen LL8 at the end of the test. 



211 

:. ... .1.-....... -.. 

, . 

• ~,-,. __ ~);~~~: v. 

... . - :.:.: 
.... 
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Fig. 3.45 Specimen HL8 at the end of the eighth cycle. 
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Fig. 3.46 Specimen HH8 during the eighth cycle. 
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Fig. 3.47 Specimen LLll at the end of the fifth cycle. 

Fig. 3.48 Specimen LL11 at the end of the test. 
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Fig. 3.49 Specimen LHll at the end of the test. 

Fig. 3.50 Specimen HLll at the end of the eighth cycle. 
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Fig. 3.51 Specimen LL14 at the end of the seventh cycle. 

Fig. 3.52 Specimen LL14 at the end of the test. 
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Fig. 3.53 Specimen HH14 at the end of the test. 
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Fig. 3.54 Specimen LH14 at the end of the eighth cycle. 

Fig. 3.55 Specimen LH14 at the end of the test. 
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Appendix A 

Specimen Design 

In designing the specimens, the following factors were considered: 

1. The overall dimensions of the specimens were to be such that they would 

fit within the existing testing frame 

2. The flexural capacities of the specimens were to be such that the speci

mens could be loaded to failure within the capacity of the testing equip

ment 

3. The specimens were to be designed so that the beam and the column 

would not fail in shear 

4. The latest design recommendations of the ACI-ASeE Committee 352 

were followed for the design of all specimens 

Because the variable values including the shear stress level and the con

crete compressive strength were selected in advance, the design of the specimens 

was a trial and error procedure. In addition, all specimens were designed sym

metrically, and had the same beam span (63"), column height (141"), beam 

cross-section (12.5" X 20"), and column cross-section (14" x 14"). To demon

strate the design of one subassembly as discussed in Chapter 2, specimen HH14 

was selected. 

The subassembly is designed for high shear level (1400 psi), high joint 

confinement (6 sets of stirrups and cross-ties), and a concrete compressive 

strength of 14 ksi (actual strength was 13.6 ksi). Given the cross-sections di

mensions of the beam and the column, several reinforcement arrangements were 
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tried in order to produce the desired shear stress level in the joint. The following 

steps were considered in the design of each subassembly and are applied here for 

specimen HH14: 

1. For high joint shear level in specimen HH14, the joint shear stress Vj 

is equal to 1400 psi; therefore, the joint shear force V; is computed as : 

where 

bj effective width of joint transverse to the direction of shear 

~ (section 4.3.1 of ACI-ASCE 352) 

width of the beam (12.5") 

width of the column (14") 

depth of the column (14") 

v. . - 1400 x 13.25 x 14.0 _ 259 7 kips 
J,de6lred - 1000 -. 

(A.1a) 

(A.1b) 

2. After trial of several arrangements of reinforcement, four Grade 60 

No.9 bars were used for tensile reinforcement of the beam in specimen HH14 

(Adb or A62b = 4.00 in2 ); therefore, the tensile force T in the beam at ultimate 

is computed as: 

where 

a 

= 

stress multiplier for the beam's flexural reinforcement 

yield stress of the steel flexural reinforcement in the beam 

total area of tensile flexural reinforcement in the beam 

(A.2a) 



231 

For specimen HH14: 

T = 1.25 x 60 x 4.0 = 300 kips (A.2b) 

3. Values of Mub,a=l.O and Mub,a=1.25 are calculated respectively for 

Q = 1.0 and Q = 1.25. A trapezoidal compressive block is considered at ultimate, 

and the steel is considered as an elasto-plastic material with Fy = 60 ksi for 

Q = 1.0, and Fy = 75 ksi for Q = 1.25. For specimen HH14 with constructed 

cross-sections properties shown in Table 2.6: 

where 

Mub,a=l.O = 3830 Kips - in. (A.3a) 

M u b,a=1.25 = 4652 Kips - in. (A.3b) 

4. The column shear force Veol is then determined by: 

v; Mub,a=1.25 
eol = Le 

(A.4a) 

the total height of the column portion of the subassembly equal 

to 141 in for all specimens 

For specimen HH14: 

4652 
Veol = -- = 33 kips 

141 

5. The design shear force in the joint is then obtained from: 

Vj,aetual = T - V eol 

(A.4b) 

(A.5a) 



For specimen HH14: 

Vj,ClctuClI = 300 - 33 = 267 kips 

Vj,actual :=:::$ Vj,deaired 

6. The ultimate capacity of the column Muc is then determined: 

M _ MR X M u b,Q=1.0 
uc - 2 

where 

flexural strength ratio equal to 1.4 

Mub,cr=l.O = ultimate capacity of the beam with stress 

multiplier a equal to 1.0 

For specimen HH14: 

M - 1.4 x 3830 - 2681 k' _. 
uc - 2 - zps tn. 
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(A.5b) 

(A.6a) 

(A.6b) 

7. From the load-moment interaction diagram for specimen HH14 shown 

in Fig. A.1, the axial column Puc is selected for the designated column moment 

Muc (Puc = 107 kips). Summary values of the design of all twelve specimens are 

shown in Tables 2.2 through 2.7. 

For specimen HH14 with high joint confinement, six sets of Grade 60 

No. 4 stirrups and cross-ties were provided. As mentioned earlier in Chapter 2, 

Eqs. 4.2 and 4.3 of the ACI-ASCE Committee 352 cannot be practically sat-

isfied for high-strength concrete columns. The same transverse reinforcement 

configuration of the joint was extended to the column at 2.5 in. spacing. The 

beam transverse reinforcement included a Grade 60 No.4 rectangular hoop with 

a 135 degree standard hook at 3 in. spacing, the maximum spacing being one 
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fourth of the beam's effective depth (equivalent to 4.2 in. for specimen HH14) 

according to section 3.3.2 in Appendix A of the ACI code (3). 

The slippage of the column longitudinal bars passing through the joint 

was checked using the following relationship (section 4.5.4 of ACI-ASCE 352): 

where 

db,eol = 

J!.L > 20 
db,eol -

full depth of the beam 

diameter of the colwnn longitudinal bar passing 

through the joint 

For specimen HH14, the relationship is : 

20 = 20 > 20 
1 -

(A.7a) 

(A.7b) 

The development length ldh of the beam's longitudinal bars terminating 

in the joint was calculated for (f~ = soon psi) due to the lack of data about the 

required development length for high-strength concrete: 

where 

O.S 

I 
o.s x a x Fy(psi) x db 

dh = 
75 x J f~(psi) 

a reduction factor in case the transverse joint reinforcement 

is placed less than or equal to three times the diameter 

of the bar being developed 

stress multiplier for the beam's flexural reinforcement 

yield stress of the beam's flexural reinforcement 

diameter of the bar being developed 

(A.Sa) 
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f~ compressive strength of concrete 

For specimen HH14, the required development length is: 

I = 0.8 x 1.25 x 60000 x (9/8) = 10.0 in. 
tI" 75 x ",aooo (A.ab) 

vs. available development length of 10.5 in. 

Cross-sections dimensions and summary of design results are included in 

Tables 2.2 through 2.7. 
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Appendix B 

Material Properties 

B.l Concrete Properties 

All concrete used in this study was supplied by the Tanner Companies, 

a ready-mix producer plant in Tucson, Arizona. The mix-design was prepared 

at the University of Arizona using a trial and error procedure to achieve the 

desired strength of 8000, 11000, and 14000 psi. High fracture limestone rocks 

with a compressive strength up to 20 ksi were obtained from the Cypress Sierrita 

Minerals Company in Green Valley, Arizona. The limestone rocks were crushed at 

the Tanner Companies according to ASTM-C33 (3/8 in. size coarse aggregates). 

The sand used had a fineness modulus of 3.0 and was supplied from the ready-mix 

plant. The normal procedure of the ready-mix plant in assuring product quality 

control was followed in bat ching the concrete. The only exception was in applying 

first the Force 10,000 superplasticizer to coat the coarse aggregates (rocks), and 

mixing them Loth for approximately three minutes before continuing on with 

the regular procedure. The mix-designs used for the three concrete castings at'e 

shown in Table B.1. The concrete was delivered in a ready-mix truck. 

Before placing the concrete inside the fonns, a slump test was performed 

to check the workability of the mix, and the slump was adjusted by using addi

tional amounts of superplasticizers if necessary. An average of fifteen to twenty 

(4" x 8") standard cylinders were cast and cured simultaneously with each spec

imen under the same curing conditions as for the specimens. The 28-day and 

56-day compressive strengths of concrete for all three groups (8, 11, and 14 ksi) 
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are shown in Tables B.2, B.3, and BA. Before testing, all cylinders were capped 

with a high-strength sulfur compound to ensure uniform loading following the 

recommendations of ASTM C 39-84 (90). 

B.2 Reinforcing Steel Properties 

All reinforcements used in this study were fabricated by the C.L.G. Steel 

Company Incorporated, Tucson Arizona, according to the specimens' designs and 

the ACI 318-83 Recommendations. 

Grade 60 was used for reinforcements in all twelve specimens. To mea

sure the properties of the reinforcing bars, three samples for each bar size were 

selected and two pinch marks were marked eight inches apart on each bar. An 

extensometer was positioned over the 8 in. gage, and the bar was placed in a 200-

kips capacity Tinuis Olsen loading machine and subjected to a uniform uniaxial 

tensile load. Elongation of the bar over the eight-inch gage length was recorded 

directly from the dial gage. The recorded loads and elongations were converted 

then to stresses and strains. A plot of the stress vs. strain for a Grade 60 No.8 

bar is shown in Fig. B.1. Results of the yield stress, the yield strain, the strain 

hardening, and the elastic modulus of the sample bars tested are included in 

Table B.5. 



Table B.1 Concrete Mix Proportions 

Strength Design I 8,000 psi 111,000 psi 114.000 psi I 
Az Portland Cement 

Type II (lbs/yd3) 700 800 800 
Fly Ash 

Class C (lbs/yd3 ) 150 213 213 
Coarse Aggregate (lbs/yd3 ) 1815 1-?-._v 1-?-._v 

Sand (lbs/yd3 ) 1135 1055 1055 
\Yater (lbs/yd3 ) 357 345 284 

\Y/(C+F) 0.42 0.34 0.28 
F/(C+F) 0.18 0.21 0.21 

Force 10,000 (gallons/yd3 ) 6 8 12 
Slwnp obtained (in) 6 7 4 

W /(C+F): the ratio of the weight of water to the weights of 
Cement and Fly Ash. 

F /(C+F): the ratio of the weight of Fly Ash to the weights of 
Cement and Fly Ash. 

Force 10,000: each gallon contains 5 lbs of water; this amount 
is included in the mix design. 

Table B.2 Cylind.er Tests for 8,000 psi Concrete 

Cylinder no. 28-day 56-day 
strength (ksi) strength (ksi) 

1 8.1 8.9 
2 7.9 8.6 
3 8.6 8.2 
4 8.3 8.6 
5 8.2 
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Table B.3 Cylinder Tests for 11,000 psi Concrete 

Cylinder no. 2S-day 56-day 
strength (ksi) strength (ksi) 

1 10.4 10.8 
2 11.0 10.; 
3 11.1 10.8 
4 10.8 10.4 
5 10.8 10.; 

Table B.4 Cylinder Tests for 14,000 psi Concrete 

Cylinder no. 28-day 56-day 
strength (ksi) strength (ksi) 

1 13.6 13.7 
2 13.6 14.0 
3 13.1 14.0 
4 13.3 13.2 
5 13.4 13.7 

Table B.5 Measured Steel Properties 

#4 #7 
Grade 60 Grade 60 

70.00 I 

Fv_ (ksi) 66.25 66.40 
EJI x 10-3 2.63 2.50 
E.h x 10-3 7.9 8.6 

FII(ksi) 64.25 72.1 
Ell x 10-3 2.38 2.88 
E.h x 10-3 7.4 6.3 

#8 
Grade 60 

66.50 
2.75 

7.4 
69.6 
2.38 

6.2 

#9 
Grade 60 

60.60 I 
2.37 
-7-.5 I 

64.80 
2.63 
6.4 

67.3 
2.75 
6.8 
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Appendix C 

Testing Frame &. Equipment 

C.I Testing Frame 

The specimens were tested in the steel reaction frame shown in Fig. 2.5. 

The column portion of the specimen was placed horizontally and the beam por

tion of the specimen remained vertically in the testing frame. The column and 

the beam ends had embedded bolts to which a male device was bolted. A solid 

steel pin with a 2.5-inch diameter was used to attach the male devices to the 

female devices which were bolted to the testing frame. This type of end con

nection simulated the hinges which are assumed to form at mid-height of the 

columns and the mid-span of the beam in a building frame as shown in Fig. 2.l. 

Following placing of the specimen in the testing frame, bracing steel 

rods were placed on the lower left comer in addition to the ones placed on the 

upper left and right comers of the steel frame (see Fig. C.2). A double-acting 

hydraulic actuator with a maximum capacity of 110 kips was attached to the 

beam's free end with a pinned connection. This actuator was used for applying 

cyclic displacements at free end of the beam. Two hydraulic jacks were placed 

concentrically at the right pinned connection which allowed for axial shortening 

of the column. These hydraulic jacks were used to apply a constant column 

axial load during the entire duration of the testing. In order to provide external 

confinement for the concrete near the region where the beam is loaded, two steel 

plates were externally prestressed with bolts in the direction of loading. These 

plates were applied to both the compressive and tensile faces of the beam close 
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to the point of application of loading. 

As mentioned earlier, the swivel joint connecting the hydraulic actuator 

to the device located at the beam's free end, was replaced by a fixed joint to avoid 

out-oi-plane displacement of the specimen during testing. Figures C.1 and C.2 

show respectively the original testing frame with a swivel joint, and the modified 

testing frame with the fixed joint replaced. 

C.2 Cyclic Load Equipment 

The cyclic displacements were applied through an MTS model 244.09 

double-acting, hydraulic actuator with a capacity of ± 110 kips and a maximum 

stroke of 10 inches. The actuator was driven by an MTS model 51O.21B hy

draulic pump with a capacity of 23 gpm at 3000 psi continuous pressure. The 

pump was controlled through an MTS model 436.11C controlllnit which provided 

manual or automatic control of the pump hydraulic pressure. The displacement 

of the actuator end was controlled by an MTS model 406.11 controller and an 

MTS series 252 servovalve. All the control units were placed in a 410 digital 

functional generator system. The above equipment are manufactured by MTS 

System Corporation, Minneapolis, Minnesota. 

C.3 Recording Equipment 

Data for each specimen were obtained from the MTS model 661.23B-02 

load cell and the 10 inches stroke tril..-Jducer of the actuator. All wires of the 

strain gages and the transducers were connected to a computer controlled high 

speed data acquisition system (HP 3947) through 4 electronic cards (3 HP model 

44427 A 120 ohm strain gauge/bridge option 01O-20-channel and one HP model 

44421A 120 ohm transducers/bridge option 020-20-channel). An HP 3456 DC 
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power supplier was used to provide 5.0 volts excitation to the strain gages and the 

transducers. The test channels were scanned and controlled by an HP 98356 desk 

computer using an HP-IB computer program. At each displacement increment, 

data were read through the acquisition system and printed on an HP 82905B 

printer while the actuator load vs. displacement curve was plotted continuously 

on the computer screen. At the end of each test, data were stored on a floppy 

disk for later use. The equipment used in this study are shown in Fig. C.3. 

In addition to the previously mentioned equipments, a Dayton hydraulic 

manual pump and two 50 tons rams were used in the testing frame to apply the 

column axial load during testing of each subassembly. 
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Fig. C.l Original testing frame with a swivel connection. 

Fig. C.2 Testing frame with a fixed connection after,1 modification. 
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Fig. C.3 Equipment used in testing of subassemblies. 
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Appendix 0 

Instrumentation 

0.1 Strain Gages 

Type EA-06-240LZ-120 electrical strain gages with a gage length of 

1/4 in., a resistance of 19d.O ± 0.3% ohms, and a gage factor of 2.045 were 

mounted on the reinforcing bars. These gages, and all coatings, c1ean,~1.·s, adhe

sives used in this study were manufactured by the Measurements Group, Inc., 

Raleigh, North Carolina. Standard current practices recommended by the manu

facturer were followed in applying a strain gage on a steel bar. Following surface 

preparation, cleaning of the bar and bonding of the strain gage, the assembly was 

left overnight before a three-end wire was soldered to the positive, negative, and 

ground terminals of the gage. In addition to coating of the gage surface and the 

insulation of electrical wires, the strain gage was covered with melted wax and 

wrapped with duct tape to provide waterproofing and protection from possible 

damage during casting and construction. 

D.2 Displacement Transducers 

Eight displacement transducers were used to measure joint deformations 

and beam rotations. A constant five volts power input was supplied to the 

transducer mounted on a micrometer. Displacement readings of the transducers 

were taken at intervals of 1/10 of an inch, and the output voltage was recorded 

correspondingly. Using the least square method, a second-degree curve was fitted 

to obtain a calibration curve for each transducer used. A typical calibration curve 

is shown in Fig. 0.1. The data collected during testing of specimens correspond 
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to transducer's head displacement ranging approximately between 0.3 in. and 

1.2 in. (see Fig. D.l). The equations were later used in a computer program to 

determine the displacements from the output voltages which were stored on a 

floppy disk at the end of eat'h test. 
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