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ABSTRACT 

The use of advanced composite materials for rehabilitation and repair of deteriorating 

mfrastructure has been embraced worldwide. The conventional techniques for 

strengthening of substandard bridges are costly, time consuming and labor intensive. 

Many new techniques have used the lightweight, high strength and the corrosion 

resistance of Carbon Fiber Reinforced Polymers (CFRP) laminates for repair and retrofit 

applications. 

A total of 38 specimens made of steel and carbon fibers were prepared and tested, to 

investigate the possibility of galvanic corrosion. Two simulated aggressive environments 

and three different amounts of epoxy coating were used. Potentiodynamic polarization 

and galvanic corrosion tests were conducted. The results of the experiments showed the 

existence of galvanic corrosion however the rate of such corrosion could be decreased 

significantly by epoxy coating. 

A total of 21 specimens made of S 5x10 A36 steel beams were prepared and tested to 

determine the effectiveness of CFRP patch on fatigue life of notched beam. The steel 

beams were tested under four point bending with constant stress ranges between 70 to 

379 MPa and the loading rate of between 5 and 10 Hz. The results showed that not only 

CFRP patch tends to extend the fatigue life of a detail more than three times, but also it 

decreases the crack growth rate significantly. 

To investigate the effectiveness of the epoxy bonded CFRP sheets in repair and 

retrofit of composite girders, a total of six large-scale steel-concrete composite girders 
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ABSTRACT — continued 

made of W 14x30 A3 6 steel beam and 7.5 cm thick by 91 cm wide concrete slab were 

prepared and tested. Four point bending with monotonic loading was performed and 

unloading were carried out in elastic and plastic regions. Three different numbers of 

CFRP layer of 1, 3 and 5, and three different damage level in flange of 25, 50 and 100% 

were considered. In order to minimize the possibility of end peeling, the stagger 

termination point system was adopted. 

The retrofitting test results showed that epoxy bonded CFRP sheet increased the 

ultimate load carrying capacity of composite girders and the behavior can be 

conservatively predicted by traditional methods. The repair test results showed that 

epoxy bonded CFRP sheet could restore the ultimate load carrying capacity and stif&iess 

of damaged steel-concrete composite girders. The ultimate capacity of the repaired beam 

was predicted by traditional methods of analysis of composite steel-concrete beams. 

Comparison of the experimental and analytical results revealed that the predicted results 

were conservative. 

Guidelines and procedures for design of Steel-Concrete-CFRP composite girders were 

developed to assist practicing engineers. The design considers the elastic and fully 

plastic behavior of the composite girders while is taking into account the different modes 

of failure. A design example is also given to illustrate the benefit of this retrofitting 

technique. 
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CHAPTER 1 

INTRODUCTION 

1.1 State of Infrastructures 

More than three decades ago, when the Silver Bridge on Ohio River in West 

Virginia suddenly collapsed. People in this country started to notice the deteriorating 

infrastructures. Before 1967, there wasn't any mandatory inspection and control on the 

bridges. Since then, American Association of State Highway and Transportation 

Officials (AASHTO) and the Federal Highway Administration (FHWA) have developed 

the programs to rate the bridges through biarmual inspection. As a result, it has been 

foimd that more than one third of the highway bridges in the United States can be 

considered substandard. According to the National Bridge Inventory (NBI) update in 

2001, the number of substandard highway bridges in this country is more than 167,000 

and this does not even include railroad, transient or pedestrian bridges (FHWA Bridge 

Program Group, 2001). 

Substandard bridges are either functionally obsolete or structurally deficient. 

Former group can be considered for widening, reconstruction or replacement that by 

FHWA's estimate would cost over $90 billion. The structurally deficient group of 

bridges is the focus of this study. The cost for rehabilitation and repair in most cases are 

far less than the cost of replacement and usually interrupt the use of the structures for 

shorter period. Considering the small amount of fimds available to fix this problem. 
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finding more effective methods are desirable. As a result, researchers have been 

developing different methods to rehabilitate and repair bridges. These methods consider 

different techniques by utilizing traditional and new material. 

1.2 Obsolete Bridges 

Main reasons that cause bridges to become obsolete are corrosion, fatigue, 

increase in dead load and permit load. 

Corrosion is one of the major issues in the long-term serviceability of structures. 

Especially for highway bridges in cold regions, the addition of deicing salt makes the 

problem worse. Usually the reduction of the cross sectional area of the member caused 

by oxidation in the presence of humidity can decrease the load carrying capacity of it. 

Another problem in steel structures is the galvanic corrosion. Any ununiformity in the 

material can develop a corrosion cell and accelerate the deterioration process. Later 

problem is more critical in cormection and cover plates since two different plates usually 

have different characteristic and corrosion can create slip or debonding. It is obvious that 

in case of the use of a cover plate made of a different metal (or metallic material), the 

problem may be worsen. 

Today, Fatigue phenomenon is a well-studied subject in steel structures. Since 

1967, observation of fatigue cracking in several steel bridges, especially in cold regions, 

has been shown that the old steel bridges have major fatigue problems. The lack of the 

quality control of the welds, rivets and bores and introduction of large initial 

discontinuities are among the important issues effecting the fatigue life of the structures. 
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The use of several low fatigue resistant details by designers and lack of knowledge in 

fracture mechanics add to the problem. Unanticipated secondary stresses, and out of 

plane distortion caused several cracks also. The low temperature environments that most 

of these bridges were subjected to, decrease the fracture toughness of the steel and can 

cause brittle failure. Finally, since in the past, there was not any restriction on the design 

of nonredundant structures, the failure of one single primary member will cause the 

catastrophic failure of the whole structure (Fisher , 1977). 

After years and years of service, the dead weight of a bridge usually increases. 

The increase can be as result of the widening of the road, the addition of bike lane or 

pedestrian walkway on the side, resurfacing the road or increasing the grade to overcome 

the settlement of the aging bridge. Most of conventional repair techniques can also 

increase the dead weight of the structures significantiy. The extra dead weight will 

increase the stress level in all the members and intensify the other problems stated before. 

Today, more than half of the highway bridges in the United States is more than 50 

years old. Considering their ages, majority of these bridges was designed for lower 

traffic, smaller vehicles and lighter live loads. The bridge that used to experience a few 

cars and trucks a day, now is expected to hold several heavy trailer an hour. 

1.3 Conventional Techniques 

Conventionally, Rehabilitation and repair of a steel girder have been done by: 

Constructing a built up steel truss or beam and attaching it to the main structure to 

increase the capacity or help to reduce the stress level in members of the existing 
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Structure. The weight increase is significant and usually is a very timely and 

expensive method. 

Replacing or the addition of a reinforced concrete slab on top of the girder in order to 

support the extra load. This metliod increases the dead weight of the structure 

significantly and interrupts the traffic completely for a long period. 

Attaching a steel cover plate to flange, web or defected area by weld, bolts or rivets. 

In case of the use of bolts or rivets, it is a very labor-intensive method and using weld 

may create the fatigue sensitive detail and initial discontinuity. The galvanic 

corrosion is always an important issue in this method. 

Post tensioning. In this method, high strength tendons or rod were attached to the 

bottom of the girder as tension ties to create a truss action and reduce the bending 

stresses to simple tension and compression. 

And for fatigue by: 

Attaching a splice plate to the area that crack growth is observed and transferring the 

load through the attachment. It is clear that by using the bolts, the method is become 

very labor intensive. Welding is not recommended, but in case of its use, Peening for 

the relief of the stress should be performed. 

Drilling a hole in front of the crack tip to eliminate the stress singularity and the 

propagation of the crack, especially for secondary members. 
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In all cases, the crack should be cut into a real groove and completely welded with 

full penetration. It is obvious that as a result of loss of toughness, welded crack can 

not carry the stress by itself. 

While all the methods mentioned above have been used in practice successfiilly 

over the years, considering the limited budget for bridge rehabilitation requires the 

researchers to develop new techniques. Looking at the literature available about these 

methods, for strengthening the bridges, more than one-third of them covers the post 

tensioning method. Replacing the deficient members or increasing the cross section of it 

using steel plates are so widely used in this country that they are limited literature 

available on their technique. 

1.4 Advanced Composite Materials 

Significant advancement in material science during the Cold War and the trend of 

utilizing these advanced material in civilian application at the end of it, open up new 

chances to use this new material in Civil Engineering. Fiber Reinforced Plastics (FRP) 

has been used in aerospace, automotive and other field for years. The excellent tensile 

and fatigue strength, lightweight and high corrosion resistance makes them a perfect 

candidate for structural application. 

1.4.1 Fibers 

Fibers are the primary constituent of FRPs. They occupy the largest volume and 

carry the entire composite load. Fiber contents of composite materials ultimately govern 

the ultimate strength and stifBiess them. The typical types of fibers used in 
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manufacturing composite laminates are glass, carbon and aramid. Recently, higher 

strength and stiffiiess of the carbon fibers and their excellent long-term durability 

compared to other types, make them very attractive to engineers. While less expensive 

glass fibers have been used in application that do not require high modulus materials (i.e. 

concrete and masonry). The sensitivity of glass fibers to alkaline environments is another 

concern in GFRP applications. 

1.4.2 Matrix 

Matrix is the medium that holds the fibers in place. The major roles of matrix are 

transferring the stresses to the fibers and protecting the fibers from aggressive 

environment and physical damages. Saturated polyesters and epoxies are the two 

commonly used matrices. The polyesters require special curing process (temperature and 

pressure) that limits their applications to manufacturing of the composite elements inside 

factories. Epoxies, on the other hands, have been used in field applications since they do 

not require especial curing procedure. 

1.5 Proposed Technique 

hi this study, the effectiveness of epoxy bonded FRP plate for repair and retrofit 

will be investigated, hi this new method, high strength, lightweight CFRP plate is epoxy 

bonded to steel girder instead of steel plate, to increase the load carrying capacity of the 

girder. Since no welding is required, the addition of the cover plate doesn't decrease the 

fatigue strength of the girder. By reducing the stress level in girder, the fatigue life of the 

structures will be increased. CFRP can be used as patch for arrest of the cracks caused by 
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fatigue. Another advantage of this material is its corrosion resistance. At the same time, 

despite the higher cost of the materials, saving in the labor, machinery, the application 

time (traffic interruption) make this method very appealing. The fact that FRPs are 

corrosion resistant, minimizes the need for regular maintenance and painting. 

Meanwhile, low weight and small thickness prevent any substantial increase in dead 

weight and loss in bridge clearance. 

1.6 Plan of Study 

Present study demonstrated experimentally and analj^ically the prospect of 

strengthening steel girder with epoxy bonded CFRP to the tension flange, repair of the 

steel girder with existing crack in flange, and utilizing CFRP patch to arrest fatigue 

cracks in the tension flange. An analytical model that predicts the stress and 

deformations in the concrete deck, steel beam, and CFRP laminate throughout the range 

of loading to failure was developed. This model was verified with the experiment results. 

From the result of the experimental and analytical studies, design guidelines and equation 

were developed for retrofitting steel girder with CFRP. The design guidelines and 

equation are given in a manner for easy use of by practicing engineers. 

The experimental part includes: 

galvanic corrosion between CFRP and steel 

static test on ultimate strength and stif&iess of large-scale composite girders 

retrofitted with CFRP sheets 
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- Static test on ultimate strength and stiffiiess damaged small-scale beams and 

large-scale composite girders repaired with CFRP Sheets 

fatigue test on crack arrest ability and fatigue life of small-scale notched 

beams patched with CFRP sheets 

The analytical part includes: 

models for estimating capacity and stiffiiess of retrofitted composite girders 

models for estimating capacity and stifSiess of repaired composite girders 

models for prediction of fatigue life of notched beams 

development of design guidelines for strengthening 
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CHAPTER 2 

MATERIALS 

2.1 Steel 

Three different types of steel specimen were used in this study. Small S-section 

beams were used in the fatigue testing while the large W-sections were used in 

manufacturing of steel-concrete composite girders, hi addition, small bolocks were used 

for galvanic corrosion testing. 

Small-Scale Sections: S5xl0 A36 hot rolled sections were used for the small-scale 

experiments. A total of 6 dogbone specimens with a gage length of 10 cm, gage width of 

1.9 cm and thickness of 5.4 mm were tested in uniaxial tension. Aver=age yield strengths 

of 336.4 and 330.9 MPa, modulie of elasticity of 194.4 and 199.9 GPa and Poisson's 

ratios of 0.308 and 0.298 were obtained for the specimens cut from tine flange and web, 

respectively. A typical uniaxial tension setup is shown in Figure 2.1. 

Large-Scale Sections: W14x30 A572 hot rolled sections werre used for the 

experiments. Uniaxial tension test was performed on seven dog-bone specimens with a 

gage length of 12.5 cm, gage width of 2.5 cm and thickness of 9.5 mnn and 6.4 mm cut 

from flanges and the web, respectively. Average yield strengths of 354-.9 and 381.9 MPa, 

moduli of elasticity of 198.3 and 177.5 GPa and Poisson's ratios of 0.3*05 and 0.299 were 

obtained from the specimens cut from the flange and web, respecrtively. A typical 

specimen at failure is shown in Figure 2.2. 
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Blocks: Mild 6 mm thick A36 steel plates were used for galvanic corrosion 

testing. The plates were cut in 2x2 cm pieces and were sanded with grit 80 and 150 sand 

paper before each experiment. 

2.2 Carbon Fiber Reinforced Plastic (CFRP) Sheet 

A unidirectional pultruded carbon sheet with width of 7.6 cm and thickness of 

1.27 mm was used in this study. After testing a total of sixteen straight strips with the 

length of 40 cm and width of 2.5 cm, an average tensile strength of 2137 MPa, tensile 

modulus of elasticity of 144.0 GPa and Poisson's ratio of 0.34 were obtained for the 

specimens tested. A typical specimen at failure and imiaxial tension setup are shown in 

Figure 2.3. 

2.3 Unidirectional Carbon Fabric 

A unidirectional carbon fabric (680 gr/m^), T-300-12K / Sticky String style, 

was used in the galvanic corrosion study as shown in Figure 2.4. Carbon fibers were 

PAN based (made from polyacrylonitrile precursor) with ultimate tensile strength of 3500 

MPa and tensile modulus of 230 GPa. Small coupons with dimensions of 2x2 cm were 

made on glass sheets to assure a flat surface and to prevent the leakage of electrolj^e 

during the experiments. 

2.4 Concrete 

Concrete was ordered from a ready mix plant with the nominal compressive 

strengths of 15.5 and 27.5 MPa, slump of 10 cm and maximum aggregate size of 1 cm. 

Twenty 7.5x15 cm cylinders were made at the time of castings and were kept with the 
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girders during curing. They were tested under uniaxial compression right before the 

beam tests. The compressive strength and modulus of elasticity of concrete was 16.6, 

29.1 MPa and 13.8, 19.3 GPa, respectively. Figure 2.5 shows the preparation of a typical 

specimen, uniaxial compression testing setup, and a typical specimen at failure, 

respectively. 

2.5 Adhesive 

Epoxy: A two-component less viscous epoxy was used for bonding the laminates 

to each other. The mixing ratio of the epoxy was two parts resin (bisphenal A based) to 

one part hardener (polyamide) by volume. The epoxy had a pot life of 1 hour at room 

temperature and was fully cured after 7 days at 25°C. This epoxy had a longer gel time 

and much lower viscosity and was used in between CFRP sheets to insure the least 

entrapped voids. 

Tack coat: A two-component viscous epoxy was used for bonding the laminate to 

the steel flange surface. The mixing ratio of the epoxy was one part resin (bisphenal A 

based) to one part hardener (polyethylenepolyamin) by volume. The epoxy had a pot life 

of 30 minutes at room temperature and was fully cured after 2 days at 25°C. This epoxy 

immediately reached high tack consistency and was ideal for over-head applications. 

2.6 Solutions 

Seawater; Following ASTM D114I, substitute ocean water with approximate pH 

of 7.25 (ASTM Standards, 1999) was used as one of the two electrolytes in the galvanic 

corrosion study. The major components of the solution were NaCl (24.53 g/L), MgCh 
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(5.20 g/L), Na2S04 (4.09 g/L), CaCh (1.16 g/L), KCl (0.695 g/L) and NaHCOs (0.201 

g/L). 

Deicing: Deicing salt solution was used as the second electrolyte in the study. 

TMs solution was prepared by using NaCl and CaCli with the ratio of 2:1. The solution 

had 7% concentration of salt by weight with pH of 7.90. 

2.7 Solvents 

In order to minimize the effect of sizing agents on the results, solvents were used 

to remove any existing coating and sizing from the carbon fabrics . Acetone, isopropyl 

alcohol and carbon tetrachloride were the three solvents used in the study. Before 

preparing each carbon sample, the loose fibers were soaked for 12 hours in these 

solutions. Then, they were washed with fresh solutions and left to dry out. 
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CHAPTERS 

GALVANIC CORROSSION 

3.1 Introduction 

The use of carbon fiber composites with steel structures requires a thorough 

understanding of the phenomenon of galvanic corrosion. In theory, as long as two 

materials have not contacted each other, a corrosion cell will not initiate. However, in 

case of direct contact between carbon fibers and steel in the presence of an electrolyte, 

the wet corrosion cell could accelerate the corrosion of steel and create possible blistering 

and subsequent delamination or debonding. 

3.2 Previous Work 

In a study conducted by Tucker and Brown explored the possibility of galvanic 

corrosion for graphite/epoxy and graphite/vinyl ester composites directly coupled with 

mild steel in seawater (Tucker and Brown, 1989). The graphite/vinyl ester specimens 

were 20.3 cm long by 13 mm wide by 9.5 mm thick. The graphite/epoxy specimens were 

214 cm long by 13 mm wide by 6.4 mm thick. They reported a significant blistering in 

vinyl ester-based composites after six months. These blisters occurred in a regular 

pattern that coincided with the fiberglass tows used in the graphite fabric. They noted that 

the epoxy-based composites did not show any sign of blistering due to the absence of 

glass tows or the use of epoxy (non-hydrolyzable matrix). They concluded that the 

diffusion of water into the composite and migration of water-soluble molecules within the 
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composite were the main reasons for the initiation of blisters and the osmotic pressure 

caused continuous growth of the blisters. 

In a study by Sloan, the galvanic coupling of graphite/epoxy composites and 

Magnesium in seawater was investigated (Sloan and Talbot, 1992). All specimens were 

cut from a 26-ply T-300 graphite epoxy laminate with two fiberglass surface plies. 

Specimens were then cut into 90x13x3.6mm coupons. In order to measure the effect of 

galvanic corrosion on the shear strength, four point bending tests were performed with 

span to depth ratio (L/h) of 2 to ensure interlaminar shear failure. They observed a 30% 

decrease in the shear strength of the composite coupled with Magnesium after 140 days 

of exposure to seawater. They concluded that in a marine enviromnent, no epoxy that 

contains hydrolyzable linkage such as ester bonds should be used where metal coupling 

could be likely. They also suggested that the simplest way to prevent galvanic coupling 

is electrical isolation of carbon fibers and metal by using organic fiber plies and sealer 

coatings. 

Cetin investigated the corrosion of rebeirs in reinforced concrete members with 

externally bonded CFRP in seawater (Cetin et al., 1998). In addition to testing Forca Cl-

30 carbon fibers, they also tested solid graphite rods that had no sizing agents. Sizing 

agents are chemical compounds that mainly applied to the surface of the fibers during 

manufacturing in order to protect them during handling and to enhance tlae fiber/matrix 

adhesion. Grade 60 rebar was also used in their study. They conducted separate 

polarization tests on graphite rods, carbon fibers and steel rebars. It was observed that. 
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the corrosion rate of graphite rod was ten times higher than that of the carbon fibers. An 

attempt to remove the sizing agents from the surface of the fibers using acetone and 

ultrasonic cleaner was not very successful and the corrosion rate of fibers remained lower 

than the graphite rod as a result of the presence of sizing agents on the surface of fibers. 

After considering the coupling effect, they concluded that while the steel rebar showed 

accelerated corrosion in the presence of the graphite rod, the sizing agents on carbon 

fibers decreased the galvanic corrosion rate significantly. 

3.3 Background 

Corrosion has been defined as the "degradation of a metal by an electrochemical 

reaction with its environment" (Trethewey and Chamberlain, 1988). It is always easier to 

explain the phenomenon in a basic wet corrosion cell shown in Figure 3.1 where there are 

four essential components; the anode, the cathode, the electrolyte and the electrical 

connection. In the absence of any one of these components, the corrosion reaction will 

stop. A brief description of each of these components is given below. 

The anode: this is the location where corrosion of metal takes place. The metal loses 

electrons and becomes the ion in the solution or it may form an insoluble product. 

M -> + ze" 

The cathode: This is the part that usually attracts the electrons created in the anode. 

The electrons are consumed by the reactions at the cathode. Such reactions can be the 

formation of metal fikn, the reduction of oxygen or the evolution of hydrogen. 

+ ze" -> N 
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2H20 + 02 + 4e* -> 40H* pH > 7 

lit + 2e- ̂  H2 pH < 7 

The electrol5^e: This is a solution with sufficient conductivity for transferring the 

ions. 

Electrical connection: An electrical connection between the anodic and cathodic sites 

is necessary for corrosion to take place. In cases that the anode and the cathode are 

not part of the same material, a physical connection is necessary for the current to 

flow and the corrosion to occur. 

The potential difference between the two electrodes can be readily measured. In 

order to establish an absolute value for the potential of each material, the potential 

difference between the material and the Standard Hydrogen Electrode (SHE with the 

potential of zero Volts at 298°K) can be measured and referred to as the "standard 

reduction potential". Since the use of SHE in routine laboratory tests is difficult, other 

reference electrodes have been used. 

The most commonly used reference electrode is the Saturated Calomel Electrode 

(SCE) with a potential of +0.242 V vs. SHE at 298°K. The SCE consists of a platinum 

wire in contact with mercury, Hg, and mercury chloride, HgCl, which is held in a glass 

tube plugged by a porous material. The tube is then placed inside a larger tube 

containing saturated potassium chloride, KCl, with another porous plug at the end as 

shown in Figure 3.2. Porous plugs allow the passage of ions without significant cross 

contamination. 



34 

The flow of current, I, (in ampere. A) provides a clear indication of an active 

corrosion process. To eliminate the effect of the relative size of the electrodes, the 

current density, i (A/m^), is used as the true indication of the corrosion rate. Faraday's 

Law of Electrolysis and the corrosion current densit>' can be used to evaluate the mass 

lost in the corrosion process. 

Polarization is an important corrosion evaluation method. It evaluates the 

electrochemical response as the potential of a material is made to deviate from its steady 

states value under freely corroding conditions, Ecorr, called the "free corrosion potential". 

Polarization can be cathodic or anodic and it has been shown that the true response, when 

plotted as potential versus log i can be idealized as two straight lines intersecting at a 

point, which corresponds to the corrosion current density of the material. The plot that 

contains these two lines is referred to as the Tafel plot (Fontana, 1987). Usually the 

extrapolation of the linear portion of the Tafel plot obtained from tests will result in the 

estimation of corrosion current density, icon-, as shown in Figure 3.3. 

3.3.1 Potevtiodynamic Polarization Test 

In order to investigate the corrosion properties of a material in a certain solution, 

the Polarization test is performed. This test provides not only an estimate for the 

corrosion rate of a material in a solution, but also can be used for the assessment of the 

galvanic corrosion rate of two materials coupled together. During this test, the potential 

difference between the material and the reference electrode, as well as the current, are 

monitored. In the polarization test setup, a reference electrode and the working electrode 
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(material under study) are connected via a high impedance voltmeter. A counter 

electrode (usually platinum, Pt) is connected to the working electrode via a galvanometer 

and a variable voltage source (poteatiostat) as shown in Figure 3.4. Using a working 

electrode with an exposed area of 1 cm" would facilitate the analysis. 

The three electrodes are then placed in a glass container filled with the solution 

imder study. For solutions with a relatively low conductivity, the reference and working 

electrodes are placed as close as possible to each other to prevent any possible potential 

drop. In this experiment, by changing the current between the counter and the working 

electrodes, different potentials will be induced between the reference and the working 

electrodes. By scanning from some potential below the firee corrosion potential to some 

potential above the free corrosion potential, a polarization plot can be obtained. Each 

plot will have two branches: one corresponding to the cathodic polarization (below Ecorr) 

and the other to the anodic polarization (above Ecorr)-

By superimposing the polarization plots of two different materials in one graph, 

the corrosion current density of the coupled system can be predicted. Such a plot is 

commonly referred to as the Evans diagram (Fontana, 1987). Usually more than one 

cathodic and anodic reaction occurs in a system. For example: hydrogen evolution can 

occur on both electrodes, both electrodes can corrode, and more than one corrosion 

product can be developed. The Evans diagram can also be used to predict the overall 

corrosion rate of a system. 
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3.3.2 Galvanic Corrosion Test 

The Evans diagram discussed above does not directly evaluate the interaction 

between the two metals in the solution. Another method for evaluating galvanic 

corrosion is the direct galvanic coupling test. In this technique, no external potential or 

current is applied and the current or potential of a system consisting of two different 

materials inside a solution is monitored. In other words, the two materials replace the 

working and counter electrodes of the previous method and they are connected to each 

other via a galvanometer. A reference electrode is then connected to each electrode 

during the test in order to monitor the potential difference between the electrodes as 

shown in Figure 3.5. Testing will continue until a constant current or identical potentials 

between the cathode and the anode is achieved. 

3.4 Experimental Study 

In order to investigate the galvanic corrosion between carbon and steel and to 

evaluate the galvanic corrosion rate, two different experiments were adopted. Carbon 

fibers washed in different solvents and tested in different electrolytes were considered in 

this study. Corrosion current density obtained from each experiment is an important 

parameter directly related to the corrosion rate. Comparison between the corrosion rates 

of samples with different thicknesses of epoxy coating in different electrolytes provides a 

thorough understanding of the phenomenon and assists in developing techniques to 

eliminate the galvanic corrosion problem. 
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3.4.1 Test Variables 

The effects of several parameters on the corrosion rate of the CFRP/Steel system 

were considered. Two simulated aggressive environments were considered: seawater and 

a deicing salt solution. As was indicated before, the epoxy coating of carbon fibers plays 

an important role in the galvanic corrosion process. Therefore, four different amoimts of 

coatings. Four different thicknesses of epoxy cover were considered for the carbon fibers 

as shown in Figure 3.6: (a) fabric without any epoxy cover; (b) fabric v^th a thin layer of 

epoxy on the back side; (c) fabric saturated with a thin film of epoxy; and (d) fabric 

saturated and covered with an amount of epoxy typical of that used in the wet lay-up 

system in the field. In order to minimize the effect of sizing agents by removing them, 

three different solutions were used: acetone, isopropyl alcohol and carbon tetrachloride. 

The "as received" fibers are then used as control specimens in the test matrix. 

3.4.2 Sample Preparation 

The fibers were first washed with different solvents to remove the sizing agents. 

Coupons were then prepared using these fibers with three different thicknesses of epoxy 

coating. In addition, samples were also prepared using original fibers with the sizing 

agent intact. After curing in ambient temperature for 7 days, the coupons were divided 

into two groups and were placed in seawater and the deicing salt solution for 24 hours. 

The coupons were then taken out of the solutions and dried out with clean cloth. The 

back (glass sheet) and edges (carbon fibers) of each sample were painted with Nickel 

print. Nickel print formed a conductive layer to facilitate the electrical connection to the 
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carbon fibers. After 12 hours, the Nickel print was dry and the coupons were ready for 

testing. Immediately before each experiment, the surface of the steel specimens were 

smoothed with grit 80 sandpaper and then polished with grit 150 to ensure a uniform and 

reproducible surface each time. 

3.4.3 Experiment Setup 

All electrochemical measurements were performed on an EG&G Princeton 

Applied Research 273A Potentiostat/Galvanostat. The complete set up is shown in 

Figure 3.7. Both potentiodynamic polarization tests and galvanic corrosion tests were 

carried out in a flat cell made fi:om perfluoroalkoxy (PFA Teflon) as shown in Figure 3.8. 

The cell had a volume of 100 ml with three openings that could be used for different 

electrodes as displayed in Figure 3.4 (polarization) and Figure 3.5 (galvanic coupling). A 

standard 0-ring was used to seal the specimens to the side openings while exposing 

exactly 100 mm^ area of the specimen to the electrolyte. 

In the polarization tests, the working electrode was the specimen (steel or CFRP), 

the counter electrode was a platinum plate and the reference electrode was the SCE. The 

steady state condition was achieved approximately by switching off the Potentiostat 

(about 30 min on average). The potential at this stage is the free corrosion potential, 

Ecorr- Scanning was then performed with the rate of 1 mV/sec, from 1 volt below Econ- to 

1 volt above Ecorr- The potential and current were monitored and recorded during this 

period, and subsequently plotted. For the polarization tests, a total of four specimens 
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were tested in seawater and deicing salt solutiom (2 steel specimens and 2 carbon 

specimens made from as received fibers with thin epcoxy coating). 

In the galvanic corrosion test, steel coupon sesrved as the working electrode, while 

the counter electrode was the carbon specimen and tEie reference electrode was again the 

SCE. During this test, the potentials of the two > electrodes relative to the reference 

electrode were monitored. After reaching the steadly state condition, the values of the 

potentials were identical indicating that the measure=d current between the working and 

the counter electrode was the corrosion current densiOy. At first, eight samples made with 

the original fibers with four different amounts of epoxy coating were tested. They were 

coupled with steel in both solutions and the corrosnon current densities were obtained 

(after about 20 min on average) for each test. Sinbsequently, nine samples made of 

washed fibers and three different epoxy covers wer~e tested. They were coupled with 

steel only in seawater and the corrosion current densnties were obtained. Tables 3.1 and 

3.2 summarize the test matrix for the polarizatiion and galvanic coupling tests, 

respectively. 

3.5 Evaluation of Results and Analysis 

Four polarization tests were conducted on two steel specimens and two specimens 

of carbon fibers in their original form saturated and c=overed with a thin film of epoxy in 

seawater and deicing salt solution. The average thiclcness of epoxy cover on the exposed 

face of the specimens was less than 0.004 in. Polarizsation diagrams of these experiments 

are shown in Figures 3.9 through 3.12. By determining the Tafel slopes of both branches 
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of the diagram (cathodic and anodic) and intersecting them, the corrosion current density 

(icorr) and corrosion potential (Ecorr) of the individual material in a specific solution can be 

evaluated. The Tafel plots deviated from linearity for small and large polarization. The 

Tafel slopes were considered as the slops of the linear portions of the two branches. 

In Figure 3.9, it is clear that steel in deicing salt solution showed a minor sign of 

passivation along the anodic segments. Passivation indicates a situation where a metal is 

temporarily protected from fiirther corrosion by a thin film of corrosion product on its 

surface. The rate of corrosion is proportional to the corrosion current density (through 

Faraday's law) obtained from these diagrams. For steel, the anodic reaction is the 

oxidation of the metal or corrosion. In case of CFRP, the anodic reaction is the oxidation 

of carbon that causes the degradation of the composite. Considering the pH of the 

electrolytes (7.90 for deicing salt solution and 7.25 for seawater), the cathodic reaction 

for both materials is the reduction of oxygen and the formation of hydroxide ion (OH*) on 

the surfaces. 

The corrosion potentials of carbon specimens were higher than that of steel in 

both solutions. As shown in Figures 3.9 and 3.10, steel corrosion potential in deicing salt 

solution and seawater were -0.873 and -0.766 volt vs. SCE, respectively. CFRP 

corrosion potentials were -0.196 and -0.244 volt vs. SCE, as shown in Figures 3.11 and 

3.12, respectively. Therefore, the carbon is more "noble" than steel in both electrolytes. 

Meanwhile, the corrosion current densities of CFRP were higher than that of steel 

in both solutions. As shown in Figures 3.9 through 3.12, CFRP corrosion current density 
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were 1.5x10"^, 1.7x10"^ A/cm^ compared to that of steel which were 8.5x10"^, 3.9x10"^ 

A/cm^ in deicing salt solution and seawater, respectively. 

Steel tends to corrode faster when coupled with carbon in these solutions. The 

plots of steel and carbon for each solution were superimposed as shown in Figures 3.13 

and 3.14. In order to estimate the corrosion rate of the steel when coupled with carbon in 

each solution, the intersection of the two polarization plots of carbon and steel in the 

same solution on the Evans diagram was found. In both cases the anodic polarization 

curves for steel (corrosion of steel) intersect the cathodic polarization curves for carbon 

(oxygen reduction on carbon). Corrosion current densities, icon-, for the coupled systems 

were deteraiined as 2.06x10"^ and 2.27x10"^ A/cm" for deicing salt solution and seawater, 

respectively. The values of icon- for steel in deicing salt solution and seawater using 

Figures 3.9 and 3.10 were 1.5x10*^, 1.7x10*^ A/cm^, respectively. Therefore, when 

coupled with carbon, steel corroded 13.7 and 13.4 times faster in the deicing salt solution 

and seawater, respectively, than in the absence of carbon. In both solutions, hydroxide 

ions were formed around carbon fibers inside the matrix as a by-product of oxygen 

reduction. 

For a more accurate measurement of the corrosion rate, galvanic corrosion tests 

were also performed. This was accomplished in two stages: First, the effect of different 

types of CFRP for the two solutions was examined. By testing four pairs of carbon 

specimens with different thicknesses of epoxy coating in deicing salt solution and 

seawater, both parameters (thickness of epoxy coating and type of solution) were 
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investigated. The results of the galvanic corrosion tests are shown in Figure 3.15. After 

1000 seconds, all the experiments reached steady state and the galvanic current density of 

each test was obtained. The galvanic corrosion current density for the steel coupled to 

carbon specimens with the thin film of epoxy coating were 0.93x10"^ and 0.85x10"^ 

9 • • • 
A/cm~ in deicing salt solution and seawater, respectively. These values were confirmed 

by the results of the polarization tests shown in Figures 3.13 and 3.14 (l.OSxlO"^ and 

2.27x10"^ A/cm^ in deicing salt solution and seawater, respectively). 

3.5.1 Effect of Epoxy Coating 

Considering the results shown in Figure 3.15, the effect of the epoxy coating on 

the carbon specimens was very pronounced. When the thickness of the epoxy increased, 

the corrosion rte for steel decreased. In seawater, a decrease in corrosion rate from 

3.77x10"^ A/cm^ for the bare fibers to 1.8x10"^ A/cm^ for the coated fibers with an 

average coating thickness of 0.25 mm as commonly used in practice was observed. Even 

for a thin film of the epoxy coating with average thickness of 0.1 nmi, the corrosion rate 

decreased to 8.5x10""^ A/cm^. In the deicing salt solution, a decrease in corrosion rate 

firom 4.69x10"^ A/cm^ for the bare fibers to 2.0x10'^ A/cm^ and 9.3x10'^ A/cm^ were 

observed for the fibers with an average coating thickness of 0.25 and 0.1 nrni, 

respectively. 

Steel, when coupled with carbon, showed a faster corrosion rate in both solutions. 

In contrast with the corrosion rates noted in Figures 3.9 and 3.10, when coupled with 
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carbon in seawater the rate increased from 3.9x10"^ A/cm^ to 1.8x10"^ A/cm^ (0.25 mm 

coating), 8.5x10"^ A/cm^ (0.10 mm coating) and 3.77x10"^ A/cm^ (bare fibers). 

Analogously, in a deicing solution the above rates increased from 8.5x10"^ A/cm^ to 

2.0x10"^ A/cm^ (0.25 nrni coating), 9.3x10'^ A/cm^ (0.10 mm coating) and 4.69x10^ 

A/cm^ (bare fibers). 

3.5.2 Effect of Electrolyte 

As shown in Figure 3.15, the corrosion current densities are fairly similar in both 

solutions: deicing salt solution and seawater. The deicing salt solution exhibited a 

slightly higher rate of corrosion, especially for carbon fibers without epoxy coating or 

with a thin layer of epoxy on the backside only. The values of the galvanic corrosion 

rates for the specimens with the thin film of epoxy coating confirmed the results of the 

polarization tests shown in Figures 3.13 and 3.14. A summary of these results is 

presented in Table 3.3. 

3.5.3 Effect of Solvent 

The effectiveness of different solvents in removing the sizing agents from the 

surface of the fibers was also investigated. The corrosion current densities achieved at 

the end of each test were recorded for the total of 9 samples made of the carbon fibers 

washed with three different solvents. In this stage, three types of specimens were tested 

and only seawater was considered as the electrolyte. As shown in Figures 3.16 through 

3.18, there was no significant change in the galvanic corrosion rate of the specimens 

made with fibers washed with those solvents. The results for the samples made with the 
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"as received" fibers (intact fibers) showed similar corrosion current densities (same 

order of magnitude). Among the three solvents used, acetone was the most effective and 

increased the galvanic corrosion rate by 30% and 50% for samples without epoxy and 

epoxy on the backside only, respectively. All washed fibers when covered with epoxy 

displayed much better resistant against galvanic corrosion. The galvanic current density 

of these specimens were half of the specimen made with "as received" fibers. A 

summary of these results is presented in Table 3.4. The results also showed that by 

adding a thin layer of epoxy coating, the corrosion rate could be decreased by an order of 

magnitude. 
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CHAPTER 4 

FATIGUE STRENGTH OF NOTCHED STEEL BEAMS 

4.1 Introduction 

More than 43% of the bridges in the U.S. are made of steel. Steel bridges were 

among the most recommended group for improvement based on the NBI report (IClaiber 

et. al., 1987). The majority of the problems were related to the fatigue sensitive details, 

need to increase the service load, corrosion and lack of proper maintenance. It was also 

recommended that repair and retrofit be considered before a decision is made to replace a 

bridge. The cost for rehabilitation and repair in most cases is far less than the cost of 

replacement. In addition, repair and rehabilitation usually takes less time, reducing 

service interruption periods. Considering the limited resources available to mitigate the 

problems associated with steel bridges, the need for adopting new materials and cost-

effective techniques would be evident. 

There are more than 120,000 steel highway bridges with welded details in the 

United States, which over 50,000 of them are more than 30 years old. Based on the 

statistics collected by researchers, generally, major highway bridges experience more 

than 1.5 million truck passages per year that can be translated to well over 100 million or 

perhaps as high as 300 million stress cycles in their 100 year lifetime (Moses et al, 1987). 

Considering the above traffic volume, and age of these bridges, it would be evident that 
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the fatigue limit of 2 million cycles based on design specifications (e.g. AASHTO) 

underestimates the expected life of bridges. 

Before the observation of fatigue cracks in the Yellow Mill Pond Bridge in 

Bridgeport, Connecticut, not many steel bridges with cracked details were known 

(Kleiber et. al., 1987). In eleven years after the observation of the first crack in that 

bridge, cracks in a large number of welded cover plate ends were observed. Fisher 

studied this problem and concluded that significant fatigue crack grovrth can occur even 

after a few high stress cycles (in excess of the fatigue limit), and a large number of 

accimiulating lower stress cycles of over 10 million (Fisher, 1997). Meanwhile, the 

results of experimental studies indicated that the small-scale specimens underestimated 

the behavior of cover-plated beams (Fisher, 1977). 

CFRP plates or sheets can be epoxy bonded to fatigue sensitive details in steel 

members to enhance their strength and fatigue life. During the past decade, there have 

been many studies on repair and retrofit of concrete girders with epoxy bonded FRP 

materials, however, very few studies have addressed the use of epoxy bonded plates or 

sheets for strengthening steel girders. 

This chapter discusses the effectiveness of epoxy bonding CFRP sheets to the 

fatigue sensitive areas of steel girders to improve their fatigue strength. In this method, 

the CFRP sheets were used to patch the critical areas of the tension flange in order to 

reduce the stress level in original elements or carry the stresses across cracked sections. 
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4.2 Previous Work 

The use of steel cover plates to repair and strengthen existing structures has been 

a popular method for rehabilitation of steel girders. The first use of this method can be 

traced back to 1934 in France, when a bridge constructed in 1861 was strengthened by 

welding rectangular bars between the rows of rivets (Klaiber et. al., 1987). The major 

shortcomings of welded cover-plates are: (1) The need for heavy machinery in order to 

place the heavy steel plates in place and attaching them; (2) The sensitivity of the welded 

detail to fatigue; and (3) The possibility of galvanic corrosion between the plate and 

existing member and attachment materials (weld, bolt, rivet). 

Based on the AASHTO Fatigue Specifications, steel girders with welded cover 

plates fall in the lowest fatigue category, that is category E, at the vicinity of the cover 

plate termination points. Different geometrical shapes for the cover plate ends or the 

presence of transverse weld at the cover plate end do not affect the fatigue life of such 

details (Fisher, 1977). A summary of test data on welded plate girders shows that the 

fatigue life of a cover plated beam is about 45% of a welded plate girder without any 

attachments (Fisher, 1997). 

A study of parameters affecting the fatigue strength of cover plated beams leads 

to the conclusion that the most important parameter is the stress range. Steel grade and 

stress level do not have much effect on the fatigue life of the member. The reason being 

the presence of high residual tensile stresses (close to the yield value) due to a 

nonimiform cooling process after rolling or welding. As a result, regardless of the 
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loading level, or the material yield point, in the neighborhood of transverse welds and 

comers, the steel will be subjected to fiill stress cycles. 

Several studies have concentrated on the use of epoxy-bonded steel plates for 

strengthening of steel and concrete structures. The first reported application dates as far 

back as 1964 in Durban South Africa where the reinforcements in a concrete beam were 

accidentally left out during construction (Dussek, 1980). The beam was strengthened by 

epoxy bonding steel plates to the tension face. By 1975, in Japan, more than 200 

defective elevated highway concrete slabs were strengthened with epoxy bonded steel 

plates (Raithby, 1980). 

In a study conducted at the University of Maryland, adhesive bonding and end 

bolting of steel cover plates to steel girders provided a substantial improvement in the 

fatigue life of the system (Albrecht et. al., 1984). They reported an increase in the fatigue 

life of more than twenty times, compared to the welded cover plates. 

No study on the fatigue behavior of steel beam retrofitted with epoxy bonded 

CFRP was found in the literature. However, Loher studied the use of this technique in 

reinforcement of lightweight aluminum (Loher et. al., 1996). They used this method to 

strengthen and stiffen lightweight aluminum structures and studied the behavior of this 

system tmder static and fatigue loading. In their study, 50 cm long specimens made of an 

aluminum box with the dimension of 50 mm x 50 mm and wall thickness of 2 mm, were 

tested. The CFRP laminates were unidirectional with a fiber content of 66% and ultimate 

tensile strength and strain of 2700 MPa and 1.51%, respectively. These laminates were 
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50 mm wide and 1 mm thick. The surfaces of aluminum beams and CFRP laminate 

were roughened with nylon abrasive pads and cleaned with a high-pressure water jet and 

degreased with acetone before epoxy bonding the CFRP laminates. They considered two 

strengthening designs: integral and partial. The integral design was more suitable for 

strengthening and stiffening while the partial design was suitable for reinforcement of 

critical locations for fatigue such as notches and welds. Three point bending set up were 

used for static testing and four point bending for fatigue. Significant improvements in 

strength (an increase of 115%) were reported only when more than three quarter of the 

span was covered by CFRP, while the stiffiiess was increased linearly when more than 

one quarter of the span was covered (80% to 150% increase). For fatigue tests, the beams 

were cut in the middle and then butt welded together to make a fatigue sensitive detail. 

The frequency of loading was kept below 30 Hz in order to avoid any misleading results. 

Adhesives are prone to creep. Therefore, under high rate of loading, adhesives are not 

able to undergo creep and their strength increases. Meanwhile, higher frequency tends to 

generate heat in the adhesive layer and composite sheet, which may result in change of 

properties. They reported a significant improvement in fatigue life of the retrofitted 

alimiinum beams. Their test results showed that retrofitted beams could withstand at 

least twice the stress range of the unretrofitted beams for the same number of cycles. 

4.3 Experimental Study 

The effectiveness of CFRP sheets on improving fatigue strength of steel girders 

was examined by testing a number of small-scale steel beams strengthened with 



50 

pultruded carbon fiber sheets. In order to create a fatigue sensitive detail, tension 

flanges of steel beams were cut to create a notch on each side. The CFRP patches with 

identical lengths were then bonded on to the cut sections. Different stress ranges of 69 to 

379 MPa were considered in the study. 

4.3.1 Specimen Preparation 

The steel sections were first cut into 130 cm long spans. Then, both edges of the 

tension flange at midspan were cut by a band saw with a blade thickness of 0.9 mm. This 

created two through-cuts in the tension flange of each specimen. The length of the cuts 

was controlled with a stopper and kept at 12.7 mm with ± 0.05 mm tolerance as shown in 

Figure 4.1. Each specimen was sand blasted thoroughly by No. 50 glass bids, washed 

with saline solution and rinsed with fresh water just before applying the composite sheet. 

CFRP sheets were cut to the length of 30 cm with a band saw. The ends of the 

sheets were finished smoothly using grid 150 sand paper. After finishing, the sheets were 

washed with saline solution and rinsed with fresh water. 

Upon drying of the steel beam and the CFRP sheet, the epoxy was mixed and 

applied on to the beam and the sheet. Both pieces were covered with uniform and thin 

layers of epoxy and were squeezed together to force the extra epoxy and any air pocket to 

bleed out. Using paper clips, the edges of the CFRP sheet throughout its length were 

secured while the epoxy was curing. Aiiter two hours, the extra epoxy around the bond 

area was scraped off and the surface of the sheet was cleaned with acetone. A typical 

retrofitted specimen is shown in Figure 4.2. 
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After 48 hours, two 6 mm long strain gages with resistance of 120 Ohms (EA-

06-250-BG-I20) were mounted along the edges in the middle of the CFRP sheet below 

the cuts. For one of the unretrofitted beams two strain gages were motmted on the 

tension flange face at the tip of the cut on both edges. 

4.3.2 Experimental Setup 

The four point bending tests were performed using an MTS-810 testing machine. 

A special bending fixture was constructed to allow the placement of beam specimens in 

the testing machine. The load was measured by an MTS-661.31E-01 load cell with 

capacity of 2000 kN and the deflection was measured by a DUNCAN 600 series 

transducer with a range of ±7.5 cm. The clear span was 122 cm and the loading points 

were 20 cm apart as shown in Figure 4.3. hi order to prevent any movement of the 

specimen during the experiments, two ends of the beam were tied down to the roller 

supports using two steel brackets. The loading blocks were designed with a counter seat 

for the compression flange to prevent their movement during the experiment. The test 

setup is shown in Figure 4.4. 

At first, the unretrofitted beam with strain gages was tested under displacement 

control mode with a cross-head movement rate of 0.1 mm/sec. During three loading and 

unloading cycles, the strains at the tip of the cracks were recorded. These results were 

used to consider the stress concentration at the tip of the cut. A total of fifteen 

unretrofitted specimens and six retrofitted specimens were tested under different stress 

range cycles (R=0.1). The Cyclic loading was performed under load control mode for 
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nine different stress ranges. Loading was applied in consecutive half-sine shape 

segments with a frequency of 5 to lOi Hz. A typical cyclic loading was conducted in three 

separate stages: (1) start to 10000 cy«cles, (2) 10000 to 100,000 cycles (or failure), and (3) 

100,000 to failure. The values of load and midspan deflection were recorded for three 

complete cycles every 200, 2000 a*id 5000 cycles for first, second and third stage (if 

applicable), respectively. 

The initiation and growth of crac^ks was monitored using a magnifying glass and the 

length of the crack for specified nunmber of cycles was recorded. In order to facilitate the 

observation, a permanent marker and- acetone were used periodically as a penetrating dye. 

The test stopped when the growth of the crack caused excessive midspan deflection of 5 

mm or more, compared to the initial elastic deflection. 

4.4 Evaluation of Results and Analysis 

As was mentioned before, in oDrder to consider the effect of stress concentration at 

the tip of the cuts, one unretrofitted haeam was tested with strain gages mounted at the tip 

of the cuts. The average values of ssix loading and unloading cycles were analyzed. A 

linear regression analysis was performed and the relationship between stress at the tip of 

the cut and transverse load was established as: 

<j = 4856P (4.1) 

where: a = stress in MPa and P = load in kN. The coefficient of regression for the 

analysis was 0.998. 
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4.4.1 AASHTO Design Curves 

The current fatigue design curves for redundant structures can be obtained from 

AASHTO LFRD Bridge Design Specifications (AASHTO, 2000). Six major fatigue 

categories are listed in this specifications, category A through E, and two sub categories 

of C and E' for various details. Figure 4.5 displays a plot of stress range vs. number of 

cycles for AASHTO categories A through E based on all the available fatigue data 

(Keating and Fisher, 1986). For number of cycles of less than 100000, extrapolation can 

be performed and the fatigue design regions for medium cycle fatigue can be established. 

The data points obtained in this study for unretrofitted and retrofitted specimens are also 

plotted in Figure 6. It can be seen that the data points for unretrofitted cut specimens lay 

between category C and D while the retrofitted data points lay between category B and C, 

as shown in Figure 4.5. This was the first positive outcome of the patching technique, 

which suggested that by applying the patch to a fatigue sensitive detail the fatigue life of 

that detail could be upgraded for at least one category. 

4.4.2 Reliability Based Design Curves 

The occurrence of most natural phenomenon follows the normal distribution with 

two parameters of mean and standard deviation, which are random variables. The mean 

value can not be used directly in design. In order to establish design values for 

engineering applications, a conservative value, which is smaller than the mean value, is 

usually considered. The difference between the design value and the mean value depends 

on the variation of the data, number of data points, the desired confidence and the desired 
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probability of survival. The design value can be expressed according to the following 

relationship: 

Xd = Xm — Kp,y,n Sx (4-.2) 

where: Xd = design value; Xm = mean value; Sx = standard deviation, p = probably of 

survival in percent; y = confidence level in percent; n = number of data points; and Kp,y,n 

= one-sided tolerance limit factor. Kp^y^n is proportional to the values of p and y aiid 

inversely proportional to the value of n. The values of tolerance limit factors can be 

obtained from different statistical references (Naterella, 1963). Using this method, the 

"design value" is determined as the "value", which certain percentage (p) of the 

population will lie above that "value". The confidence associated with the previous 

prediction is represented with y. 

In the fatigue case, establishment of the design S-N line is the objective, but the 

concept would be fairly similar. A linear S-N relationship in log-log space for fatigue 

data is a very common assumption and the following equations are usually used: 

N S"" = A (4.3) 

log S = 1/m log A — 1/m log N (4.4) 

where: N = number of cycles to failure; S = stress range; m = inverse of the slop; and A 

=fatig;ue constant. The least square analysis can be performed in order to obtain these 

parameters. 

A common approach in establishing the design S-N line is to consider a line 

parallel to the least square line, but shifted to the left (safe side) by a certain amount. In 
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Other words, only the intercept of the line is assumed to be a random variable and the 

slope of the line is considered to be a constant. The amount of shifting depends on the 

variation of the data, number of data points, the desired confidence level and the desired 

probability of survival. Design line is expressed as: 

NS'" = Ao (4.5) 

log Ao = log A - Kp,y,n Sr (4.6) 

Sr' = l/(n-2) E(yi -yi^^) ̂  (4.7) 

where: Ao = design fatigue constant; SR = least square deviation; y; = actual value 

(fatigue life); and yi^'' = estimated value (fatigue life) by least square line. As can be 

seen, instead of considering the standard deviation, Sx, which represents the deviation of 

the data points firom the mean value, a different statistical parameter, SR, which represents 

the deviation of the data points from the least square line is considered. 

Using the techniques described here for establishing design curves, the tolerance 

interval with 95% confidence level for 95% survival was used similar to those used in the 

AASHTO specifications (Fisher 1997). The values of Kgso/,, 950/0, e and Kgso/,, 950/, 13 for one

sided tolerance limit for normal distribution are 3.707 and 2.670, respectively (Natrella, 

1963). 

4.4.3 Unretrofitted Beams 

In order to establish a reliable set of control data, seven pairs of unretrofitted 

beams were subjected to constant stress range cycles of 138, 172, 207, 241, 276, 310 and 

345 MPa. One unretrofitted beam was subjected to the stress range of 69 MPa also. 
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Among all of the unxetrofitted specimens, only two run-outs (no failure for 1,200,000 

cycles) at stress ranges of 69 and 138 MPa were observed, as shown in Figure 4.5 with 

solid circles. 

4.4.3.1 Fatigue Life 

The test results of all unretrofitted specimens that were failed during the 

experiments are shown in Figure 4.6. The relationship between the number of cycles to 

failure, and the stress range in a log-log space was linear. Therefore, a linear regression 

of the data points, not containing the run-outs, resulted in the mean S-N line with a 

coefficient of regression of 0.980. Using reliability techniques discussed earlier, 95% 

confidence level for 95% survival was used for establishing the design line. Both lines 

are also plotted in Figure 4.6, and their respective equations are as follows: 

Mean S-N Curve: log S = 13.260 — 0.282 log N (4-8) 

Design S-N Curve: log S = 13.086 — 0.282 log N (4-9) 

The slopes of the lines (1 / [-3.54] = -0.282) were less steep as compared to the 

AASHTO curves Category C and D with the slopes of -0.308 and -0.326, respectively. 

The smaller slope suggested longer fatigue life especially under high cycle fatigue. This 

could be due to the size of the specimens tested in this study. As mentioned earlier, 

researchers have shown that the results of small-scale testing overestimate the fatigue 

strength of beams (Fisher, 1977). 
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4.4.3.2 Stif&iess Change 

In the majority of fatigue experiments, the stiffiiess of the beam remained 

constant. When the crack grew longer than 10 mm, and before reaching the fillet, the 

stifBiess of the beam started to decrease and in a short period the beam failed. The 

normalized values of the stiffiiess for each failed, unretrofitted specimen versus number 

of cycles are shown in Figure 4.7. By looking at the failure points, it can be seen that 

unretrofitted beams failed before their stiffiiess dropped by more than 10%. 

4.4.3.3 Crack Propagation and Failure 

The crack initiation and propagation in all unretrofitted specimens were similar. 

In order to simplify describing the crack growth record, the terms "near" and "far" were 

used that corresponded to the side that crack initiated and the side that the crack 

terminated, respectively. The crack always initiated from the tip of one of the cuts. 

Then, the crack started to move toward the near web/flange junction. After reaching the 

top of the near fillet section of the web, it continued to go up on the near side of the web 

while the crack front was still growing horizontally to reach the far side of the web. In a 

few remaining cycles of the beam, the crack grew to reach the tip of the opposite cut. 

The shear failure occurred at the last moment in the far cut tip and caused complete 

failure of the flange and further rupture of the web until the deflection limit was violated 

and the experiment was stopped. A typical failed specimen is shown in Figure 4.8. 

The number of cycles for crack to become visible (6.4 mm) and to reach the near 

fillet (16.5 mm), near web (23 mm), far web (28 mm) and far cut tip (51 mm) were 
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recorded and their average values for different stress ranges were calculated. By 

considering the first two crack lengths (6.4 and 16.5 mm) and their corresponding 

number of cycles, and performing a linear extrapolation, the number of cycles for the 

crack initiation can be estimated. Figure 4.9 displays a plot of the crack length vs. 

number of cycles after crack initiation. 

For crack length of less than 20 mm, the specimens exhibited a stable crack growth 

(constant crack growth rate) under various stress ranges. The stable crack growth rates 

were established by linear interpolation of data the points. The rates of 0.52, 0.62, 

1.15,1.23 and 2.09 |am/cycle for the stress ranges of 207, 241, 276, 310 and 345 MPa 

were obtained. The number of cycles and the crack length in which apparent stiffiiess 

decreases are displayed with solid circles in Figure 4.9. The decrease in the stiffiiess in 

all of the specimens was detected when the crack length was between 13 to 15 mm. 

4.4.4 Retrofitted Beams 

After close consideration of the test results of unretrofitted specimens, it was 

decided to conduct the fatigue test of retrofitted beams under higher stress ranges. The 

three lower stress ranges were eliminated, and the stress range of 379 MPa was added. 

Therefore, a total of six retrofitted beams were subjected to constant stress range cycles 

of 207, 241, 276, 310, 345 and 379 MPa. As a result, there was not any run-outs for this 

group. The data points were plotted and are shown in Figure 4.10. 
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4.4.4.1 Fatigue Life 

Similar to unretrofitted beams, the number of cycles to failure and the stress range 

had a linear log-log relationship. Therefore, a linear regression of the data points resulted 

in the mean S-N line with a coefScient of regression of 0.988. Using the same reliability 

techniques mentioned before, the design curve for retrofitted beams was established. 

Both lines are plotted in Figure 4.10, and their respective equations are as follows: 

Mean S-N Curve: log S = 14.765 — 0.253 log N (4.10) 

Design S-N Curve: log S = 14.584 - 0.253 log N (4.11) 

The slope of these lines (1/ [-3.96] = -0.253) was smaller than the slope of the 

unretrofitted lines (-0.282) and the lines were also less steep as compared to the 

AASHTO curves Category B and C with the slopes of -0.297 and —0.308, respectively. 

The smaller slope was an indication of longer fatigue life especially under high cycle 

fatigue. This could be due to the size of the specimens tested in this study. The small 

size of the specimens is known to be a reason for this difference as mentioned earlier. 

4.4.4.2 Stiffiiess Change 

Considering the small length and thickness of the CFRP patch, the initial elastic 

stiffiiesses of retrofitted and unretrofitted beams were similar. During the majority of 

fatigue cycling, the stifBaess of the beam remained constant similar to the unretrofitted 

beams. Only after the visible crack started to grow in the flange and passed the fillet, the 

stiffiiess of the beam started to decrease and in a short time after that the beam faUed. 

The normalized values of stiffiiess for each failed retrofitted specimens vs. the number of 
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cycles were plotted and are shown in Figure 4.11. By looking at the failure points, it can 

be seen that the retrofitted beams failed when their stifiBiess dropped by approximately 

17%, a notable difference compared to the unretrofitted beams that failed before 10% 

drop in stif&ess. 

4.4.4.3 Crack Propagation and Failure 

The crack initiation and propagation in all retrofitted beams were similar, but 

different from those of unretrofitted specimens. The crack always initiated from the tip 

of one of the cuts. The crack then started to move toward the web. The terms "near" and 

"far" were used to identify the side that crack initiated and the side that the crack 

terminated, respectively. After reaching the fillet section of the web, debonding at the 

near edge of the CFRP sheet started. While crack front moved to the far side, the 

debonding at the edge continued to grow. Even after crack front reached the far cut tip, 

the debonding remained fairly stable (constant rate of debonding). At this stage, the far 

edge of the CFRP sheet started to debond. Except for the 207 MPa stress range, the 

failure of the sheet happened after approximately 50 mm of debonding on each side of 

the notch on both edges. A typical failed specimen is shown in Figure 4.12. 

During the experiments, for monitoring the crack growth, the same crack lengths 

as those for unretrofitted specimens were considered and the number of cycles for 

reaching those specified lengths were recorded for different stress ranges. Linear 

extrapolations similar to the previous section resulted in an estimate of the number of 
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cycles for the crack initiation. Figure 4.13 displays the relationship between the crack 

length and the number of cycles after crack initiation. 

The stable crack growth rates were established by linear interpolation of data 

points in the initial stage where crack growth rate is constant. These rates were 0.12, 

0.20, 0.41,0.50, 0.72 and 0.89 pim/cycle for the stress ranges of 207, 241, 276, 310, 345 

and 379 MPa, respectively. These growth rates were between 25% to 40% of the growth 

rate for unretrofitted beams. After comparing the result of retrofitted beams to those for 

unretrofitted beams, the benefits of patching in limiting the crack growth was observed. 

The number of cycles between crack initiation and complete loss of tension flange 

increased by factors of 4.5, 3.6, 3.1, 2.5 and 3.2 for the stress ranges of 207, 241, 276, 

310 and 345 MPa, receptively. 

Similar to unretrofitted specimens, for crack lengths less than 20 mm, the 

specimens exhibited a stable crack growth under various stress ranges. Solid circles 

shown in Figure 4.13 are representing apparent stif&iess decreases. The decrease in the 

stif&iess for four higher stress ranges began when the crack length was between 19 to 21 

mm (crack front between near fillet and near web). For the two lower stress ranges, only 

after the crack lengths reached 25 to 27 mm (crack front started to grow up in the near 

web), the stiffiiess of the beam started to decrease. The numbers of cycles to which the 

specimens failed are shown in Figure 4.13 by solid triangles. The numbers next to the 

solid triangles indicate additional cycles after the complete loss of the tension flange. 
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The effect of patches in extending the fatigue life of the beams beyond the total tension 

flange loss was more pronounced in the lower stress ranges. 
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CHAPTER 5 

STRENGTHENING OF COMPOSITE GIRDERS 

5.1 Introduction 

More than 34% of the bridges in the U.S. are made of steel. Steel bridges were 

among the most recommended group for improvement based on the NBI report. 

Corrosion, lack of proper maintenance, and fatigue sensitive details are major problems 

in steel bridges. In addition, many of these bridges need to be upgraded to carry larger 

loads and more traffic. In the NBI report, it was also recommended that repair and 

retrofit option be considered before a decision is made to replace a bridge. The cost for 

rehabilitation and repair in most cases is far less than the cost of replacement. In 

addition, repair and rehabilitation usually takes less time, reducing service interruption 

periods. Considering the limited resources available to mitigate the problems associated 

with steel bridges, the need for adopting new materials and cost-effective techniques is 

evident. 

CFRP plates or sheets can be epoxy bonded to tension face of the member to 

enhance the strength and stif&iess of the girder. By addition of the CFRP sheet, the stress 

level in the original member will decrease that in turn results in a longer fatigue life. 

During the past decade, there have been many studies on repair and retrofit of concrete 

girders with epoxy bonded FRP materials, however, very few studies have addressed the 

use of epoxy bonded plates or sheets for strengthening steel girders. 
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This chapter discusses the effectiveness of epoxy bonding CFRP sheets to the 

tension flange of steel-concrete composite girders to improve their ultimate load carrying 

capacity and stiffiiess after yielding. 

5.2 Previous Work 

The most commonly used techniques for rehabilitation of bridges are: (1) 

strengthening of members; (2) addition of members; (3) developing composite action; (4) 

producing continuity at the support; and (5) post-tensioning. In general, all of the 

conventional techniques mentioned above require heavy machinery, long period of 

service interruption and they are costly. In most cases, they do not eliminate the 

possibility of reoccurrence of the problem completely. 

Several studies have concentrated on the use of epoxy-bonded steel plates for 

strengthening of steel and concrete structxires. The first reported application dates as far 

back as 1964 in Durban South Africa where the reinforcements in a concrete beam were 

accidentally left out during construction (Dussek, 1980). The beam was strengthened by 

epoxy bonding steel plates to the tension face. By 1975, in Japan, more than 200 

defective elevated highway concrete slabs were strengthened with epoxy bonded steel 

plates (Raithby, 1980). 

In a study conducted at the University of South Florida, the possibility of using 

CFRP in repair of steel-concrete composite bridges was investigated (Sen and Liby, 

1994). They tested a total of six 6.10 m long beams made of W8x24 steel section 

attached to a 71.1 cm wide by 11.5 cm thick concrete slab. The CFRP sheets used in the 
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Study were 3.65 m long, 15 cm wide, and haad two different thicknesses of 2 mm and 5 

mm. It was reported that CFRP laminates could considerably improve the ultimate 

capacity of composite beams. 

The advantages of using advanced composite materials in the rehabilitation of 

deteriorating bridges were investigated at the University of Delaware (Mertz and 

Gillespie, 1996). As a part of their small-scale tests, they retrofitted eight 1.52 m long 

W8xlO steel beams using five different retrotfitting schemes. They reported an average 

of 60% strength increase in CFRP retrofitted systems. They also tested and repaired two 

6.4 m long corroded steel girders. The girdens were typical American Standard I shape 

with depth of 61 cm and flange width of 23 cnai. Their results showed an average of 25% 

increase in stif&iess and 100% increase in the ultimate load canying capacity. 

Considering the limited research on tihe effectiveness of the epoxy bonding of 

CFRP sheets to the tension flange of steel-cconcrete composite girders, this study was 

conducted to investigate the effectiveness of tBus method. The experimental results were 

also compared with the conventional analyzing methods. 

5.3 Experimental Study 

The effectiveness of epoxy bonding o«f CFRP sheets on improving the ultimate 

load carrying capacity of composite girders vwas examined by testing three large-scale 

girders strengthened with pultruded carbon fiber sheets. In order to observe the 

effectiveness of this technique, three different thicknesses of CFRP laminates were 

considered. Identical girders were strengthene=d with 1, 3 and 5 layers of CFRP sheets. 
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The overall lengths of CFRP sheets were identical and cut-off points for each layer were 

staggered to prevent premature failure at termination points due to stress concentration 

(Schwartz, 1992). 

5.3.1 Specimen Preparation 

The steel sections were first cut into 4.9 m long beams. Then, shear studs with 

diameter of 13 mm and height of 51 mm were welded to the compression flange in two 

rows 12.5 cm on center along two shear spans. After constructing the forms and securing 

the edges of the forms, the wire mesh was placed in the mid-height of the slab by using 

3.8 cm thick chairs as shown in Figure 5.1. Two hooks made of #4 rebar were welded to 

the top flange at quarter lengths for transportation of the girders after casting. All slabs 

were cast at the same time and a hand held vibrator was used for compaction. Several 

7.5x15 cm cylinders were cast at the same time for compression testing. The girders and 

cylinders were kept moist under a plastic cover for one week. 

CFRP sheets were cut to the proper length with a band saw. For the specimen 

retrofitted with one layer, a pair of 7.5 cm wide, 395 cm long CFRP sheets was placed 

side by side and bonded to the steel girder. For the specimen retrofitted with three layers, 

3 pairs of CFRP sheets were cut to 395, 365 and 335 cm long (15 cm staggers) and 

placed side by side on the steel girder. For the specimen retrofitted with five layers, 

CFRP sheets were cut to the lengths of 395, 380, 365, 350, 335 cm (7.5 cm staggers). 

The ends of the sheets were finished smoothly using a grid 150 sandpaper. The surfaces 

of the sheets were sand blasted with No. 30 sand and then washed with saline solution 
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and rinsed with fresh water. After drying of the sheets, for multiple layer system, the 

surfaces of the sheets were covered with thick layers of epoxy and were squeezed 

together to force the air bubbles and the excess epoxy out. Binder clips were used in 

close intervals for securing the edges of the sheets together. 

After the concrete slabs were completely cured, and just before appljdng the 

CFRP sheets, the tension flange of each girder was sand blasted using No. 30 sand, 

washed with saline solution and rinsed with fresh water. 

Upon drying of the steel beam and the CFRP sheets, the tack coat was mixed and 

applied to the tension flange surface and the sheets. All pieces were covered with 

uniform and thin layers of tack coat and were squeezed together to force the air pockets 

out with excess epoxy. The CFRP sheets were secured throughout their lengths using 

binder clips and 40x40x3 mm aluminum angle bars, while the tack coat was curing. 

After two hours, the extra epoxy around the bond area was scraped off. A typical 

retrofitted specimen is shown in Figure 5.2. 

After one week, strain gages with resistance of 120 Ohms were mounted on the 

surfaces of steel beam, CFRP sheet and concrete slab. In the midspan, the strain gages 

were mounted on top and bottom of the concrete slab, top and bottom flanges of steel 

beam and on CFRP sheets. In addition, strain gages were mounted at the end and the 

quarter-length of CFRP sheets on tension flange and CFRP sheet. The locations of the 

strain gages at midspan are shown in Figure 5.3. 
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Eight pieces of 10x10 cm wooden block were cut and tightly fit between the 

flanges using cider wedges at the supports and under loading blocks to prevent the web 

crippling. The loading platen on top of the slab were prepared by casting two 10x40x0.5 

cm block using anchoring cement (Pour-Stone). The blocks were 50 cm apart and placed 

symmetrically on both sides of the midspan along the center of the slab. 

5.3.2 Experimental Setup 

Four point bending tests were performed using a 2,200 kN test frame. Loading 

was applied by an MTS-244.41 hydraulic actuator and Enerpac-RRHlOOll hydraulic 

jack with capacities of 500 kN and 1,000 kN, respectively. The Enerpac had to be used 

since the capacity of the MTS actuator was limited to 500 kN. The load was measured by 

an MTS-661.23A-02 load cell with a capacity of 500 kN and the deflection was measured 

by a DUNCAN 600 series transducer with a range of ±7.5 cm. Monotonic loading was 

performed under actuator displacement control with a rate of 0.025 mm/sec. Total of 

three unloadings were carried out during each test; before steel yielded, after steel yielded 

and at 500 kN load level (Switching from the actuator to the jack). The load, midspan 

deflection and strains at different points were recorded with a Daytronic System 10 data 

acquisition system interfacing with PC through Microsoft Excel software. 

The clear span was 478 cm and the loading points were 50 cm apart as shown in 

Figure 5.4. The loading points and supports were made using rolling blocks, and one 

sphere blockhead was used to transfer the load from the hydraulic jack to the spreader 

beam. The test setup is shown in Figure 5.5. 
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5.4 Analytical Modeling 

An incremental deformation method insxiring compatibility of deformations and 

equilibrium of forces were used in analysis. In addition, the ultimate load canying 

capacities of the girders were compared with the AASHTO's ultimate strength design 

method. 

5.4.1 Load-Deflection Behavior 

In order to predict the load-deflection behavior of the steel-concrete-CFRP girder 

the following assumptions were made: 

(1) Strains vary linearly across the depth of cross section. 

(2) No slippage between steel, concrete and CFRP, i.e., perfect composite action. 

(3) Elastic-perfectly-plastic stress-strain relationship for steel. 

(4) Hognestad's Parabola for concrete behavior. 

(5) Linear elastic behavior for CFRP. 

(6) No Shear deformation. 

Based on the properties obtained in uniaxial tension and compression tests, the 

constitutive idealizations of the materials are listed in Table 5.1. The stress-strain plots 

for concrete cylinders, the Hognestad parabola, and the Whitney's rectangular stress 

block are shown in Figure 5.6 (Park and Paulay, 1975). 

The relationship between moment and curvature of a section was developed by 

discretizing the concrete slab, top flange, web and bottom flainge into ten strips each with 

equal thickness and considering the CFRP as one layer. The strain at top of the concrete 
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slab was the primary parameter that varied at each step and the depth of the neutral axis 

was calculated by trial and error. As a result, at each point a pair of values for moment 

and curvature was obtained. The ultimate strain for concrete was assumed to be 0.38 %. 

The theoretical moment-curvature plots for the steel-concrete composite girder with 

different layers of CFRP are shown in Figure 5.7. It is evident from these plots that the 

retrofitting technique can increase the ultimate moment capacity of the sections from 

390.0 kN.m for virgin section to 470.4, 560.2 and 596.3 kN.m for 1, 3 and 5 layer system, 

respectively. The presence of the CFRP sheets increased the yielding moment of the 

section from 297.5 kN.m for virgin section to 312.0, 345.5 and 378.2 kN.m for 1,3 and 5 

layer system, respectively. The significant increase in the stiffness of the sections after 

jdelding of steel could be another significant improvement resultingVfrom utilization of 

this technique. 

The load-deflection relationship was then obtained by the moment of area 

method. The beam was cut into 100 segments with equal lengths. The results of the 

load-deflection calculations for 1, 3 and 5 layer retrofitting systems are shown in Figure 

5.8. Similar to the moment-curvature plots, all curves were terminated when concrete 

reached the strain of 0.0038. Parallel to what obtained from moment-curvature 

relationships, the ultimate load carrying capacity of the girders improved significantly. 

The load-deflection relationships can be idealized as bilinear with two distinct stiffiiesses 

of elastic and plastic. The elastic stiffhess of girders increased from 19.2 MN/m for 

virgin girder to 21.8, 23.1 and 24.8 MN/m for 1, 3 and 5 layer systems, respectively. 
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Meanwhile, the plastic stifBiess of girders increased from 0.25 MN/m for virgin girder 

to 2.99, 3.75 and 5.51 for 1, 3 and 5 layer systems, respectively. The above procedures 

were deployed with a macro program in an Excel spreadsheet. 

5.4.2 Ultimate Moment Capacity (AASHTO) 

AASHTO code uses the Whitney's block approximation to estimate the 

compression stress in concrete at failure. The ultimate strain in concrete assumed to be 

0.003, which was fairly conservative. Using this method and considering different 

properties for web and flanges, the nominal moment capacity and the ultimate curvature 

of the sections were obtained. The results are shown in Table 5.2. By adding CFRP 

sheets to steel girder, the moment capacity increased significantly and the neutral axis 

lowered which reduced the ultimate curvature and ductility of the section. The results of 

the AASHTO method compared well with the values obtained by the iterative numerical 

method 

5.5 Experimental Analysis 

Three composite girders were tested in the present study. All three girders were 

retrofitted by epoxy bonding of 1, 3 and 5 layers of CFRP sheets to the entire length of 

their tension flanges. They were subjected to mono tonic loading with a few unloadings in 

the elastic and the plastic regions. The rate of loading was kept constant and around 2 

mm/min. In the elastic region, data were collected at specified load levels, and after 

yielding, they were collected at specified deflection levels. Possible modes of failures 

that could occur were concrete crushing, CFRP sheet rupturing, CFRP sheet debonding. 
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flange local buckling and web crippling. The load-deflection plots for the retrofitted 

composite girders are shown in Figure 5.9. 

5.5.1 Retrofitting with One Layer of CFRP Sheets 

The load-deflection behavior of the retrofitted composite girder is shown in 

Figure 5.10 with heavy solid line. At the beginning of the experiment, there was a slight 

non-linearity in the response due to transverse shrinkage cracks in the slab. At 75 kN 

load level, the cracks were closed and the girder response became fairly linear with the 

stiflBiess of 22.77 MN/m, significantly higher than the 17.81 MN/m at the beginning of 

the test. An unloading at the 200 kN load level exhibited no permanent deformation or 

nonlinear behavior and traced back the initial plot closely. The extreme fiber of the 

tension flange yielded at a load of 272.6 kN. At this load level, the stress in the CFRP 

sheet was 202.3 MPa. Thereafter, the stifftiess of the girders gradually decreased and the 

curve became progressively nonlinear while yielding proceeded through the flange and 

into the web. 

Beyond 355 kN load level, several longitudinal cracks in the concrete slab and 

along the edges of the flange started to appear. These cracks tended to increase as load 

increased and could have been prevented if more transverse reinforcement in the slab had 

been provided. At load levels of 400 kN, and 500 kN, the girder was completely 

unloaded and then reloaded. The unloading loops displayed a slight hysteresis especially 

for the second unloading. In both cases, the loop closed out at the same point at which 

the girder had been unloaded. The stiffness of the girder in the reloading segments was 
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20.7 MN/m, slightly lower but comparable to the stiffeess at the latter stages of the 

initial loading. The reason was the complete closure of cracks in the slab after plastic 

deformation of the specimen. 

The girder failed with crushing of the concrete slab at 528.0 kN. The CFRP stress 

at the failure was about 1589.8 MPa the values of about 75% of CFRP ultimate strength. 

Just before failure, the edges of the CFRP sheet started to show signs of rupture as a few 

strands snapped. The concrete slab supported the compression flange of the steel beam 

and there was no local or lateral buckling in the flange. The wooden blocks that 

supported the web under the loading points and at the reactions, prevented any web 

crippling. The shear studs provided a good composite action between the concrete slab 

and the steel beam without any slippage. 

5.5.2 Retrofitting with Three Layers of CFRP Sheets 

For this specimen, the tack coat was used to bond three CFRP sheets together and 

to bond the 3-layer laminate to the steel flange. The heavy solid line represents the load-

deflection behavior of this retrofitted girder in Figure 5.11. The load-deflection behavior 

of the beam started fairly linear and the unloading in the elastic region at 200 kN load 

level displayed no permanent deformation. The measured stiffhess of the beam, 20.19 

MN/m, was clearly lower than the theoretical values calculated. This is perhaps due to 

incomplete composite action between the CFRP layers and steel since the tack coat was 

more flexible than the epoxy. At a load of 275.8 kN, the tension flange started to yield 
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and the stress in the CFRP sheet reached 192.5 MPa. Afterward, the stLffiiess of the 

girders constantly decreased and the curve became continuously nonlinear. 

Several longitudinal cracks in the concrete slab along the edges of the top flange 

of steel beam started to appear at 400 kN load level. By providing more transverse 

reinforcements in the slab, these cracks could have been prevented. At a load level of 

475 kN, a complete unloading and reloading was performed. A slight hysteresis was 

observed during the loop, but it closed out at the same point at which the girder had been 

unloaded. The girder in the reloading segments displayed a stiffiiess of 20.41 MN/m 

similar to that at the beginning of the initial loading and then showed slightly higher 

stif&iess of 21.17 MN/m. The shrinkage cracks for this beam perhaps caused the lower 

stiffiiess, which even after near 1 cm permanent deflection had not been completely 

closed. 

The girder failed prematurely by debonding of the last two layers of the CFRP 

sheets from the first sheet at 553.4 kN load level. The stress at the CFRP Sheet was 

about 901.2 MPa well below its ultimate strength (42%). Tack coat was used in between 

the CFRP sheets as well as between the CFRP laminate and steel flange. After 

examining the debonded faces, the lack of complete curing of the epoxy was observed 

(strong smell of partially cured adhesive). This was due to the improper mixing of the 

adhesive during construction of specimens. This problem was corrected in the last 

specimen. The concrete slab supported the compression flange of the steel beam and 

there was no local or lateral buckling in the flange. The wooden blocks that supported 
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the web at the loadmg points and the reactions, prevented any web crippling. The shear 

studs provided a fine composite action between the concrete slab and the steel beam. 

5.5.3 Retrofitting with Five Layers of CFRP Sheets 

As was mentioned before, the issue of premature failure of 3-layer retrofitted 

girder was corrected for this specimen. The CFRP sheets were sand blasted harsher to 

expose the carbon fibers and the lower viscosity epoxy, was mixed well used in between 

layers. The tack coat was mixed thoroughly and only used to attach the 5-layer CFRP 

laminate to the steel flange. 

The load-deflection behavior of the retrofitted girder is shown in Figure 5.12 with 

heavy solid line. The initial non-linearity due to the transverse cracks in concrete slab 

existed in this girder as well. The cracks were closed at 100 kN load level and the beam 

started to show a higher stifftiess of 21.99 MN/m compare to 19.61 MN/m as for the 

beginning. An elastic unloading after reaching 200 kN load level showed no permanent 

deformation or hysteresis effects. The yielding of the tension flange started after 

reaching a load of 279.1 kN. The CFRP sheet was experiencing a tensile stress of 184.9 

MPa at that point. After yielding of the steel started, the stiffness of the girder gradually 

decreased and yielding extended to the web as well as the rest of the flange. 

Several longitudinal cracks similar to those in previous beams appeared after 

reaching the 425N load level. These cracks started to grow and widen significantly as 

loading increased. A complete unloading and reloading was conducted around 475 kN 

load le\ el. This displayed a modest hysteresis very similar to that in previous girders. 
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and like others, the loop closed out at the unloading point. Slightly higher stiffiiess of 

22.76 MN/m was observed after unloading. 

The girder failed with crushing of the concrete slab and progressive debonding of 

the slab from the steel beam at one end due to the excessive widening of longitudinal 

cracks at 645.8 kN. The CFRP stress at the failure was about 903.7 MPa, which is far 

below its ultimate strength (42%). The shear plains in the tension flange and web of the 

steel beams were clearly visible toward the end of the experiments. The concrete slab 

supported the compression flange of the steel beam and there was not any local or lateral 

buckling in the flange before compression failure. After concrete failure, the 

compression flange of the steel beam started to buckle due to disintegration of supporting 

slab. The wooden blocks that supported the web at the loading points and the reactions, 

prevented early web crippling. There were no signs of slippage at the steel concrete 

interface during the experiment. 

5.5.4 Effect of Retrofitting on Stress and Strain Reduction 

Increasing the cross sectional area of the section could reduce the stress level in 

tension flange of a girder. The tensile modulus of the CFRP sheets was about 2/3 of the 

modulus of steel and the thicknesses of these sheets were moderately small. The 

adhesive layer that connected the two materials was relatively soft. Therefore, not a 

significant improvement in the stiffiiess of the girder in the elastic region was anticipated. 

Figure 5.13 shows the variation of stress level in tension flange as a function of the load 

before yielding for different retrofitting system. The theoretical values of stif&iesses and 
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strains did not conform to the experimental results in the elastic region due to shrinkage 

cracks. Therefore, the results were compared to each other rather than to the virgin 

girder. The 5-layer system displayed the most stress reduction with an average stress 

reduction of 13.7 MPa compared to the other two retrofitting systems. One and three 

layer systems displayed an insignificant stress reduction in the elastic region. 

After yielding, the effectiveness of the CFRP laminates was much more profound 

as shown in Figure 5.14. Tensile strains in the tension flanges of the retrofitted 

composite girders decreased significantly. The tensile strain in the flange decreased with 

an average of 20.6, 39.2 and 52.6 % for 1, 3 and 5 layer systems compared to the virgin 

girder at 350 kN. For higher load levels, the effectiveness of the retrofitting was 

apparent. The significant improvement could limit the permanent deformation of the 

girders experiencing unexpected and sudden overload. 

5.5.5 Failure Modes 

As indicated before, the steel-concrete-CFRP system could display several 

distinct failure modes including: concrete crushing, CFRP debonding, CFRP rupture, web 

crippling and shear stud failure. Meanwhile, the wooden blocks placed between the 

flanges at support, and under loading points prevented web crippling. Shear studs were 

designed for a slab with 35 MPa compressive strength, well above the measured strength 

of the concrete used in this study. 

Compression crushing of concrete, as shown in Figure 5.15, was the dominating 

failure mode in all three retrofitted girders. In the one-layer system, the concrete failure 



78 

happened when the CFRP sheets started to show sign of failure by snapping along their 

edges as shown in Figure 5.16. In the three-layer system, the debonding of the CFRP 

sheet caused a premature failure as shown in Figure 5.17. Partially cured adhesive 

layer, due to improper mixing ratio was believed to be the main contributors of that. 

After corrections were made, the five-layer system did not display any premature failure 

and, again the compression crushing of concrete became the failure mode of that girder. 
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CHAPTER 6 

REPAIR OF DAMAGED COMPOSITE GIRDERS 

6.1 Introduction 

CFRP plates or sheets can be epoxy bonded to the tension face of the damaged 

members to restore the strength and stiffiiess. The CFRP sheets bridge over the damaged 

area, and transfer the stresses across. The stress level in the original member will 

decrease and that will result in a longer fatigue life. During the past decade, there have 

been many studies on repair and retrofit of concrete girders wdth epoxy bonded FRP 

materials, however, very few studies have addressed the use of epoxy bonded composite 

plates or sheets for strengthening and repair of steel girders. 

This chapter discusses the effectiveness of epoxy bonding CFRP sheets to the 

tension flange of damaged steel-concrete composite girders to restore their ultimate load 

canying capacity and stiffness. 

6.2 Previous Work 

The most commonly used techniques for repair of damaged steel bridges include 

strengthening of damaged members, replacing of members and adding of members. In 

general, all of the conventional techniques mentioned above require heavy machinery, 

long periods of service interruption, and they are costly. In most cases, they do not 

eliminate the possibility of reoccurrence of the problem completely. 
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In a study conducted by the author the effectiveness of CFRP patch for repairing 

damaged steel beam was investigated (Tavakkolizadeh and Saadatmanesh, 2001). A total 

of eight small-scale S 5x10 steel beams were tested. The tension flange of six beams 

were cut thoroughly with two different depths of 3.2 and 6.4 mm and then beams were 

repaired by CFRP patches with different lengths. Four-point bending test was performed 

using displacement control loading regime and several unloading and reloading cycles 

were performed before failure of the beam. In order to avoid lateral instability, the top 

flanges of the beams were braced using tumbuckle and high strength steel cables at third 

points and beam was clamped down at the supports. Increases in ultimate load carrying 

capacity of 145% and 63% for the beams with 80% and 40% loss of tension flange area 

were reported, respectively. The stiffiiess of the damaged beam after patching was 

recovered to 95% the original stifBiess. Different modes of failures that were observed in 

the experiments were end peeling and delamination. They indicated that the drawbacks 

of this technique included the loss of ductility and the possibility of galvanic corrosion 

between the CFRP plate and steel. 

Very few studies have investigated the effectiveness of epoxy bonding CFRP 

sheets to the tension flange of large-scale steel-concrete composite girders. There is only 

one study on the effectiveness of this technique for the repair of damaged girders. This 

study was limited to small-scale steel girders and testing of a couple of corroded large-

scale girders. 
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This section investigates the effectiveness of epoxy bonding CFRP sheets to 

tension flange damaged steel-concrete composite girders that lost a portion or their entire 

tension flange at the most critical location. The experimental results are compared with 

the conventional analyzing methods. 

6.3 Experimental Study 

The feasibility of epoxy bonding of CFRP sheets on restoring the ultimate load 

carrying capacity and stifi&iess of composite girders was examined by testing three large-

scale girders repaired with pultruded carbon fiber sheets, hi order to observe the 

effectiveness of this technique, three different damage levels of 25, 50 and 100 % loss of 

tension flange were considered and different thicknesses of CFRP laminates were used. 

The tension flanges of the girders were cut with different total depths of 4.3, 8.6 and 17.1 

cm to simulate 25, 50 and 100% loss of tension flange, respectively. These girders were 

then strengthened by epoxy bonding of 1, 3 and 5 layers of CFRP sheets to the tension 

flange. Concrete slabs with two different compressive strengths were used. The overall 

lengths of CFRP sheets were identical and the cut-off points for each layer were 

staggered to prevent premature failure at termination points due to stress concentrations 

(Schwartz, 1992). 

6.3.1 Specimen Preparation 

The steel sections were first cut into 4.9 m long beams. Then, shear studs with 

diameters of 13 mm and heights of 51 mm were welded to the compression flange in two 

rows 12.5 cm on center along the two shear spans. After constructing the forms and 
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securing the edges of the forms, the wire mesh was placed in the mid-height of the slab 

by using 3.8 cm thick chairs as shown in Figure 6.1. Two hooks made of #4 rebar were 

welded to the top flange at quarter lengths for transportation of the girders after casting. 

Slabs were cast on two separate times and a hand held vibrator was used for compaction. 

Several 7.5x15 cm cylinders were cast at the same time as the slabs for compression 

testing. The girders and cylinders were kept moist under a plastic cover for one week. 

CFRP sheets were cut to the proper length with a band saw. For the specimen 

retrofitted with one layer, a pair of 7.5 cm wide, 395 cm long CFRP sheets was placed 

side by side and bonded to the steel girder. For the specimen retrofitted with three layers, 

3 pairs of CFRP sheets were cut to 395, 365 and 335 cm long (15 cm staggers) and 

placed side by side on the steel girder. For the specimen retrofitted with five layers, 

CFRP sheets were cut to the lengths of 395, 380, 365, 350, 335 cm (7.5 cm staggers). 

The ends of the sheets were finished smoothly using grid 150 sandpaper. The surfaces of 

the sheets were sand blasted with No. 30 sand and then washed with saline solution and 

rinsed with fresh water. After drying of the sheets, for multiple layer systems, the 

surfaces of the sheets were covered with thick layers of epoxy and were squeezed 

together to force the air bubbles and the excess epoxy out. Binder clips were used in 

close intervals for securing the edges of the sheets together. 

After the concrete slabs were completely cured, the tension flanges of the girders 

were cut using a Recipro Saw with 1.27 mm thick blade. The flanges of the girder with 

the 15.5 MPa concrete strength were cut 4.27 cm deep on both sides at the midspan (50% 



83 

loss). The tension flanges of the other two girders with higher concrete compressive 

strength were cut entirely (100% loss) and 2.14 cm deep on both sides at the midspan 

(25% loss). Just before applying the CFRP sheets, the tension flange of each girder was 

sand blasted using No. 30 sand, washed with saline solution and rinsed with fresh water. 

Upon drying of the steel beam and the CFRP sheets, the tack coat was mixed and 

applied to the tension flange surface and the sheets. The cut at midspan were also filled 

with adhesive. All pieces were covered with uniform and thin layers of tack coat and 

were squeezed together to force the air pockets out with excess epoxy. The CFRP sheets 

were secured throughout their lengths using binder clips and 40x40x3 mm aluminum 

angle bars, while the tack coat was curing. After two hours, the extra epoxy around the 

bond area was scraped off. A typical retrofitted specimen is shown in Figure 6.2. 

After one week, electrical strain gages with resistance of 120 Ohms were mounted 

on the surfaces of the steel beam, CFRP sheets and the concrete slab. In the midspan, the 

strain gages were mounted on the top and bottom of the concrete slab, top flange and web 

of the steel beam and on the CFRP sheets. In addition, strain gages were mounted at the 

end, and at the quarter-length on CFRP sheets and the tension flange. The locations of 

the strain gages at midspan are shown in Figure 6.3. 

Eight 10x10 cm wooden blocks were cut and tighfly fit between the flanges using 

cider wedges at the supports and under loading blocks to prevent web crippling. Two 

loading platens on top of the slab were prepared by casting two 10x40x0.5 cm blocks 
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using anchoring cement (Pour-Stone). The blocks were 50 cm apart and placed 

symmetrically on both sides of the midspan along the center of the slab. 

6.3.2 Experimental Setup 

Four-point bending tests were performed using a 2,200 kN test frame. Loading 

was applied by an MTS-244.41 hydraulic actuator and Enerpac-RRHlOOll hydraulic 

jack with capacities of 500 kN and 1,000 kN, respectively. The Enerpac had to be used 

since the capacity of the MTS actuator was limited to 500 kN. The load was measured by 

an MTS-661.23A-02 load cell with a capacity of 500 kN and the deflection was measured 

by a DUNCAN 600 series transducer with a range of ±7.5 cm. Monotonic loading was 

performed under actuator displacement control with a rate of 0.025 mm/sec. Total of 

three unloadings were carried out during each test; before steel yielded, after steel yielded 

and at 500 kN load level (Switching from the actuator to the jack). The load, midspan 

deflection and strains at different points were recorded with a Daytronic System 10 data 

acquisition system interfacing with PC through Microsoft Excel software. 

The clear span was 478 cm and the loading points were 50 cm apart, as shown in 

Figure 6.4. The loading points and supports were made using rolling blocks, and one 

sphere blockhead was used to transfer the load from the hydraulic jack to the spreader 

beam. The test setup is shown in Figure 6.5. 

6.4 Analytical Modeling 

AASHTO's ultimate strength design method was used to predict the ultimate load 

carrying capacity of the damaged and repaired girders. In addition, an incremental 
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deformation method insuring compatibility of deformations and equilibrium of forces 

were used in the analysis to estimate the moment-curvature behavior of the composite 

sections in elastic and elastic-plastic regions. The analytical curves were stopped when 

the strain in the concrete reached 0.0038. 

6.4.1 Moment-Curvature Behavior 

The moment-curvature behavior of the steel-concrete-CFRP girder was predicted 

considering the following assumptions: 

1) Linear strain variation across the depth of cross section, 

2) Perfect bond between steel, concrete and CFRP, i.e., perfect composite action 

and no slippage, 

3) Elastic-perfectly-plastic behavior for steel, 

4) Hognestad's Parabola for concrete stress-strain relationship, 

5) Linear elastic behavior for CFRP, 

6) No Shear deformation. 

Uniaxial tension and compression tests were performed on materials in order to 

obtain their constitutive properties. The results of these tests are listed in Table 6.1. The 

stress-strain plots for the concrete with two different compressive strengths, and the 

corresponding Hognestad's parabolas are shown in Figure 6.6 (Park and Paulay, 1975). 

In order to develop the relationship between moment and curvature of a section, 

the concrete slab, top flange, web and bottom flange were discritized into ten strips each 

with equal thickness. CFRP sheet was considered as one layer. The strain at top of the 
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concrete slab was the primary parameter that varied at each step and the depth of the 

neutral axis was calculated by trial and error. A pair of values for moment and curvature 

was obtained at each point. 

The ultimate strain for concrete was assumed to be 0.38 %. The theoretical 

moment-curvature plots for damaged composite girders (29.1 MPa concrete slab) before 

retrofitting are shown in Figure 6.7. It is apparent that cutting the flange reduced the 

ultimate moment capacity and rigidity of the sections significantly. The ultimate moment 

capacity of the composite girder reduced 12, 24 and 48% while the yielding moments 

decreased by 16, 33 and 67% as a result of 25, 50 and 100% loss of tension flange area, 

respectively. Meanwhile, the rigidity of sections reduced by 14, 29 and 63% before 

yielding due to the losses of 25, 50 and 100%, respectively. Three damaged sections then 

assumed to be retrofitted. One, three and five layers of CFRP sheet were considered for 

repairing the sections with 25, 50 and 100% tension flange loss, respectively. The 

ultimate moment capacity and rigidity of the retrofitted sections increased significantly as 

shown in Figure 6.8. Ultimate moment capacity of the girders with 25, 50 and 100% loss 

improved by 39, 107 and 233% while the jdelding moment increased by 6, 25 and 85%, 

respectively. The elastic and plastic rigidity of the retrofitted sections increased as well. 

Girders with 25, 50 and 100% loss showed 5, 21 and 75% increase in their elastic 

rigidity, respectively. Rigidity in the plastic region displayed much higher improvements 

and increased 6.3, 17.3 and 29.7 times for 25, 50 and 100% loss of tension flange. 
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respectively. A summary of the theoretical values for the ultimate capacity and the 

rigidity of the sections is listed in Table 6.2. 

6.4.2 Ultimate Moment Capacity (AASHTO) 

AASHTO uses the Whitney's block approximation to estimate the compression 

stress in concrete at failure (AASHTO, 1992). In this approach, the ultimate strain in 

concrete was assumed to be 0.003, which was fairly conservative. Using this method and 

considering different properties for web and flanges, the nominal moment capacity and 

the ultimate curvature of the sections were obtained. The results are shown in Table 6.3. 

By adding CFRP sheets to the flange of damaged steel girders, the moment capacity 

increased significantly and the neutral axis lowered which reduced the ultimate curvature 

and ductility of the section. The results of the AASHTO method compared well with the 

values obtained by the iterative numerical method. 

6.5 Experimental Analysis 

Three composite girders were tested in the present study. All three girders were 

repaired by epoxy bonding of 1, 3 and 5 layers of CFRP sheets to the entire length of 

their tension flanges. They were subjected to monotonic loading with a few unloadings in 

the elastic and the plastic regions. The rate of loading was kept constant and about 2 

mm/min. In the elastic region, data were collected at specified load levels, and after 

yielding, they were collected at specified deflection levels. Possible modes of failures 

that could occur were concrete crushing, CFRP sheet rupturing, CFRP sheet debonding, 

flange local buckling and web crippling. 
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6.5.1 25% Damage, Repaired with One Layer of CFRP Sheets 

The load-deflection behavior of the repaired composite girder with 25% loss in 

the flange area is shown in Figure 6.9. The concrete slab had an average compressive 

strength of 29.1 MPa. The girder showed a fairly linear response to the load from the 

beginning. During the unloading cycle in the elastic region, no sign of permanent 

deformation and non-linearity was observed. The elastic stiffiiess of the girder was 196.2 

kN/cm. The bottom flange of the girder started to yield at 166.6 kN load level. The 

CFRP sheet was under tensile stress of 170.3 MPa equal to 8% of its strength at that 

point. Proceeding in to plastic region, the girder was twice unloaded and reloaded. The 

elastic stiffiiess of the first and second reloading segments was 214.9 and 220.2 kN/cm, 

respectively, which were slightly higher than the initial stif&iess. The girder continued 

to carry the load with a plastic stiffiiess of 67.3 kN/cm. At the 449.5 kN load level, the 

CFRP sheet started to show signs of failure (i.e. snapping of the edge fibers) while it was 

carrying 2045 MPa, equal to 96% of its tensile strength. The girder failed at a 471.8 kN 

and an ultimate deflection of 4.91 cm. The ultimate tensile stress in CFRP was 2298.0 

MPa, 7.5% above its average tensile strength. Ultimate compressive strain in the top of 

the concrete slab reached 0.0018, which is very close the peak strain value. Sign of 

extreme deformation at the tip of the cuts was visible and the tension flange at one of the 

cut tips ruptured 2 cm long, after failure. A few longitudinal cracks were observed in the 

slab but they did not have any effect on the result due to their limited opening. At the 

midspan, between two loading points, the web and flanges displayed clear shear plane 
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due to yielding but there was no buckling and crippling. In other words, the concrete 

slab and wooden blocks stayed effective in supporting the compression flange and web 

up to the failure. The CFRP sheet tension failure mode was very similar to the one in the 

uniaxial tension tests. The sheets burst into several narrow and long needle shape pieces 

attached to the girder at their ends. 

6.5.2 50% Damage, Repaired with Three Layers of CFRP Sheets 

The concrete slab of the second specimen had a compressive strength of 16.6 

MPa. The lower strength concrete was used to change the mode of failure to 

compression crushing of concrete. As shown in Figure 6.10, the load deflection response 

of the composite girder was initially linear with a slight curve due to transverse cracks 

(shrinkage). The stiffiiess of the girder in the elastic region was 204.12 kN/cm. The 

imloading and reloading in the elastic region did not show any permanent deformation or 

hysteresis. The behavior continued to be linear until the tension flange of the girder 

reached its yielding strain at 136.54 kN. The CFRP sheet was under a small tensile stress 

of 71 MPa equal to 3.5% of its strength. At the load level of 245 kN, the epoxy that filled 

the cut started to separate itself from the steel. Continuing loading of the girder into its 

plastic regime, two unloadings and reloadings cycles were performed at load levels of 

400 and 500 kN. While both cycles showed slight amount of hysteresis, the energy 

dissipation in the second cycle was more pronounced. The reloading stiffnesses were 

202.6 and 183.3 kN/cm for reloading after reaching 400 and 500 kN, respectively. 

Debonding of the CFRP sheet in the midspan (2 cm on each side) started at the load of 
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480 kN. The lower stiffiiess in the second cycles was due to softening of the concrete 

slab and existence of longitudinal cracks, which started to appear at the 475 kN load 

level. The longitudinal cracks started to widen at 530 kN and became troublesome at 580 

kN. The debonding in the midspan grew to 4.5 and 7 cm on each side at load levels of 

600 and 660 kN, respectively. The concrete slab of the composite girder was almost 

divided into three longitudinal strips at the ultimate load of 658.5 kN, when the girder 

deflected 7.43 cm. The tensile stress in CFRP sheet was 1606.2 MPa, equivalent to 75% 

of its strength. The concrete slab was under a strain of 0.0029 and clearly failed in 

compression. The continuation of the loading was terminated due to bucking and 

crippling of the compression flange and web after disintegration of the slab. Tensile 

stress in CFRP sheets went up to 1747.7 MPa before termination of the experiment. The 

concrete failure in compression was the clear mode of failure in this specimen and the 

repairing technique clearly recovered the loss of strength and stiffness due to the loss of 

tension flange. Overall, the repair technique was successful and the ultimate deflection 

of the girder was 1.5% of the clear span. 

6.5.3 100% Damage, Repaired with Five Layers of CFRP Sheets 

This specimen was made of the concrete slab with a compressive strength of 29.1 

MPa. The complete loss of the tension flange prevented the possibility of measurement 

of strain in the flange directly. Therefore, two strain gages on the web at midspan were 

used to obtain hypothetical values of strain in the bottom of the flange. The load-

deflection behavior of the repaired girder is shown in Figure 6.11. The girder started 
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carrying the load with a fairly linear response. The elastic stiffiiess of the girdler was 

198.8 kN/cm and during the elastic unloading there was not any sign of penmanent 

deformation or stiffiiess change. At 133 kN, the epoxy that filled the cut separate>^d from 

the steel. The linear response continued up to the 162.2 kN load level at which the strain 

at the bottom face of the tension flange reached the yielding strain. The CFRF? sheet 

stress was 194.4 MPa equEil to 9% of its ultimate strength. Continuing loadirng, the 

longitudinal cracks appeared at 287 kN and a complete unloading and reloadimg was 

performed at 300 kN. There was minimal hysteresis in the loop and the loop closBed out 

at the point that unloading had started. The reloading stiffiiess was 200.5 kN/ccn very 

similar to the stiffiiess at the initial loading. After reaching the load level of 311 kxN, the 

debonding in the midspan started and approaching the load level of 380 kN, the failure 

signs (fracturing noise) of the CFRP ends were noticed. The girder failed at thie load 

level of 434 kN, due to sudden and complete debonding of the CFRP sheerts and 

subsequently the rupture of steel web and failure of concrete. At the peak load, the CFRP 

laminate was carrying 840.1 MPa tensile stress equal to 40% of its strength and cooncrete 

strain was 0.0016 well below its failure point. The compression flange and the web did 

not show any sign of instability due to the support provided by the slab and the wvooden 

blocks in the entire experiment. 
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6.5.4 Effectiveness of Proposed Technique 

After analyzing the experimental results of repaired composite girders repaired 

with CFRP sheets, a comparison was made with the theoretical values obtained in the 

previous section. 

6.5.4.1 Load Carrying Capacity 

The load carrying capacity of a virgin girder were calculated to be 396.2 and 

365.4 kN for the girders with 29.1 and 16.6 MPa concrete slab, respectively. Three 

repaired girders were able to carry ultimate loads higher than the calculated values for the 

virgin specimens. The girder with 25% loss and 1 layer of CFRP carried 471.8 kN 

(19.1% increase), while the girder with 100% loss and 5 layers of CFRP carried 434.1 kN 

(9.6% increase). The girder with 50% loss and 3 layers of CFRP, which was made with 

the concrete slab with lower strength, withstood 658.5 kN (80.2 % increase). 

The predicted capacity of the repaired girders was reasonable. The girder with 

25% loss and 1 layer of CFRP failed at the load of 471 kN, fairly close to the predicted 

value of 484.1 kN. The girder with 50% loss and 3 layers of CFRP failed after sustaining 

a load of 658.5 kN. The predicted values for failure of this girder were 578.3 kN, very 

conservative estimates. The predicted load carrying capacity of the girder with 100% 

loss and 5 layers of CFRP was 683.8 kN. The girder failed at a load of 434 kN and 

deflection of 2.82 cm due to early debonding of the CFRP sheet caused by wide crack 

opening. The edges of the large cut tended to deform unevenly during loading and as a 

result, normal peeling stresses were developed at the crack edges as shown in Figure 
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6.12. This normal stress in addition to the shear stress concentration resulted in 

progressive debonding that started from the midspan. 

6.5.4.2 Elastic and Elastic Stiffiiess 

The predicted values for the elastic stiffiiesses of the virgin composite girders 

made with 29.1 MPa compressive strength concrete was 231 kN/cm. The repair technique 

was not able to recover the loss of the stif&iess completely for two girders with higher 

compressive strength concrete. Average stif&iess of the girders were 210.4 (-8.9%) and 

199.7 kN/cm (-13.5%) for 25 and 100% loss of flange, respectively. The repaired girder 

with lower compressive strength (50% loss) recovered the lost stiffiiess due to the 

damage completely and displayed the stif&iess of 196.7 kN/cm compared to the predicted 

value of 192 kN/cm (+2.4%). Table 6.4 summarizes the experimental and theoretical 

values of the stiffiiesses of the virgin and repaired girders. 

6.5.5 Failure Modes 

As indicated above, the steel-concrete-CFRP system could display several distinct 

failure modes including concrete crushing, CFRP debonding, CFRP rupture, flange 

buckling, web crippling and shear stud failure. Meanwhile, the wooden blocks placed 

between the flanges at the supports and under loading points prevented web crippling. 

The shear studs were designed for a concrete slab with 35 MPa compressive strength, 

well above the measured strength of the concrete used in this study. 

Compression crushing of concrete, as shovm in Figure 6.13, was the dominating 

failure mode for the girder made of 16.6 MPa concrete. The 3-Iayer repair system for a 
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girder with 50% loss of its tension flange, forced the slab to carry the maximum 

compressive strain of beyond 0.29% before failure due to compression crushing of 

concrete. Meanwhile, the extent of damage to the slab and widening of longitudinal 

cracks after failure caused the flange and web to buckle as shown in Figure 6.14. The 

progressive debonding of CFRP sheet was limited to a short length of less than 15 cm in 

the midspan area. 

The tension rupture of CFRP sheets, as shown in Figure 6.15, was the distinct 

mode of failure for composite girder with the 25% loss of tension flange area that was 

repaired with one layer of CFRP sheet. There was no sign of debonding or concrete 

compression failure. The slab supported the compression flange and presented buckling 

despite developing a few longitudinal cracks. The rupture of the CFRP sheet was sudden 

and there was no sign of bond failure between CFRP sheet and the steel flange. The 

concrete slab barely reached its peak strain and experienced a compressive strain of 

0.18% at the time of failure. The steel flange at the tip of the cuts showed a significant 

deformation as shovm in Figure 6-16. 

The failure of the bond between CFRP laminate and steel flange was the mode of 

failure in the girder with 100% loss of tension flange, repaired with 5 layers of CFRP 

sheets. Failure progressed quickly from the first sign of debonding in the midspan (72% 

of failure load) to the progressive sign of debonding at the end of the sheets (88% of 

failure load) and eventually the complete failure as showoi in Figure 6.17. The web of the 

girder ruptured as soon as the CFRP sheets debonded as shown in Figure 6.18. The 
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compressive strain in concrete was 0.16%, well below its capacity. There were not any 

sign of longitudinal cracking in the slab up to failure point. The shear planes in the web 

and flange were very pronounced as shown in Figure 6.19. 
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CHAPTER 7 

DESIGN GUTOELINES FOR STRENGTHENING 

7.1 Introduction 

In the last few years, the use of Fiber Reinforced Plastic (FRP) sheets for 

strengthening and repair of the structures has became very popular. Several studies have 

addressed the effectiveness of epoxy bonded FRP sheets to the concrete and masonry 

structures in order to increase their ultimate load carrying capacity, stif&ess and in some 

cases even ductility (Saadatmanesh, 1994). These techniques have become very popular 

with structural engineers and practitioners in recent years. Because of the relatively low 

stif&iess of the concrete, wood or masonry compared to Glass Fiber Reinforced Plastics 

(GFRP), they have become the materials of choice in the civil engineering field. The 

comparatively lower cost of these composites compared to carbon based composites 

initially resulted in more applications of GFRPs. However, GFRPs are sensitive to 

alkaline envirormients could deteriorate with time if not properly protected. In the last 

few years the Carbon Fiber Reinforced Plastic (CFRP) has become readily available and 

used more in repair and retrofit applications. The higher strength and stif&iess in addition 

to their excellent resistance to aggressive environments were the primary reasons for that 

trend. 

In case of strengthening of steel girders with FRP plates, the low modulus 

material will not be effective and only the utilization of high strength and high modulus 
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carbon based composite would be practical. A typical steel-concrete-CFRP composite 

girder is shown in Figure 7.1. A few researchers have investigated the feasibility of using 

CFRP for strengthening steel girders and the results indicted that the method can be very 

effective. The main concerns, however, has been the possibility of galvanic corrosion 

between the two dissimilar materials (carbon and steel), which is addressed in chapter 3. 

Steel-concrete-CFRP composite girders or composite girders strengthened with 

CFRP plates have performed satisfactorily in large-scale tests conducted over the past 

decade. In three different studies conducted at the university of south Florida (Sen and 

Liby, 1994), the university of Delaware (Mertz and Gillespie, 1996) and The University 

of Arizona (present study) the effectiveness of this technique was examined. The result 

was very promising. They reported a significant increase in load carrying capacity and 

stiffiiess after yielding for steel-concrete composite girders retrofitted with CFRP plates. 

It should be noted that the CFRP sheets used in all of these studies had a tensile 

modulus of slightly lower than that of steel. Therefore, using fairly thin laminates, the 

elastic stiffiiess did not change significantly. Recently, high modulus carbon fibers have 

become available and by using such fibers ia the manufacture of composite laminates, 

modulie of elasticity of more than three times that of steel have been achieved. 

Therefore, for the service deflection and stress reduction for fatigue strengthening of the 

girders, high modulus CFRP plates should be used. Meanwhile, for increasing the 

ultimate load carrying capacity and plastic stiffiiess of the composite girder, lower 

modulus CFRP plates are sufficient. 
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In order to utilize the composite sheets more effectively for service load levels, 

the epoxy bonding and curing of the adhesive should be done while the girder is not 

carrying the fiill dead load. This can be done either by performing the strengthening 

during redecking procedures of the girder or lifting the girder and shoring it while epoxy 

cures. Otherwise, the major contribution of the technique remains for the ultimate load 

carrying capacity and stiffiiess after yielding. The creep of the epoxy must be taken into 

consideration if the CFRP sheets are bonded to the girder after the dead load is removed 

and before new dead load is applied. 

The surface preparation for this technique is fairly simple. In order to remove 

loose particles from the surface of the steel flange, sand blasting should be performed and 

the surfaces need to be washed with saline solution and rinsed with fresh water before the 

bonding. For the CFRP sheets with smooth surface, sand blasting is also required to 

expose the carbon fibers. Most structural adhesives do not require special curing 

procedure and reach their maximum strength in less than a week. 

7.2 Failure Modes 

The possible modes of failure of steel girders retrofitted with epoxy bonded CFRP 

sheets or laminates are: (1) Compression crushing of concrete; (2) rupture of CFRP plate; 

(3) bond failure at the interface; (4) local failure and peeling at cutoff points; (5) local 

buckling of flange and web; and (6) shear connector failure. Of these failure modes, 

rupture of plate and bond failure can cause sudden failure and should be avoided in 

design. 
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7.2.1 Compression Crushing of Concrete 

Concrete is assumed to fail in compression when the strain reaches 0.3-0.4%. 

The premature compression crushing of the concrete, before yielding of the steel beam is 

known to be sudden and has been avoided in design of composite girders. This has been 

taken into account by designing the section such that the tension steel flange yields before 

concrete reaches its failure strain. 

7.2.2 Rupture of FRP Sheet 

Unidirectional composite materials behave linearly elastic in tension up to their 

failure without any sign of non-linearity. Therefore, the tension rupture of these 

materials is more sudden that even compression crushing of concrete and it has to be 

completely avoided by the designers. This can be achieved done by providing a 

minimum area of composite plate to maintain a safe stress level in the plate and to insure 

that the plate will not rupture in tension. 

7.2.3 Shear Failure at Interface 

While providing a larger area of composite plates prevents its rupture of and 

eliminates an undesirable failure mode, it may cause another sudden and unprecedented 

mode of failure. The total force developed in the plate needs to be transferred to the 

girder through shear stresses at the adhesive layer. By using thicker plates, the magnitude 

of these shear stresses will increase and originate the debonding failure mode that is also 

sudden by nature. Limiting the thickness of the composite sheet to a level so that the 
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interfacial shear stresses do not exceed the shear strength of the adhesive should prevent 

this mode of failure. 

7.2.4 Local Failure at Cutoff Points 

At the cutoff points of the composite plates, the axial stress in the plate needs to 

be transferred in a very short distance to the composite girder via the shear stresses at the 

interface. This rapid change of the axial stress in the plate creates a large value of shear 

stress in vicinity of the cut that usually initiates a progressive debonding of the plate. In 

addition, the plate at the cutoff point has a free face and that means no curvature, while 

the composite girder has some curvature due to the non-zero value of the moment it 

supports. This difference in the curvature, forces the plate to bend away from the girder 

and creates normal tensile stresses usually referred to as peeling stresses as shown if 

Figure 7.2. The Shear and peeling stresses combined can cause a premature failure at the 

end of the composite plate and decrease the ultimate load carr>dng capacity of the system. 

Analj^cal studies conducted on the stress concentration at the cutoff points of FRP 

laminate (Malek et. al., 1998) provide equations for obtaining the maximum interfacial 

shear stress and peeling normal stresses at the plate ends. 

7.2.5 Local Buckling of Steel 

In composite girders, the concrete slab provides complete lateral support against 

lateral torsional buckling. Therefore, the fully plastic stress distribution can be 

considered in the analysis of the section if the steel section is compact. In case of non-

compact sections, the capacity should be considered as the moment at first yield of the 
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steel beam. In both cases, the steel web shear capacity should be checked against 

applied shear. 

7.2.6 Shear Connector Failure 

According to AASHTO specifications, shear studs are designed based on the 

ultimate strength of the concrete slab and steel beam. In case of retrofitted girders, the 

force in the composite plate should be added to the force in the steel beam. This mode of 

failure is fairly rare and occurs with a ductile manner by progressive yielding of the studs. 

7.3 Elastic Design 

The elastic design of retrofitted composite girders is very similar to the 

unretrofitted girders. By transforming the moment of inertia of composite section, the 

axial stresses in concrete, steel flanges and composite plate can be calculated for different 

loading cases: 

Retrofitting with Concrete Deck in Place: If the retrofitting is performed with 

concrete deck intact, the dead load stresses are calculated based on the properties of 

transformed section before CFRP is attached. The live load stresses are calculated based 

on the transform properties of the retrofitted section. 

Retrofitting After Concrete Deck Removal: If the retrofitting is performed during 

the replacement of the old concrete deck, the steel section carries the weight of the girder 

alone. The retrofitted section will carry the rest of the dead load and entire live load. 
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Retrofitting With Shoring: The shoring causes the total dead load and live load to 

be supported by the retrofitted composite girder. Therefore, the transformed section 

properties of the retrofitted section should be used in calculating the stresses. 

Based on AASHTO specifications, modular ratio for concrete, ric, under dead load 

is assumed to be three times higher than the one for the live load, 3Es/Ec, to consider the 

effect of creep. The modular ratio for composite, np, under dead load should be assumed 

as a value higher than Eg/Ea, to compensate for the creep in the adhesive layer. This 

requires more investigations to establish an appropriate factor. In these expressions, Es, 

Ec and Ep are the modulie of elasticity of steel, concrete and composite, respectively. The 

shear force is assumed to be carried by the steel web alone and needs to be checked 

against the shear capacity of the web. The addition of CFRP plate will improve the 

flexural load carrying capacity of the girder and results in higher shear stress across the 

web of the steel beam. Deflection of the beam can be calculated by considering 

appropriate section properties for each load case. 

7.4 Plastic Design 

In order to analyze the retrofitted composite girder, the section can be assumed 

fully plastic. Considering the higher failure strain of the composite plate compared to the 

steel, the majority of steel in the beam will 5deld before the plate reaches the failure point. 

Therefore, the analysis and design of steel-concrete composite girders retrofitted with 

CFRP laminates will be considered by assuming three location for the position of the 

neutral axis (N.A.): N.A. in web (Case I); N.A. in flange (Case II); and N.A. in slab (Case 
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ni). Figure 7.3 shows the stress distribution across the cross section, forces and 

corresponding moment arms for all cases. Expressions for Cc, Cs, Ts and Tp represent the 

compression force in concrete slab, compression force in steel beam, tensile force in steel 

beam and tensile force in composite plate, respectively. 

Case I: In this case, the depth of neutral axis, dN, can be obtained iteratively by 

considering the equilibrium of forces across the depth of the cross section. Expressions 

for these forces are given in the following: 

where fc' = compressive strength of concrete, be = effective width of slab, tc = thickness 

of slab, (AE8)p = tensile force in composite plate, (Afy)bf = yield force in bottom flange, 

(Afy)tf = yield force in top flange, and (Aefy)w = resultant of tensile and compressive jaeld 

forces in the web. 

Case II: In this case, the depth of the neutral axis, dn, is calculated iteratively by 

considering the equilibrium of forces across the depth of the cross section similar to Case 

1. The expressions for forces are given in the following: 

Cc = 0.85 fc' be tc (7.1) 

Ftf- (Afy)tf 

Fbf- (Afy)bf 

Tp = (AE8)P 

Cc = 0.85 fc' be tc (7.2) 

Ftf - (Aefy)tf 
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F w (Afy)w 

Fbf= (Afy)bf 

Tp = (AEs)p 

where (Aefy)tf = resultant of tensile and compressive yield forces in tojp flange and (Afy)w 

= yield force in web. 

Case III: In this case, the depth of compression block, a, is calculated from 

a = dNPi (~7.3) 

where 

Pi=0.85-0.05(fc'-28)/7 

Therefore, considering the equilibrium of the section and by iterration the depth of 

neutral axis can be obtained. The expressions for these forces acros:;s the depth of the 

section are given as the following: 

Cc = 0.85 fc' be a (77.4) 

Ftf=(Afy)tf 

Fw = (Afy)w 

Fbf= (Afy)bf 

Tp = (AEE)P 

7.4.1 Moment Capacity 

The nominal moment capacity of the composite girder, Mn, is calculated by the 

summation of the moments of all the internal forces about the neutral axis. Considering 
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the forces and moment arms shown in Figure 7.3, the following expressions can be 

written for the moments of the three cases discussed above. 

Mn = Tp di + Ts dz + Cs da + Cc dt (case I) (7.5) 

Mn = Tp di + Ts dz + Cs ds + Cc dt (case II) (7.6) 

Mn = Tp di + Ts d2 + Cc d4 (case IH) (7.7) 

where Tp = ultimate force in composite plate, Ts = tension force in steel beam, Cs = 

compression force in steel beam, and di to d} = moment arms shown in Figure 4. 

7.4.2 Minimum Area of FRP Plate 

As was discussed earlier, to eliminate the sudden rupture of the composite plate, a 

minimimi area of the plate is required. The limiting case is assumed such that the strains 

at extreme compression and tensile fibers reach their corresponding ultimate values for 

concrete and CFRP at the same time, respectively. Figure 7.4 illustrates the strain and 

stress distribution across the depth of the composite cross section and shows the resulting 

forces and moment arms. Assuming a linear strain variation across the depth of the cross 

section and no slippage, the depth of the neutral axis (dN^'") and the depth of the elastic 

portion of steel as shown in Figure 5 (dy'^'"), is calculated as: 

dN'"" = Scu/(Scu + epu).h (7.8) 

dY^i" = dN^'" . (Scu +esy^)/ Ecu (7.9) 

where Scu = ultimate compressive strain of concrete, Spu = ultimate tensile strain of 

composite plate, esy\v= yield strain of steel web, and h = depth of composite section. 
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By considering the equilibrium of forces across the cross section as shown in 

Figure 5 the minimum cross section area of the composite plate can be calculated as: 

Ap^'" = (Cc + Cs - Ts)/fpu (7.10) 

where fpu is ultimate tensile strength of the plate. The internal forces can be calculated by 

considering the stress distribution across the cross the depth of the section and their 

corresponding areas. The nominal moment capacity of the section (Mn^'") is calculated 

as: 

= Tp. di^ + Ts. dz"^ + Cs. + Cc. d4^ (7.11) 

where Tp = Ap'^'"fpu and di'^ through d4^ are the moment arms as shown in Figure 7.4. 

7.4.3 Maximum FRP Plate Thickness 

The average shear strength of bond, Tavg, controls another mode of failure that 

needs to be avoided. The maximum tensile force in the plate can not exceed the product 

of the average shear stress and contact area. Therefore, the tensile strain in the plate 

should not exceed the following: 

Sp^"-^ = Tavg.bp.Lp/Ep (7.12) 

where bp= width of composite plate and Lp is the distance between the point of maximum 

moment and the inflection point or the cut of point. Using the above limit for strain in 

the Equation 7.10 for obtaining minimum FRP plate area, the maximum thickness of the 

composite plate can be calculated. Replacing the ultimate tensile strength, fpu, by the 

maximum allowable stress, Sp'^^^'Ep, in Equation 7.11 results in calculation of a new 

limiting moment capacity. 
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7.4.4 Stress Concentration at Cutoff Points 

As was discussed before, the high axial stress gradient in the plate at the cutoff 

points and the eccentricity of the axial force in the plate create shear stress concentration 

and normal peeling stresses at the plate termination points. The closed-form solution for 

the maximum value of these two stresses have been developed assuming linear elastic 

behavior and complete composite action at the interface layer (Malek et. al., 1998). 

The maximum interfacial shear stress, Tmax, can be calculated as: 

Tmax = tp (bsVA + bi) (7.13) 

where 

A = Ga / (ta tp Ep) 

bi = y ai Ep / la Es 

hi = (2ai Lo + ai) y Ep / lu- Es 

bs = Ep [2b 1 ta tp / Ga + y (ai Lo~ + a-i Lo +33) / Itr Es] 

In the above equations, ta = thickness of adhesive layer, tp = thickness of 

composite plate, Ga = shear modulus of adhesive, Ea = modulus of elasticity of adhesive, 

Es = modulus of elasticity of steel flange, Ep = modulus of elasticity of composite plate, y 

= distance between composite plate and centroid of the transformed section, and Itr = 

moment of inertia of transformed section based on steel. The equation for bending 

moment, assumed to be quadratic with constant parameters is shown below 

M = aix^ + a2X + as (7.14) 
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and Lo is the distance between cutoff point and the support. 

The maximum peeling stress at cutoff point, can be expressed by 

fn""''' = K„ [Vp / Ep Ip -(Vc + P Mo) / Es I'u ] / 2P^ + q Ep Ip / bp Es I'tr (7.15) 

where 

Kn ~ Ea / ta 

P=(Knbp/4EpIV)°-^'  

Vc"VQ bp y Tmax 

Vp Vibp tp Tmax 

In the above expressions, I'tr and y' are the moment of inertia and distance of the 

bottom flange from the centroid of the transform section based on steel without 

considering composite plate, Ip = moment of inertia of composite plate, bp = width of 

composite plate. Mo = bending moment in the composite girder at the termination point, q 

= distributed load on the girder, and Vo = shear force in composite girder at the 

termination point. 

7.4.5 Repair of Damaged Girders 

This paper discussed the design procedure for strengthening of existing composite 

girders. The experimental studies on the use of this technique to repair damaged small-

scale steel beams and large-scale composite girders were also very promising. In the 

absence of complete analytical models for discontinuity at damaged locations, the use of 

this guideline can be extended by paying extra attention to stress concentrations and 
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debonding at the damaged locations. The loss of stLffiiess in damaged girders needs to 

be calculated using finite element method and fracture mechanics. 

7.5 Design Example 

The following example illustrates how the capacity of an existing composite 

bridge can be increased by epoxy bonding of CFRP laminate to the tension flange. 

Figure 7.5 illustrates the cross section of the retrofitted composite girder. The upgrade is 

the equivalent of strengthening an existing bridge originally designed for AASHTO truck 

loading of HI5 to HS20. The configurations of the two truck loadings are shown in 

Figure 7.6. It is assumed that the operation is carried after casing of the deck and without 

any shoring. The design parameters for the composite girder are tabulated in Table 7.1. 

7.5.1 Elastic Design 

The first step is to determine the properties of the section before and after 

retrofitting. Before retrofitting, two series of properties for dead load and live load are 

needed. 

A "'tr = 0.0267 m~, y"tr = 0.538 m, andI\ = 0.00261m' Unretrqfitted (DeadLoad) 

A 'tr = 0.0462 m~, y'tr = 0.659 m, andI'tr = 0.00365 ni' Unretrqfitted (Live Load) 

Atr = 0.0479 m', y,r = 0.645 m, andhr = 0.00448 Retrofitted (Live Load) 

The moment due to the dead load and two live loads of H-15 and HS-20 (truck load and 

lane load) are calculated next. The CFRP will not add a significant weight to the dead 

load and the unretrofitted composite girder carries entire original dead load. 

DL = 7.3 kN/mt 
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LL (H-15) = 25 & 105 kN concentrate loads 4.3 m apart 

LL (HS-20) = 35 & 145 & 145 kN concentrated load 4.3 m apart 

Mdl = 363 kN-m, Mh-is = 709 kN-m, and Mhs-20 — 389 kN-m 

In the next step, by considering appropriate transformed section properties, the maximum 

stresses at slab, top flange, bottom flange, and CFRP plate are calculated and shown in 

Table 7.2. 

The allowable stress for concrete and steel based on AASHTO specifications are 

calculated next. 

Steel in Compression (fully braced): j-̂ aiiowabie ̂  = 192.5 MP a 

Steel in tension (no hole): ^̂ aiiowabie ̂  q 5̂  = 192.5 MP a 

Concrete in Compression: allowable = q = 12 MP a 

The stresses after combining the dead load and live load part are calculated and compared 

with allowable values. The result is presented in Table 7.3. The stress rating of the 

girders for a specific truck load is calculated by using the following equation: 

Truck Load x (fgno^v - f dl) / ftL+i (7.16) 

Where faiiow = allowable stress; foL = total dead load stresses; and fL+i = live load plus 

impact due to the specified truck loading. The retrofitting clearly upgrade the load 

canying capacity of the girder. The shear capacity as well as deflection and stress at 

cutoff points need to be checked at the end. 

7.5.2 Plastics Design 

The first step is to determine the ultimate moment capacity of the original girder. 



A total = 170.3 cm', Ajiange = 40.9 cm', and tjjange = 1-55 cm 

Cc = 0.85 X 1.50 X 0.15 X 30 = 5.74 MN 

Ts = 170.3xlCr* x350 = 5.96 MN 

Ts > Tc : the neutral axis is in steel. 

Ftf = 40.9x10-̂  x350 = 1.43 MN 

Ts-Tc < Ftf: the neutral axis is in steel flange. 

= 14.97 cm 

M„ - 2635 kN-m 

Next the ultimate moment capacity of the retrofitted beam is determined. Considering 

Case I, after performing iteration the depth of neutral axis and forces in slab, flanges, web 

and plate can be found using Equation 1. 

= 22.90 cm 

Ĉ c = 6234 kN 

Ĉ s = 820 kN 

Î s = 3907 kN 

T^p=3147kN 
M m̂ = 5013 kN-m (+90.2%) 

fp = 1558 MPa (51.9%) 

Since the stress in composite plate is less than its ultimate strength, calculation of the 

minimum plate area is not necessary. 
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7.5.3 Shear Stress and Stress at Cutoff Points 

The average shear stress at the interface is calculated by using Equation 12 and 

assuming the total length of 19 and 19.5 m for the plate 

Wg = 3.15/(0.2x19/2) - 1.66 MPa Plate length = 19 m 

T̂ avrg = 3.15/(0.2x19.5/2) = 1.61 MPa Plate length = 19.5 m 

and should be checked with the shear strength of the bond. 

In order to check the shear stress at cutoff points due to live load, the Equation 7.13 is 

used. The plate is cut at 0.5 m from the support. The HS-20 truck loading was the critical 

loading case for determination of moment at the cutoff point. The properties of the 

section and corresponding parameters are as below. 

A = 166.9 1/m-

ai = 0, a2 = 267kN, and as = 0 (Equation 14) 

A,r = 0.0479 m~, y,r = 0.645 m, and I,r = 0.00448 ni* 

bi = 0, b2 = 33.6 MPa, bs = 16.8 MPa/m 

Tmax = 0.01 X (16.8 /̂166.9 + 33.6) = 2.51 MPa 

If the cutoff point is 0.25 m away from the support, the shear stress will be 

ai =0, a2= 271 kN, and as = 0 

bi =0, b2 = 34.1 MPa, bs = 8.5 MPa/m 

Tmax = 0.01 X(8.5 Vl66.9 + 31.4) = 1.44 MPa 

In order to check the normal peeling stress at cutoff points due to live load, the Equation 

7.15 is used. The plate is cut at 0.5 m from the support. The HS-20 truck loading was the 
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critical loading case for determination of moment at the cutoff point. The properties of 

the section and corresponding parameters are as below. 

= 2509 kPa 

A'tr — 0.0365 m~, y\r = 0.659 m, and Fir = 0.00224 

Ip = 0.2x0.01̂ /12 = 1.7x1 m' 

K„ = 0.800 / 0.001 = 8 GN/m 

P = [(8x0.2)/(4xl 75x1.7x10-̂ ) f 60.55 ni' 

Vc = 259 - 0.2x0.659x2509 = -71.68 kN 

Vp = -0.5x0.2x0.01x2509 = -2.51 kN 

f„""̂  = -1.54 MP a (Tensile) 

If the cutoff point is 0.25 m away from the support, the normal peeling stress will be 

Vc = 267- 0.2x0.659x1440 = -69.2 kN 

Vp = -0.5x0.2x0.01x1440 = -1.44 kN 

= .0.88 MP a (Tensile) 
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CHAPTERS 

SUMMARY AND CONCLUSIONS 

8.1 Galvanic Corrosion 

The test results indicate the existence of the galvanic corrosion when there is a direct 

contact between a CFRP laminate and steel substrate. The Evans diagram shows that 

when steel and carbon fibers coated with a thin film of epoxy are coupled together, 

the corrosion rate of steel increases by a factor of 24 and 57 in a deicing salt solution 

and seawater, for the specimens tested. 

The galvanic corrosion rate is directly related to the epoxy coating thickness. 

Applying a thin film of epoxy coating (0.1 mm) on saturated carbon fibers decreases 

the galvanic corrosion rate in seawater and deicing salt solution by seven and five 

folds, respectively. By using saturated carbon fibers and thicker epoxy coating (0.25 

mm, typical of that used in wet lay up) the galvanic corrosion rate in seawater and 

deicing salt solution decreased by twenty one and twenty three folds, respectively. 

The galvanic corrosion rate in the deicing salt solution was slightly higher than that in 

seawater (15% on average). The difference was more pronounced for carbon fibers 

with no epoxy coating (24%). 

Sizing agents decreased the galvanic corrosion rate of the carbon fibers. In case of 

exposed fibers, acetone was the most effective solvent (50% change) for removing 
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the sizing agents. CFRP specimens made of washed fibers showed lower corrosion 

rates (50%). 

Considering the common cathodic reaction in CFRP laminates coupled with steel (the 

reduction of oxygen in solutions with pH > 7) and the evolution of hydroxide ions on 

the carbon fibers, the use of matrix with hydrolyzable links (ester bonds) should be 

avoided in applications exposed to non acidic deicing salt solution and seawater. 

Since the galvanic corrosion only initiates when there is a direct contact between two 

dissimilar metals in the presence of an electrolyte, measures can be taken to eliminate 

one or both of these parameters and to eliminate this problem. The use of a non-

conductive layer of fabric between carbon and steel, an isolating epoxy film on the 

steel surface and moisture barrier can be considered as few preventive alternatives. 

8.2 Fatigue 

Test results from steel beams retrofitted with epoxy bonded CFRP laminates to 

increase fatigue life are very promising. For all stress ranges considered in this study, 

this technique improved the fatigue life of the detail significantly. The effect of CFRP 

patch on the crack arrest was also notable. Based on the results of the experimental 

investigation, the following conclusions are drawn: 

Fatigue life of a detail can be improved by epoxy bonding a CFRP patch to the 

member. Retrofitted specimens experienced longer fatigue lives of between 2.6 to 

3.4 times the unretrofitted specimens for stress ranges of 379 to 207 MPa, 
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respectively. This improvement is equivalent to upgrading the detail from AASHTO 

category D to category C. 

Design S-N curve for unretrofitted and retrofitted cut specimens were = 

1.22xl0'^ and = 3.84x10''*, respectively. The slope of the S-N curves for the 

specimens (retrofitted and unretrofitted) in a log-log space is slightly smaller than the 

slope of the ASSHTO design curves. 

The decrease in the stiffness for the unretrofitted specimens occurred at much shorter 

crack lengths. The unretrofitted specimens showed stiffiiess decrease, for crack 

lengths of about 14.5 mm, while retrofitted specimens showed decrease in stiffiiess 

when the cracks grew to about 22.5 mm. 

In both retrofitted and unretrofitted cases, the crack growth was stable for the crack 

lengths of up to 20 mm. The stable crack growth rates decreased by an average of 

65% as a result of retrofitting. 

The average total number of cycles to failure after crack initiation for retrofitted 

specimens was 3.5 times the one for unretrofitted specimens. The retrofitted 

specimens were able to carry a few extra cycles even after the tension flange had 

completely cracked especially under lower stress ranges. 

The improvement in the fatigue strength and crack growth of the cut specimens was 

the result of applying only one thin layer of CFRP sheet. More improvements would 

be expected when using multiple layers or thicker laminates as a result of fiirther 

decrease in the stress level of the beam. 
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Since the medivim cycle fatigue in this study was in'-vestigated (less than one million 

cycles) the effect of this retrofitting technique in higjh cycle fatigue (over 10 million 

cycles) needs to be further investigated. The longHerm durability of the bond is 

another issue that also require further investigation.. 

8.3 Strengthening 

Test results of steel-concrete composite girders retrofitted with epoxy bonded 

CFRP laminates are very promising. For all three retro«fitted girders considered in this 

study, this technique improved the ultimate load carrying capacity significantly. The 

effect of CFRP Laminates on the plastic stififtiess was also notable. Based on the results 

of the experimental investigation, the following conclusio:»ns are drawn: 

Ultimate load carrying capacities of the girders signitficantly increased by 44%, 51% 

and 76% for 1-layer, 3-layer and 5-layer retrofitting systems. In addition, the yield 

load of the girders continuously increased as a result »of retrofitting (272.6, 275.8 and 

279.1 % kN for 1, 3 and 5 layer system). 

The effect of CFRP bonding on the elastic stiffiiess oflf the girders was not significant, 

due to the flexibility of adhesive. 

As the number of CFRP layers increased, the efiBcienicy for utilizing the CFRP sheet 

decreased. Stress in CFRP laminate for 1-layer system was 75% of it ultimate 

strength while in 5-layer system it dropped to 42%. This indicates that a balanced 

design should be considered to effectively utilize the sUtrength of CFRP laminates. 
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The analytical models using the Hognestad's parabola as well as the AASHTO 

method both provided conservative results for predicting the ultimate capacity, by 

13% and 17%, respectively. 

The theoretical values of both elastic and plastic stif&esses were also conservative 

but fairly accurate. 

While, the analytical models indicated that the ductility of the retrofitted system was 

less then the virgin girders, all three retrofitted girders deflected between 5 — 6 cm 

which is about 1/100 ~ 1/80 of the clear span. 

The effect of retrofitting on the stress level in the tension flange in the elastic region 

was insignificant (5% difference between 1 and 5 layer system at 200 kN). While in 

the plastic region, the significant improvement in tensile strain was observed (21, 39 

and 53 % for 1, 3, and 5 layer system, respectively). 

8.4 Repair 

Test results for repair of damaged steel-concrete composite girders by epoxy 

bonding of CFRP laminates to the damaged area are very promising. For all three 

damage levels of 25, 50 and 100% considered in this study, this technique improved the 

ultimate load carrying capacity well beyond that of the virgin girder. The effect of CFRP 

laminates on the stif&iess was also notable. Based on the results of the experimental 

investigation, the following conclusions are drawn: 
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Ultimate load canying capacities of the girders significantly increased by 20%, 80% 

and 10% for 25% damaged and I-layer, 50% damaged and 3-layer and 100% 

damaged and 5-layer repairing systems. 

The effect of CFRP bonding on the elastic stiffiiess of the girders was significant. 

The technique restored the elastic stiffiiess of the girder to 91%, 102% and 86% of the 

intact girder for 25% loss and 1-layer, 50% loss and 3-layer and 100% loss and 5-

layer repairing systems. 

The effect of the technique on improving the plastic stiffiiess of the repaired girder 

was much more pronounced. The plastic stiffness was increase 21,19 and 32 times 

compared to the intact girder. 

The analytical models using the Hognestad's parabola provided an accurate estimate 

in case of CFRP rupture and small loss in tension flange area. For the mode of failure 

due to compression crushing of concrete and moderate loss of tension flange area, the 

theory was fairly conservative. For significant loss of tension flange and in order to 

consider the debonding mode of failure, the stress concentration and peeling stresses 

at the crack should be considered as the primary cause of failure. 

While, the analytical models indicated that the ductility of the retrofitted system was 

less then the virgin girders, repaired girders with small to moderate loss of their 

tension flange deflected between 5 ~ 7.5 cm which is about 1/100 ~ 1/65 of the clear 

span. 
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A tJieoretical model for prediction of debonding of the CFRP sheets needs to be 

developed in order to consider the possibility of premature failure due to this 

phenomenon. 



121 

ILLUSTRATIONS 



Figure 2. L Uniaxial Tension Setup for Testing Dogbone Specimens 

Figure 2.2 A Typical Steel Coupon at Failure 



a) Test Setup 

b) A Typical Coupon at Failure 
Figure 2.3 Uniaxial Tension Test of CFRP 
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Figure 2.4 Unidirectional Carbon Fabric 

a) Cylinder Preparation 



b) Test Setup 

c) A Typical Specimen at Failxire 
Figure 2.5 Uniaxial Compression Test of Concrete 



Figure 3.1 Schematic of a Basic Wet Corrosioa Cell 

Electrial Wire 

Plastic Plug 

Glass Tube 

Platinum Wire 

Saturated. KCl Solution 

Mercury 

Mercury CMoride 

Porous Plug 

Potassium Cliloride Crystals 

Porous Plug 

Figure 3.2 Schematic of a Saturated Calomel Electrode (SCE) 



Tafel Region Experimental Curve 

Anodic 
Polarization 

Cath-odic 
Polariza-tion 

Tafel Region 

log i in 

Figure 3.3 Typical Polarization Result Showing Tafel Extrapolation 
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Figure 3.4 Schematic of Electrical Circuitry for Polarization Measurement 
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Figure 3.6 Carbon Composite Samples with Different Amount of Epoxy Coating 



Figure 3.8 Flat Cell Used in Corrosion Testing 
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Figure 3.10 Polarizatrion Curve for Steel in Seawater 
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Figure 3.12 Polarization Curve for Carbon Specimens with Thin Epoxy Coating in 
Seawater 
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Figure 5.1 Formwork for Concrete Slab 



Figure 5.2 The Underside View of a Typical Retrofitted Composite Girder 
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Figure 5.15 Compression Crushing of Concrete 
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Figure 6.1 Formwork for Concrete Slab 
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Figure 6.17 Debonding of CFRP Sheet 
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Figure 6.19 Shear Planes in Tension Flange 
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Figure 7.4 Stress Distribution for Minimum Required Composite Plate Area in 
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Table 3.1 Test Matrix for Polarization Tests 

Polarization Test Matrix Seawater Deicing Solution 

Steel I 1 

Carbon Composite 

(Thin Epoxy Coating) 
I I 

Table 3.2 Test Matrix for Galvanic Coupling Tests 
Galvanic Coupling Test Matrix 

Washed Fibers, Seawater Acetone Isopropyl alcohol Carbon Tetrachloride 

No Epoxy 1 I 1 

Epoxy on the Back I 1 I 

Thin Epoxy Coating 1 1 1 

As Received Fibers Seawater Dicing Solution 

No Epoxy I 1 

Epo.xy on the Back 1 1 

Thin Epoxy Coating I I 

Typical Epoxy Coating 1 1 
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Table 3.3 Galvanic Current Densities of Original Fibers in Seawater and Deicing 
Solutions 

Current Density (lO"* A/cm^) 

Galvanic Coupling Polarization 

Solution No Epoxy 
Epoxy on the 

Back 

Thin Epoxy 

Coating 

Typical Epoxy 

Coating 

Thin Epoxy 

Coating 

Seawater 3.77 2.05 0.85 0.18 23.1 

Deicing Salt 4.69 2.47 0.93 0.2 2.06 

Table 3.4 Galvanic Current Densities of Original and Washed Fibers in Seawater 
Current Density xlO"* A/cm^ 

Seawater As Received Acetone Isopropyl Alcohol Carbon Tetrachloride 

No Epoxy 3.77 4.96 3.84 3.36 

Epoxy on the Back 2.05 3.12 3.39 2.24 

Thin Epoxy Coating 0.85 0.48 0.44 0.42 



Table 5.1 Constitutive Properties of Materials 

Concrete Steel CFRP 

Strength (MPa) 16.6 
Flange 

Yield Strength (MPa) 354.9 Strength (MPa) 2137 

Modulus (GPa) 13.8 
Flange 

Modulus (GPa) 198.3 Modulus (GPa) 144.0 

Peak Strain 0.00197 
Web 

Yield Strength (MPa) 381.9 Poisson's Ratio 0.34 

Failure Strain 0.00380 
Web 

Modulus (GPa) 177.5 

Poisson's Ratio 0.31 

Table 5.2 Calculated Ultimate Moments and Curvatures of Sections 

Virgin 1-layer 3-layer 5-layer 

Hognestad 
(Theory) 

Moment (kN-m) 390.0 470.4 560.2 596.3 

Hognestad 
(Theory) Neutral Axis (cm) 10.26 12.09 15.11 17.91 

Hognestad 
(Theory) 

Curvature (l/cmxlO"^) 371 314 252 212 

Whitney 
(AASHTO) 

Moment (kN-m) 393.7 459.9 537.6 585.6 

Whitney 
(AASHTO) Neutral Axis (cm) 9.82 11.64 14.33 16.36 

Whitney 
(AASHTO) 

Curvature (1 /cmx 10"®) 305 258 209 183 
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Table 6.1 Constitutive Properties of Materials 
Concrete Steel CFRP 

Compression I II Tension Web Flange Tension 

Strength (MPa) 16.6 29.1 Yield Strength (MPa) 381.9 354.9 Strength (MPa) 2137 

Modulus(GPa) 13.8 19J Modulus (GPa) 177.5 198.3 Modulus (GPa) 144.0 

Peak Strain 0.00197 0.00241 Poisson's Ratio 0.299 0.305 Poisson's Ratio 0.34 

Failure Strain 0.00399 0.00352 

Table 6.2 Calculated Moments and Rigidity of Virgin, Damaged and Repaired Sections 

Damaged Repaired 

Damage 
Level 

Yielding 
Moment 

fCN.m 

Elastic 
Rigidity 
MN.m-

Ultimate 
Moment 
KN.m 

Plastic 
Rigiditj' 
MN.m" 

Number of 
CFRP 
Layers 

Yielding 
Moment 

kN.m 

Elastic 
Rigidity 
MN.m^ 

Ultimate 
Moment 

kN.m 

Plastic 
Rigiditj' 
MN.m* 

25% 255.7 44.57 372.1 0.630 1 272.3 46.97 516.4 3.985 

50% 203.9 36.78 321.2 0.581 3 254.7 44.43 665.7 10.024 

100% 99.8 19.32 219.0 0.519 5 185.0 33.85 729.5 15.395 

Virgin 305.8 51.78 422.7 0.699 
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Table 6.3 Calculated Ultimate Moments and Rigidity of Virgin, Damaged and Repaired 
Sections 

Virgin 25% loss & 1 Layer 50% loss & 3 Layers 100% loss & 5 Layers 

Whitney 

(AASHTO) 

Neutral Axis (cm) 9.82 10.54 12.35 12.81 
Whitney 

(AASHTO) 
Moment (IcN.m) 393.7 423.2 484.8 501.6 

Whitney 

(AASHTO) 
Curvature (I/m) 0.0305 0.0285 0.0243 0.0234 

Hognestad 

Neutral Axis (cm) 7.49 8.20 9.83 10.81 

Hognestad Moment (kN.m) 422.7 516.4 665.7 729.5 Hognestad 

Curvature (1/m) 0.0507 0.0463 0.0387 0.0351 

' able 6.4 Calculated and Experimental StifSiesses of Virgin and Repaired Girders 

Repair Techniques 

Measured Stiffhess 
kN/cm 

Calculated Stiffhesses 
(Virgin) 
kN/cm Repair Techniques 

Elastic Plastic Elastic Plastic 

25% Loss & 1 Layer 210.4 67.3 231 3.2 

50% Loss & 3 Layers 196.7 45.7 192 2.4 

100% Loss & 5 Layers 199.7 101.3 231 3.2 
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Table 7.1 Summary of the Design Parameters 

Steel Beam CFRP Plate Concrete Slab Adhesive Layer 

Section W76°"x40''« Dimension 20x1 cm Effective Width 150 cm Thickness I nnm 

350 MPa Thickness 1 cm Thickness 15 cm Ga 292 MPa 

Es 200 GPa f ^pu 3000 MPa fc 30 MPa Ea 0.8 GPa 

V 0.3 Ep 175 GPa Ec 
25.9 
GPa 

V 0.37 

V 0.35 

Span Length = 20 m. Slab effective Width = 1.5 m & Diaphragms at Sufficient Intervals 

Table 7.2 Stresses at Different Locations for Different Loading Cases 

Location of Stresses 
DL 

Unretrofitted 
MPa 

LL & I, H-15 
Unretrofitted 

MPa 

LL & I, HS-20 
Unretrofitted 

MPa 

LL & I, HS-20 
Retrofitted 

MPa 

Concrete 2.17 5.41 9.87 5.43 

Top Flange 29.4 15.8 28.8 18.2 

Bottom Flange 74.9 114.2 208.3 100.5 

CFRP Plate 89.3 
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Table 7.3 Elastic Stresses for Original and Retrofitted Girders 

Location of Stresses 
Unretrofitted 

(H-15) 
MPa 

Retrofitted 
(HS-20) 

MPa 

Unretrofitted 
(HS-20) 

MPa 
Concrete 2.18 7.60 12.04 > 12.0 

Top Flange 3.86 47.6 58.3 

Bottom Flange 189.2= 192.4 175.1 283.3 » 192.4 

CFRP Plate 89.3 

Stress Rating H-15.4 HS-23.4 HS-11.3 

Design OK OK NG 
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