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ABSTRACT

Rock mass properties and the in situ stress field were used to
compare different stope-and-pillar design methods at the Continental |
Copper, Inc. Control Property, located in the north-central portion of
the Santa Catalina Mountains, Pima County, Arizona. Copper mineral-
ization occurs in a sequence of hydrothermally altered limestones.

Rock mass properties were estimated by testing core samples
and by measuring the engineering characteristics of the structural fea-
tures. A model was developed that infers that a step failure path will
have 20 percent intact rock. Estimated rock mass strength is 620 psi
+ oy tan37°. The in situ stress field was estimated by two indirect
methods, residual stress field and correlation with geology, which pre-
dict similar orientations for the in situ stress field.

A stope-and-pillar desigh contains two major elements: roof
stability and pillar stability. The maximum roof width was determined
by calculating the bending stress at the center of the uniformly loaded,
fixed-end roof beam and comparing it with the in situ stress acting in
the same direction. A number of methods to calculate the load-carrying
capacity of a pillar were analyzed to determine which method takes into
account the way that a pillar carries the load with respect to its geom-

etry, the rock mass strength, and the in situ stress field.

xii




CHAPTER 1
INTRODUCTION

The design of underground openings is becoming more critical
as the grade of mined deposits becomes lower, initial investments in-
crease, ore depth increases, additional safety regulations come into
law, and increased ore recovery is required for conservation of minerals.

The stability of these openings is dependent upon the strength of the

rock mass and the in situ stress field.

Rock mass comprises the rock substance (solid blocks of rock)
and the structural features (faults, joints, bedding, etc.). In most
cases, it is not possible to test the rock mass because the volume of
material needed would exceed the capacity and capability of any testing
equipment presently available. In addition, the cost in all probability
would exceed the value of information obtained. Therefore, the two
segments of the rock mass, rock substance and structural features,
generally must be tested independently and the results combined to esti-
mate the strength of the rock mass itself. Rock substance properties
measured to evaluate the strength of the rock mass are compression
strength, tensile strength, stiffness (Young's modulus), Poisson's ratio,
internal angle of friction, intact rock cohesion, rock-on-rock friction
angle, and rock-on-rock cohesion. The major characteristics of the
structural features measured to evaluate the rock mass strength are
structure type, orientation, roughness, length, spacing, and filling.

1
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At the present time, there is no generally accepted method of combining
the rock substance properties with the characteristics of the structural
features to calculate the strength of the rock mass.

The stress field is defined in terms of its principal orientations
and their magnitudes. Methods exist that "directly" measure the in situ
stress in competen‘t, relatively massive rocks. These methods are intri-
cate and costly to employ'and were therefore not used in this study. The
pre-mine stress field can also be evaluated by measuring the residual
(locked-in) stresses and correlating them with structural features.

Because there is no unique value for rock mass strength and in
situ stress fiéld, it is important to know their variations and to account
for these variations in the design of underground openings. The design
method that best fits the condition or includes as many variables as pos-
sible should be chosen. The purpose of this thesis is to evaluate the
rock mass strength and in situ stress field and use these values to com-
pare a number of pillar design methods. Because of the broad nature of
this study, some aspects have not been covered in great detail . All data
were collected at the Control Property of Continental Copper, Inc., near

Tucson, Arizona, where a stoping system employing pillars is being con-

sidered.




CHAPTER 2
GEOLOGIC SETTING

The Control Property is located in the west-central part of T, 11
S., R. 16 E., in the north-centfal portion of the Santa Catalina Moun-
tains (Fig. 1). The Mount Lemmon road connecting Oracle, Arizona,
with Summerhaven is the main access to the area.

The area is mountainous, with an average elevation of 6,500
feet and slope angles ranging between 11 and 27 degrees. The highest
point in the area is Marble Peak at 7,670 feet. Rainfall averages 21
inches per year, which sustains vegetation ranging from scrub oak to

ponderosa pine.

General Geology

The following brief discussion of the geologic history of the
Santa Catalina Mountains is taken from work by Wallace (1954), Peirce
(1958), DuBois (1959), Hanson (1966), and Braun (1969). For the dis-
cussion below, refer to the geology map of the Santa Catalina Mountains
(Fig. 2) and of Marble Peak (Fig. 3). |

During the Precambrian, sediments were deposited and the
granite was emplaced. Peirce (1958) interprets the granite to have been
formed from the Pinal Schist. After formation of the granite, a period of
erosion occurred followed by a depositional period. The Scanlan Con-
glomerate, Pioneer Shale, Barnes Conglomerate, Dripping Spring quartz-
ite, and Mescal Limestone (all of the Apache Group) were conformably

3
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Figure 2. General geology of the Santa Catalina Mountains—
After Wilson, Moore, and Cooper (1969)
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Figure 3. General geology of thé Marble Peak area—After
Creasey and Theodore (1975)

Explanation
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Yo Precambrian Oracle granite
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7
deposited during this period. Only smallvpr.obably remnants of the Mes-
cal Limestone exist in the Marble Peak area (Wallace, 1954). The
Apache Group was.then cut by diabase sills and dikes, also believed to
be of Precambrian age.

Unconformably overlying the Mescal Limestone is a series of
Paleozoic sediments. The definable units are the Cambrian Bolsa Quartz-
ite and Abrigo Lime stone, the Devonian Martin Limestone, the Mississip-
pian Escabresa Limestone, and the Pennsylvanian Horquilla Limg stone.
In the Marble Peak area, these units are capped by 100-foot-thick
quartzite unit, which is part of the Naco Group (Horquilla Limestone).

It is believed that deposition stopped or that a period of erosion occut_'red
between the Cambrian and Devonién. Peirce (1958) proposes that meta-
morphism occurred during the Laramide orogeny. This metamorphism was
caused by both heating at depth and a north-south compressional force.
The Precambrian granite was mobilized and portions of the overlying sedi-
ments were recrystallized. The Leatherwood Quartz Diorite intruded the
Paleozoic sediments during Laramide time and was closely followed by
intrusion of the Catalina granite. Braun reports the age of the Leather-
wood Quartz Diorite as 26.6 + 0.9 m.y., which was determined by K-Ar
dating of a biotite crystal. Pegmatite dikes were emplaced during or
éfter the intrusion of the Catalina granite.

Dating of the faulting is difficult. Sometime after the emplace-

~ment of the Catalina granite, a major east-west fault system was pro-
duced. The Geesman fault is part of this system and forms one of the
major structures in the area, with a vertical displacement of 3,000 feet
(Peirce, 1958). |




Geology of Study Area

The mineralization in the Paleozoic rocks was possibly formed
during the Laramide metamofphism and intrusion of the igneous mater;al.
Deposited in fi'actures and disseminated in the rock, the mineralized
zones have a tabular shape which generally parallels the bedding.
Located in the upper 65 feet of the Abrigo, Martin, and Escabrosa units,
these tabular bodies range in thickness from 10 to 70 feet and have a
strike length from 100 to 1,000 feet with a dip length of 300 to 900 feet.

This study deals with one of these tabular bodies defined as the
ABC mineralized bed. The ABC zone is located mainly in the upper Abrigo
and crosses into intense alteration zones of the Martin Limestone. The
main gangue minerals are diopside, epidote, and garnet with minor
amounts of magnetite and quartz. The original upper Abrigo Limestone
was a limestone with shaley interbeds. The altered but unmineralized
upper Abrigo has undergone only p‘artial replacement, while in the min-
eralized zone tﬁere is little of the original limestone remaining. The
basal 10 feet of unmineralized Martin Limestone is a massive clear lime-
stone, which is also locally replaced. Throughout the remaining portion
of this paper, these rock units will be referred to as:

ABC mineralized zone = ABC zone
Uﬁmineralized upper Abrigo Limestone = upper Abrigo

Basal 10 feet unmineralized Martin Limestone = Martin.

Mining History

‘Previous mining in the area occurred along the cohtact between

the Leatherwood Quartz Diorite and Paleozoic sediments, where copper




9
sulfide outcrop was visible. Mining was limited to five specific proper-
ties: Leatherwood, Hartman-Homestake, Stratton, Daily, and Geesman
(Fig. 3). Production started in the early 1900's and continued intermit-
tently through 1970. Copper was the main »or'e" mined, with grades rang-
ing between 2.5 and 3.5 percent. Minor amounts of silver, gold, and
zinc were also produced. Braun (1969) reports that 92,400 tons of 3.25%
Cu was mined out of the Geesman claims from 1906 to 1946 and 20,000
tons of 2.5% Cu was mined from the Daily mine between 1937 to 1940.
The newly defined minéralization in the Paleozoic rocks was discovered
through geophysics (magnetics), detailed geologic mapping, and exten-

sive diamond drilling.



CHAPTER 3
STRUCTURE ANALYSIS

The structure analysis will be discussed in two sections: major
structures and rock fabric. Major structures are those that are continuous
and have a trace length in the same order as that of the mineralized zone.
The rock fabric are those structures that are discontinuous but have a

high frequency of occurrence.

Major.Structure

Data Collection

Most data used to evaluate the major structures were obtained
from surface and underground geology maps of Continental Copper, Inc.
(1974a, 1974b). Data were also obtained from Peirce (1958) and Braun
(1969). The major structure data were plotted and contoured on a lower
hemisphere equal-area Schmidt net.

The major structures analyzed were bedding, faults, dikes, and
folds. To determine if the structural system was continuous through the
Paleozoic sedimentary rocks, major structures were analyzed by rock

type and by location, that is, surface data versus underground data.

Faults
The Geesman fault (Fig. 3) is the major fault in the area and
strikes N. 70°W. and dips 7509 SW. Cutting neérly through the ABC zone
are a series of faults, striking generally N. 300 W. and dipping steeply.
10




11
The Schmidt contour plots of the faults are shown in Figure 4 by

rock types and location. The modal orientation of the fault sets is given

in Table 1. The surface data from the Horquilla, Escabrosa, and Martin

all show the following fault systems:

General Strike General Dip Set Name
N. 30°W. 40° NE. Bedding
N. 559 E. 45° NW. Northeast Flat
N-S 909 North-South
E-W 859 sSwW. East-West
N. 500 W, : ' 750 SW. Northeast
N. 40CE. 850 SE. Northeast

The Abrigo surface data only show the Northeast and East-West fault

sets; however, there were only eight faults observed for the Abrigo sur-

face data.

The most obvious difference between the underground data and
the surface data is in the presence of an underground system striking
northeast and dipping 359 to 55© NW. This can be explained because

the set is "flat" and not identifiable. The Escabrosa underground data

do not show the strong North-South or East-West sets that the surface

data shows. This difference is probably due to lack of underground data.
The Martin underground data suggest the existence of the East-West and
Northwest sets, but the limited number of observations prevent any con-
clusions. The Abrigo underground data show the North-South and North-

west sets and also indicate a Northeast set.
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Figure 4. Schmidt polar plots of faults
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Table 1.

Modal orientations of significant fault systems

Percentages of points making up sets are given under orfentations., Data are from Contln'ental Copper, Inc.'s (1974a, 1974b)

geology maps.

Horquilla Escabrosa Martin Abrigo
Surface Surface Underground Surface Underground Surface . Underground
_ Set Name (111 obs) (123 obs) (95 obs) (29 obs) (13 obs) (8 obs) (22 obs)
Bedding N30W 4SNE N28W 24NE NBE 38SE N30W 35NE
(6.2%) (7.3%) (9.3%) (10.4%)
Northeast Flat N52E S53INW NS6E 44NW NGOE 38NW
(14.0%) (50.0%) (56.0%)
North-South N-8 85E N-S 90 NI1OE B8SSE N-S 74w
(21.6%) (12.2%) (6.9%) (20.8%)
East-Waest NB82E B0SE N78W B1SW N8S8W B80OSW
(25.7%) (14.6%) (27.6%)
Northwest NSS5W 758W N32W 855W NS58W B58W NS6W 60SW . N4OW 66SW
(22.6%) (15.4%) (23.2%) (10,3%) (12.5%)
Northeast NSOE B58E N30E B82NW N26E 60SE NSSE 5SSE N42E 80SE
(12.4%) (25.2%) (30.2%) (10.3%) (37.5%)
Other N30W SONE
(7.0%)

el
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Bedding

The bedding strikes generally north?south to N. 150 W, and

dips between 25° to 45© E. Figure 5 shows the Schmidt contour plots of

the bedding data. The contour plot of the Horquilla (Fig. S) best dis-
plays the variation of the bedding orientation. This variability may be

due to folding; however, there is no apparent fold axis shown by the

bedding. The modal orientations are listed in Table 2.

Folds

Cdntinental Copper, Inc.'s (1974a) surface geology map shows
a major syncline in the area with a flat plunge genérally bearing 105 de-
grees. This fold approximately parallels the Geesman fault (Fig. 3).

Drag folds exist in the area. Braun (1969) shows two folds
bearing generally north and plunging 5 degrees and one fold bearing 231
degrees and plunging 35 degrees. Peirce (1958) mapped a series of drag

folds in the Bear Wallow area that bear generally 90 degrees and plunge

15 degrees.

Dikes

Dikes in the area generally follow the faults. Figure 6 shows
the Schmidt contour plot of the dikes and Table 3 lists the modal orien-
tations. The dikes appear to follow all major faults sets except the Bed-
ding and Northeast sets; however, beca;use of the limited number of ob-

servations, no definite conclusions can be reached about preferred dike

orientations.
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Figure 5. Schmidt polar plots of bedding



Table 2.
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Modal orientations of bedding

Percentages of points making up sets are given under orientations.
Data are from Continental Copper, Inc.'s (1974a, 1974b) geology maps.

Predominant
Rock Type Orientation Other Orientations
Horquilla
Surface N-S 30E NSOE 70SE N72W 54SW N78W 38NE
(108 obs) (43.5%) (3.7%) (5.6%) (5.6%)
Escabrosa
Surface N-S 10E
(107 obs) (49.5%)
Underground N40E 14SE
(14 obs) (66.7%)
Martin
Surface N30W 35NE NB8OE 70SE
(25 obs) (52.0%) (8.0%)
Underground N SW S50NE
(4 obs) (100.0%)
Abrigo
Surface N-S 35 E E-W 80S
(16 obs) (54.6%) (36.4%)
Underground N 10W 45NE |
(9 obs) (100.0%)
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contour interval=0816%)

S S
HORQUILLA ESCABROSA
SURFACE UNDE RGROUND
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Figure 6. . Schmidt polar plots of dikes



Table 3. Modal orientations of significant dike systems

Percentages of points making up sets are given under orientations. Data are from Continental Copper, Inc.'s {(1974a, 1274b)

geology maps.

Horquilla Escabrosa Martin Abrigo
Surface Surface Underground Surface Undergrbund Surface Underground'
Set Name (14 obs) (13 obs) (7 obs) (1 obs) {0 obs) (1 obs) (1 obs)
Bedding
Northeast Flat N30E S5NwW -N62E S6NW NS6E SSNW
(7.7%) (100%) (100%)
North-South N10E 90 NSW 90
(21.4%) (7.7%)
East-West NBOW 70SW E-W 75N :
(7.1%) (7.7%)
Northwest N3ISW B80SW N4OW 90 N48W 488W N70W 508w
(50.0%) (7.7%) (100%) (100%)
Northeast
Other

81
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Rock Fabric

Data Collection .

The rock fabric data was compiled from Continental Copper
Inc.'s (1974a, 1974b) surface geology map and underground geology map
and collected by detail line mapping on the 6400-foot level (Fig. 7). The
method of detail line data collection is discussed in Appendix A.

Joint Set Data

The data collected from the geology maps were segregated by
rock type and by location (surface versus underground) to evaluate struc-
tural continuity in the Paleozoic units. The contoured Schmidt plots of
the joint sets are shown in Figure 8. Table 4 lists the modal orientation
for each Schmidt plot.

The surface data from the Horquilla, Escabrosa., and Martin all
show steeply dipping joint sets with the following orientations: north-
south, east-west, northeést, and northwest. The Abrigo surface data
show only the North-South and Northeast sets. This is probably due to
the limited number of observations.

The Escabrosa undérground data reveal the Northeast and North-
west sets. The North-South set may be present but slightly rotated to
the east. The East-West set is absent. No conclusfons can be made
from the underground Martin data because of the limited number of ob-
servations. The underground Abrigo data show all of the steeply dipping

fracture sets plus a Northeast Flat fracture set dipping 45° NW,
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Table 4. Modal orientations' of significant joint sets

Percentages of points making up sets are glven under orlentations. Data are from Continental Copper; Inc.'s (1974a, 1974b)
geology maps.

Horquilla Escabrosa Martin Abrigo
Surface Surface Underground Surface Underground Surface Underground
Set Name (72 obs) (236 obs) (216 obs) (20 obs) (3 obs) (6 obs) (58 obs) -
Bedding
Northeast Flat " NSSE 30NW
v . (12.1%)
North-South N-8 8SE N-S8 90 N18E B85NW N-§ 90 N1S5E 80NW N-S§ 90 N1S5E 60NW
(29.2%) (33.1%) (6.6%) (26.7%) (33.3%) (33.3%) (18.0%)
East-West E-W 90 E-W  BON E-W 90 N70E 75SE NB5W 70SW
(20.8%) (11.6%) (13.3%) (66.7%) {5.2%)
Northwest N35W B0NE N32W 85SW N43W 75SW N40W 80SW NSSW 80SwW N4SW 755w
{12,5%) (13.1%) (28.3%) (6.7%) (66.7%) . (17.2%)
Northeast NSOE 65NW N2BE B80SE NSOE 65NW NSOE 'S8ONW NS6E B8SSE
(11.1%) (28.8%) {45.3%) (40.0%) - _ . (17.2%) '
Other

¢t
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Detail Line Data

The contoured and point Schmidt plots of the three detail lines
(Fig. 9) reveal é maximum of seven joint sets of which five are common
to all three lines. These joint sets are defined based on design consider-
ations. Within one design joint set there may be more than one geologic
joint set; however, to design for each geologic set is not realistic. The
. mean vector orientations and the characteristics of each fracture set for
each line are given in Table 5. Although each line has its own fracture-
set characteristics, the lines have been combined for the following
reasons:
1. The rock properties of the ABC zone and Martin appear to be
from the same population.
2. All structure data indicate that the upper Abrigo, Martin, and
Escabrosa formations have the same major structure orientations.
3. The difference in fracture-set characteristics for a fracture set
found in each line is not unrealistic.
4, It is not realistic at this point to suggest a design for each rock

unit because of the limited data available.

The combined Schmidt contour and point plots are shown in
Figure 9. The fracture characteristics of each joint set for the combined
lines are given in Table 6. Because the mean values for the fracture-set
characteristics (length, spacing, roughness, and dip) do not illustrate
the distribution of these characteristics, curves were fitted to the data.
The dip values best fit a normal distribution, while the length, spacing,

and roughness fit a negative exponential. The normal distribution is
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POINT PLOTS ' N

Contour Interval = 0,2,4 &8 8%

Figure 9. Schmidt polar plots of detail lines
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Table 5. Fracture set characteristics for detail lines A, B, and C

Observa~ Mean Vector R::gg' Filling (%) @ Length (feet) Spacing (feet)
Set Name tions (%) Strike Dip (mean) N CLQ C M E Fe G Mean Mode Max. Mean Mode Min,
Detail Line A
Bedding 21 NI13E 47SE 2.8 §7 19 10 14 $§ 10 ¢ O 5.7 10.0 13.0 0.9 0.4 0.1
Northeast Flat 21 N16E 3IS5NW 6.5 60 25 20 25 20 5 O O 4.2 2.0 15.0 «6 :3 <,1
East-West 24 NB8G6E 8I1SE 2.6 25 4 8 8 17 63 0 0 1.9 1.0 5.0 .6 .1 <,l
Northwest 6 N44wW 565W 2.6 80 o 0 0 o0 20 0 0 2.2 1.0 6.0 2.4 .2 .1
Northeast 9 N30E BINW 1.9 33 0 0 56 11 0 0 o© 1.1 1.0 2.5 2.7 .g .2
Detail Line B ) 8
Northeast 41 NS3E B84SE 4.8 60 5 3 28 S5 8 3 0 3.0 1.0 12,0 1.0 0.5 0.1
Northwest 26 N3I6W 795w 4.8 §2 4 12 36 4 20 0 12 4.2 1.0 11.0 ] 2 .1
Northeast Flat 9 N63E 18NW §.3 78 0 o 0 0o 11 0 11 3.7 10.0 1.0 .7 .1
Bedding 6 N11E 6OSE 4,3 62 0 o0 0 17 17 17 17 4.8 10,0 4.3 2 .2
.Bast-West 5 N73W 825w 1.4 60 0 O0 20 0 O o0 o0 2.8 5.0 o7 o2
Northeast 45 3 N25E 43NW 10,7 67 0 O 0 33 0 0 33 5.7 1.0 15.0 4,0 .2
Detafl Line C
Bedding 38 NSE 37SE 7.6 50 18 O 36 $§s 0 0 o0 3.8 1.0 12 0.7 0.2 0.1
| e e
Northeast 45 26 NI19E 46NW 7.7 60 13 0 40 O©0 O O O 2.8 .5 15 .1 .1 .1
Bast-Wesf 12 N67W 783W 4.1 71 0 O 29 0 0 o0 o0 2,1 2.0 4.5 1.5 .1
Northeast 9 NS6E 62NW 6.2 40 60 60 40 O 40 O o0 2.4 5 7.0 .S .1 .1

a. N = none; CL = chlorite; Q = quartz; C = calcite; M = mineralized; E = epldote; Fe = fron oxide; G = garnets.

YA



Table 6. Fracture set characteristics for combined detail lines

Mean Vector Rough- Filling (%)@ Length (feet) Spacing (feet)

Observa- ~™ """ ness
Set Name . tions (%) Strike Dip (mean) N CLQ C M E Fe G Mean Mode Max. Mean Mode Min.

Bedding 14 N11E 46SE 4.5 55 16 4 24 6 6 2 2 4.7 1.0 13.0 1.2 0.4 0.l
4.0
Northeast Flat 17 N2SE 3JINW 6.0 68 20 17 22 15 S5 O S5 3.6 1.0 15.0 .9 .1 <.l
Northeast ‘ 26 NSOE 83SE 4.3 64 7 2 29 3 2 0 0 2.9 1.0 15.0 1.0 .1 .1
. .2
Northwest 21 N3I8W 675W 4.0 54 2 735 4 10 0 0 2,9 1.0 1.0 1.3 .1 .1
East-West 18 NB7W 855W 2.8 36 9 4 11 13 43 2 0 2.2 1.0 12,0 1.3 Jd <1

a. N =none; CL = chlorite; Q =‘quartz; C= calclte': M = mineralized; E = epldote; Fe = lron oxide; G = garnets.

92
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defined by the mean and standard deviation, and the exponential is of the
formY = Ae"BX_ The cuxqulative exponential curves are forced through
100% at the X value equal to zero resulting in an equation of the follow-
ing form:

| Y = 100 eBX, Y
The distributions of the set characteristics for each fracture set are given
in Figures 10 through 14. Because Table 6 contains an abundance of in-
formation, only the main conclusions are discussed below.

The Bedding and Northeast Flat fracture sets have potentially
the lowest shear strength present. Both sets have minimal amount of
filling and they are the most continuous, thereby having the lowest shear
strength. The East-West set has the highest shear strength because
over 50 percent of the fractures are filled with epidote and it is the most
- discontinuous set. The Northeast and Northwest fracture sets have shear
strengths between those of the above two joint sets. These two sets are
less than 50 percent filled, with the Northeast having the closest spac-

ing of all sets.

Structural Continuity

It is apparent from this analysis that there are six major joint
sets in the Paleozoic section on Marble Peak. Certain sets are missing
for each condition, i.e., rock types, location; however, this may be
attributed to lack of data or local variations. One example of this is the
missing North-South set in the detail line data that exists in the surface
data. One case that cannot be explained without further work is the

Northeast Flat set. This set obviously exists in the underground data
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but is lacking in the surface data. Recent work by Fritts (1974a) has
shown a thrust fault system exists just above the mineralization. Be-
cause the Northeast Flat set was 6bserved in the ABC 2zone, it will be

included as part of the structural system.




CHAPTER 4
ROCK SUBSTANCE PROPERTIES

Rock substance and fracture strength properties were obtained
from uniaxial compression, triaxial compression, Brazilian disc tension,
and direct shear tests. Laboratory procedures for these methods have
been discussed by Hawkés and Mellor (1970, 1971), Handros (1959),
Donath (1966), and Coulson (1970). The rock substance properties that
were measured or calculated in the testing program included compression
strength, tensile strength, stiffness (Young's modulus), Poisson's ratio,
internal angle of friction, intact rock cohesion, rock-on-rock friction
angle, and rock-on-rock cohesion. Appendix B outlines the procedure
for calculating the rock substance values and explains the laboratory

methods used for this study.

Sample Collection

NX core specimens of the ABC zone, upper Abrigo, and Martin
were collected from seven drill holes in the area of the ABC zone. Be-
cause most of the drill core from the mineralized zone was split for as-
saying, block samples were collected from two crosscuts on the 6400~
foot level. These block samples were cored in laborétory.

Table C-1 (Appendix C) lists the specimen number, diamond
drill hole number, depth below collar, rock type, and height-to-diameter

ratio for the uniaxial compression tests. Tables C-2 and C-3 (Appendix

34
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C) list the same information for the Brazilian disc tension, triaxial com-

pression, and direct shear tests.

Uniaxial Compression Strength

A list of specimens tested, the angle between bedding and the
vertical axis of the core, failure mode, failure control, and ultimate
uniaxial compression strength for the three rock units is given in Table
7. Failure mode was divided into three categories: violent (V), indicat-
ing the specimen exploded; moderate (M), mean the specimen broke into
many pieces; and passive (P), meaning the specimen broke into two or
three pieces. Failure control is classified as (1) structufal control (SC),
with failure occurxjing on an existing plane, and (2) no structural control
(NSC).

Plots of the vertical stress versus longitudinal strain and lateral
versus longitudinal strain were recorded during the compression test.

' From these graphs, the ultimate strength, stiffness (Young's modulus)
with its stress range, and Poisson's ratio with its stress range can be
calculated (Table C-4, Appendix C). The mean standard deviation and
95% confidence interval for the uniaxial test are given in Table 8. Rock
stiffness and Poisson's ratio were selected at 50% of failure.

In calculating the mean ultimate strengths, specimen D-6 was
excluded from the Marti;l unit because of its anomalous value (greater
than 2 times the standard deviation). Specimen D-6 could be included in
the mean calculation} if strengths of the core that was. already broken in
the core box could be included. Its exclusion results in a more realistic

estimate of the mean. Due to testing error, rock stiffness was not
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Table 7. Bedding angle, failure mode, failure control, and ultimate
strength for uniaxial compression test

Specimen Angle of Bedding Failure Failure Ultimate Uniaxial

No. to Core Mode@ ControlP Strength (psi)
ABC Zone
A-1 none present \'4 NSC 28,000
B-2 420 \'4 SC 20,500
B-3 15 \'4 SC 33,500
B-4 55 \' sC 17,300
B-5 35 \'4 sC 33,100
B-6 25 \' SC 20,400
Unmineralized Upper Abrigo Unit
C-1 70 M sC 15,000
C-2 65 M sC 16,100
C-3 25 M sC 24,500
C-4 55 M sC 15,000
C-5 60 M sC 13,000 -
C-6 50 M SC 14,500
Unmineraliged Martin Unit
D-1 65 M SC 10,500
D-2 " 60 M NSC 13,500
D-3 60 \' sC 26,600
D-4 60 M SC 16,700
D-5 30 M sC 20,500
D-6 55 v NSC 39,000

a. V =violent; M = moderate; P = passive.

b. SC = structural control; NSC = no structural control.




" Table 8. Mean, standard deviation, and 95% confidence interval for ultimate strength, stiffness, and
Poisson's ratio .

X = mean; SD = standard deviation: CI = confidence interval.

Ultimate Strength (psi) Stiffness (psi) Poisson's Ratio

Rock Unit X SD 95% CI X SD 95% CI X SD 95% CI

ABC Zone 25,500 7,000 +7,400 14,0x10% 3.0x106 +3.,2x106 0.27 0.17 +0.18

Upper
Abrigo 16,400 4,100 +4,300 10.6 2.9 +3.6 26 .12+ .31
Martin 17,600 6,300 +7,800 11.0 6.2 +6.4 .28 .13+ .17

LE
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calculated for specimen C-2 and Poisson's ratio was not calculated for
specimens C-i, C-2, and C-6. |

Thé ABC mineralized zone is the strongest and stiffest unit
tested. The Martin is slightly stronger thén the upper Abrigo. This dif-
ference occurs because the Martin is a massive limestone while the

upper Abrigo is a limestone containing shaley interbeds.

Tensile Strength

Tensile failure during a Brazilian disk tension test is caused by
an applied compressive stress that induces a tensile stress. This mode
of tensile failure is probably the same as the mode of underground ten-
sile failures. Work by Hardy and Jayaraman (1970) indicates that the
"true" tensile strength is 0.6 to 0.93 of the Brazilian tensile strength. -
Vouille (1964) found the "true" tensile strength to be 0.5 of the Brazil-
ian tensile strength. However, because the disk tension test simulates
the most probable mode of tensile failure, the Brazilian disk tensile
strength will be used as the rock-substance tensile strength.

Tables 9 and 10 give the results for the Brazilian tests for the
three units. Generally, tensile strength is 0.10 to 0.20 of the uniaxial
compressive strength, and tensile strengths of the ABC zone, the upper
Abrigo and the Martin fall within this range. No relationship between

tensile strengths and failure control is shown. ‘

Statistical Analysis of Population Similarity

To determine if the rock types are similar, a statistical analysis
was made. Thg two statistical tests used to evaluate sample similarity

were the Student's t test, which compares population means, and the




Table 9. Angle of loading to bedding, angle of loading to major frac-

tures, failure control, and tensile strength for Brazilian disk

tension test

Specimen Angle, Loading Angle, Loading to Pailufe Disk Tension

39

No. to Bedding Major Fractures Control2 Strength, psi -
ABC Zone
M-1 90° NSC 2,640
M-2 0 sC 710
M-3 0 NSC 480
M-4 0° 0 NSC 2,200
M-5 90 0 sC 1,720
M-6 90 sC 1,150
M-7 0 0 NSC 2,060
M-8 0 SC 780
M-9 90 0 NSC 1,440
M-10 0 SC 760
Unmineralized Upper Abrigo
N-1 0 SC 410
N-2 90 0 SC 1,060
N-3 45 90 sC 550
N-4 0 SC 1,810
N-5 90 90 NSC 1,360
N-6 0 a0 sC 1,110
N-7 30 0 sC 660
N-8 90 NSC 2,280
N-9 0 SC 2,460
N-10 0 SC 2,030
Unmineralized Martin
O-~-1 0 NSC 1,040
0o-2 90 NSC 1,430
0-3 90 SC 1,900
0-4 0 sC 2,290
0-5 0 NSC . 2,140
0O-6 90 NSC 2,090

a. SC = structural control; NSC = no structural control..
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Table 10. Mean, standard deviation, and 95% confidence interval for
Brazilian disk tension strength

Rock Unit n X s 95% Confidence Interval
ABC Zone 10 1,390 psi 740 + 530 psi

Upper Abrigo 10 1,370 740 + 530

Martin 6 1,820 480 + 510

F test, which compares the shape of the sample distribution curves. In a
strict statistical analysis two rock units can be considered from the same
population if all t and F tests are passed. Table 11 shows the results of
the t and F tests.

Within the 95% confidence level, it can be inferred that the
ABC zone énd upper Abrigo and the upper Abrigo and Martin are from the
same populatiori of rock properties. The ABC zone and Martin could also

be inferred to be from the same population except their tensile strengths
do not pass the t test. Cochran et al. (1954, p. 19) states "the step
from sampled population to target population is based on subject-matter
knowledge and skill, general information and intuition but not on statis-
tical methodology." Therefore, based on engineering judgment and sub-
ject matter knowledge, the combined physical properties of all three
units will be used in the design analysis. The revasons for combining
these units are:
| 1. Only one test failed and it was by a small margin.

2. The separation of the ABC zone and the upper Abrigo in the

design is not reasonable at this time.



Table 11.

Statistical analysis to evaluate population similarities of rock units

The first number 1s the calculated t or F value; the second number is table t or F value.

ABC Zone + Upper Abrigo

ABC Zone + Martin

Upper Abrigo + Martin

Property
t test F test t test F test t test - F test
Compressive
Strength Pass Pass Pass Pass Pass Pass
' (0.06-2.23) (1.00-7.15) (1.95-2.36) (1.25-9.36) (0.39-2.36) (2.32-9.36)
Stiffness Pass Pass Pass Pass Pass Pass

Polsson's Ratio

Tensile
Strength

(1.90-2.26)
. Pass
(0.09-2.36)

Pass
(1.68-2.10)

(1.07-7.39)

Pass

Pass
(0.89-4.03)

(1.05-2,26)

Pass.’
(0.11-2.26)

Fail
(3.04-2.14)

(0.23-7.39)

Pass
(1.71-7.39)

Pass
(2.13-4,48)

(0.13-2.31)
Pass
(0.22-2.45)

Pass
(1.32-2.14)

(0.22-9.60)

Pass

(0.85-39.2)

Pass
(2.38-4.48)

184
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The rock properties for the combined ABC zone, upper Abrigo, and Martin

rock units are listed in Table 12.

Table 12. Mean and standard deviation of combined rock properties

Compressive Poisson's Tensile
Strength Stiffness Ratio Strength

Mean 19,920  10.84 x 106 psi 0.27 1,480 psi

Standard Deviation 6,970 4.57 0.12 690

Intact Rock Shear Strength

Table 13 lists the specimen numbers, angle between bedding
and vertical axis of core, failure control, confining stress, and failure
stress. Only specimens in the ABC zone and upper Abrigo were tested
triaxially. Specimens were not tested beyond a confining stress of 2,000
psi because of limitations in the testing equipment.

Assuming a Mohr-Coulomb failure envelope, the accepted
method of calculating the internal angle of friction and the cohesion is
to construct a Mohr circle for each test and to connect the common tan-
gents of these circles. Because the rock is such a variable material, the
Mohr circles are difficult to connect (Fig. 15). An alternate method of
calculating the internal friction angle is plotting the failure stress
'against confining stress and calculating the best fit straight line for the
points (Fig. 16). The internal angle of friction (¢) and cohesion (c) are

then found by using the slope of the line m in the following formulas
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Table 13. Angle of bedding to vertical axis of core, failure control,
confining stress, and failure stress for triaxial compression

test
Specimen Bedding Failure Confining Failure
No. Angle Control . Stress Stress
. ABC Zone
A-2 NSC 500 psi 29,100 psi
T-3 400 sC _ 500 30,600
T-2 40 SC 1,000 21,000
T-4 40 NSC 1,000 34,000
B-7 25 NSC 1,000 37,600
T-1 40 SC 1,500 38,600
B-2 42 sC 1,500 31,000
T-5 25 sC 2,000 40,600
Upper Abrigo
c-7 55 SC 2,000 13,000
Cc-8 65 SC 1,000 31,000
Cc-9 35 sC 2,000 15,800
C-10 35 SC 500 - 21,500
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(Obert and Duvall, 1967):

ﬂ = tan"l m-=-1 (2)
2vm
Sc = unigxiza\llTifmpression ' '(3)

The mean and 95% confidence interval for the internal angle of

friction and cohesion of the ABC zone and upper Abrigo is given in Table

14, Two results have been reported for the upper Abrigo because samples

C-7 and C-9, which failed along major structures, probably had little to
no cohesion. If this assumption'is correct, the friction angle for these
cohesionless samples is within the range of the friction angle of the re-
maining upper Abrigo samples.

In the previous section it was concluded that the three rock
units could be considered as oné for this initial design. Combining all

samples except C-~7 and C-9, the internal angle of friction is 55.6° and

the mean cohesion is 3,090 psi (Fig. 17, Table 14).

Rock-on-Rock Shear Sfrength

The results of a direct shear test from a rock-on-rock cut frac-
ture represents the shear strength of an unfilled planar fracture. This
shear strength is used to calculate the rock-on-rock friction angle and

rock-onrock cohesion. Two specimens from the ABC zone were tested.

The normal stress versus shear stress curves for the specimens are shown

in Figure 18. These curves indicate that the shear strength is not linear
above 225 psi. The power curve proposed by Jaeger (1971) may be a bet-

ter representation of the shear strength curve (Fig. 18); however, the
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Table 14. Internal friction angle and intact rock cohesion

Internal Friction Angle

Intact Rock Cohesion

95% Confidence Limit

95% Confidence Limit

Rock Unit n Mean Upper Lower Mean Upper Lower
ABC Zone 13 47.50 57.7° 7.79 4,960 psi 11,100 psi 3,690 psi
Upper Abrigo 18 7 60.11 67.1 50.9 2,170 5,130 1,390
Upper Abrigo 2b 2 49.1 - - 0 - -
Martin € 5 - - - - - -
Combined ABC

Zone, Upper
Abrigo 1, and
Martin 25 55.6 60.8 45.9 3,090 4,040 2,590

a. Samples C-8 and C-10.
b. Samples C-7 and C-9, which failed along major structures.
c. Martin tested at zero confining stress only.

8¥
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design analysis is not presently equipped to handle this.relationship.
The mean and 95% confidence interval of the rock-on-rock friction angle
and cohesion are given in Table 15 for each specimen. Combining the
two specimens, the average rock-dn-r‘ock friction angle is 28 degrees

and the average rock-on-rock cohesion is 4,0 psi (Table 15).



Table 15. Rock-on-rock friction anglé and cohesion for. ABC zone

Rock-on-Rock Friction Angle

Rock-on-Rock Cohesion

: n 95% Confidence Limit 95% Confidence Limit
Specimen (normal
No. loads) Mean Upper Lower Mean Upper Lower
1 4 27.7° 30.9° 24 ,4° 2.7psi 12.3 psi -7.0 psi
2 4 28.3 30.3 26.2 5.2 11.4 -1.1
Combined 28.0 29.8 26.1 4.0 9.5 -1.6

1%



CHAPTER 5
ROCK MASS PROPERTIES

Having tested the rock substance and calculated the character-
istics of the structural features it is necessary to integrate the two and
~ describe the rock mass properties. The exact method of integrating the
rock substance strength with the fracture strengths is not well defined.
One approach is to classify the rock according to its strength and struc-
tural properties. Another approach is to model the rock mass and deter-
mine the amount of intact rock and the amount of fractured rock. The
main problem with the classification approach is that most design
analyses require specific strength properties. Classification does how-
ever provide a means of qualitatively describing the rock mass. The
model method does provide a specific rock mass strength(s) but no

single model includes all variables.

Classification of Rock Mass

Many methods of classification are available. For this study
Deere's (1968) (Table 16) and Coates' (1970) (Table 17) classifications
are used. Using Deere's classification the rock mass at Marble Peak
is described as follows:.
ABC Zone: A high to very high strength, a medium to high
modulus ratio (Fig. 19), and a close joint spacing.
Upper Abrigo: A medium to high strength, a high modulus ratio
(Fig. 19), and a close joint spacing.

52
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Table 16. Engineering classification of rocks, after Deere (1968)

I, Strength Classification

Uniaxial Compressive

Description Strength (psi)
very high strength 32,000

high strength 16,000—32,000
medium strength 8,000—16,000
low strength 4,000-—8,000
very low strength - < 4,000

II. Modulus Ratio (E/G'VH) Classification

Description Modulus Ratio
high modulus ratio , 500

average modulus ratio 200—-500
low modulus ratio 200

III. Joint Spacing Classification

Description Joint Spacing
very close < .2 in.

close 2 in.—1 ft
moderately close 1ft —3 £t
wide . 3 ft —10 ft
very wide >10 ft

IV. Rock Quality Designation (RQD)

Description ROD (%
very poor . 0—25
poor 25—50
fair 50—75
good 75—90

excellent 90—100
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Table 17. Engineering classification of rocks, after Coates (1970)

I. Rock Strength Classification

Description

very strong

strong
weak
very weak

II. Rock Deformation Classification

Description

elastic

yielding

III. Continuity of Formation

Description

massive
layered

IV. TFracture Spacing

Description

blocky
broken

very broken

\

Uniaxial Compressive
“Strength (psi)

=25,000
10,000—25,000
5,000—10,000

< §,000

% Strain

~<25% total strain :
irrevocable

>25% total strain
irrevocable

Layer Spacing A

=6 ft

<6 ft
Block Size
1ft —6ft
3 in.-—1 ft

<3 in.
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Martin: A medium to very high strength, a medium to high

‘modulus ratio (Fig. 19), and a close joint spacing.

In addition, Deere proposed a rock quality designation (RQD),
which is a modified core recovery. The RQD is calculated by summing
the core lengths greater than twice the diameter (4 in. for the Control
Property) and dividing by the total length of core inspected. A list of
diamond drill holes, rock types, footage interval below the collar, and

RQD is reported in Table 18. Based on a weighted average, the results

are.

Rock Type _ % ROD
Martin 70
Upper Abrigo 70

Using Coates’ classification the fock mass at Marble Peak
wouid be described as follows:
ABC Zone: A strong to very strong, elastic, layered, and
broken to very broken rock.
Upper Abrigo: A strong, elastic, layered, and broken to very
broken rock.
Martin: A strong to very strong ' elastic, layered, and

broken to very broken rock.

Although both classifications express the rock mass qualitative-
ly, neither can presently be used in a design calculation. As additional
information is obtained about pillar stability and roof support, it will be

possible to develop a design classification for the mine.



Table 18. Rock quality designation for six drill holes in ABC zone

Diamond Drill

57

Hole No. Rock Formation Footage Interval RQD %

6 Martin 756—776 79
Upper Abrigo 776—790 88

37 Martin 286—300 60
Upper Abrigo 372—379 31

45 Upper Abrigo 674—689 82
Upper Abrigo 700—705 93

69 Martin 514—523 50
Upper Abrigo 523—-539 81

Upper Abrigo 617—623 81

70 Upper Abrigo 502—509 40
Upper Abrigo 547-—553 100

Upper Abrigo 553—568 46

72 Martin 237—240 100
Upper Abrigo 245—258 59

Upper Abrigo 336—341 60

Failure Modes

Estimate of Rock Mass Strength

The rock mass strength is not only dependent on the rock sub-~

stance and fracture strength but also the orientation, length, and spacing

of fractures. Studies by Donath (1961) and John (1969) indicate that a

continuous structure oriented approximately 30 degrees from the direction

of loading causes the greatest weakening of the rock mass, while struc-

tures normal or parallel to loading have little effect on rock strength

(Fig. 20). Assuming the load on the pillar to be normal to the dip of

bedding, all ’but the Bedding fracture set have an orientation that will



3000 — [ |x]— 3~—s00 asrs

/’ /e
g P3'- "’P3 / ér-.__los BARS
< \ — - / 7 '
a \ /0
3]
: 1
|

/%’ // ~~———30 BARS

0O 15 30 45 60 75 90
INCLINATION OF ANISOTROPY , (DEGREES)
(DONATH, 1961)

CONFINING PRESSURE

20 40 60 80 100
% ROCK SUBSTANCE STRENGTH
(JOHN, 1969)

Figure 20. Rock strength versus structure orientation

g i o pl
=z 100 15 P. = KP
o 30° 3 ——
= cm2
“ 80 o —
TR 45 <
O
2 Py

60 3
= )
: o ~ |
© . 40 Q- ’ ’
g . 75°

20 Py
s .

58



59

reduce the pillar rock strength. If the fracture lengths do not cut com-
pletely through the pillar, the rock mass strength will also be determined

by the percentage of intact rock along the plane. The structure analysis

resulted in distributions of fracture lengths (Figs. 10 through 14). The

probability of a fracture's length being greater than 10 feet and greater

than 20 feet for the predominant joint sets is:

. " Probability Probability
Set : - Length=>10 ft Length>20 ft
Bedding 10.2% 2.6%
Northeast Flat 9.4 .9
East-West | 1.6 .0
Northeast 4.5 .2
Northwést 4.8 .2

This analysis indicates that the chance of failure on a continuous joint
is low for pillar widths greater than 20 feet. Faults have higher proba-
bilities for lengths greater than 20 than do joints, but faults occur less
frequently than joints. Although a single joint may significantly reduce
the rock mass strength for pillar widths less than 20 feet, a combination
of joints can provide a more continuous failure path. The two most prob-
able geométries formed from a combination of joints are the wedge and
the step path.

| Table 19 lists the bearing, plunge, and dihedral angle for the
possible wedges formed by the intersection of the predominant fracture
sets. The size of these wedges depend on the distribution of fracture

lengths; Sincel the probability of fracture lengths greater than 20 feet is
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Table 19. Bearing, plunge, and dihedral angle of poteritial wedges

Joint Sets "~ Bearing Plunge Dihedral Angle

_Bedding & East-West 900 350 909
Bedding & Northeast ‘ 53 - 29 116

- Bedding & Northwest 142 23 69
‘Bedding & Northeast Flat 35 22 106
North-South & Northeast 180 83 130
North-South & Northwest - 180 83 40
North-South.& Northeast Flat 0 44 | 64

. East-West & Northeast Flat 270 34 51
Northeast & East-West . 90 82 140
Nc;rthwest & East-West 270 83 130
Northwest & Northeast Flat 314 S0 89

less than 1 percent, the wedge will have no more effect on the rock
strength than the single fracture. Four of the joint sets have steep dips
resulting in steep plunges. Thgsé wedges will slide out if the friction
angle is the only resistance. Because the lengths are discontinuous,
" "small" to "medium" Size wedges can be expected to slide out and re-
duce the rock mass strength of the pillar.

| The combination of joints thaf is likely to result in the lowest
percentage of intact rock is the step path (Fig. 21). The step path is
defined by a steep (459 to 90°) joint set and a flat (20° to 60°) joint set

that have approximately the same strike. The angle of the step path
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(beta angle) and the extent of a continuous step path depend on the dis-
tribution of fracture dip, length, and spacing. This combination of joints
will result with the lowest percentage of intact rock and will therefore be

discussed in more detail.

Step Path Model

A step path computer model was developed by Call and Nicholas
(1974) for slope design. The model determines the path of lowest shear
strength by randomly sampling the distributions of fracture lengths,
spacings, and dips. When the fracture length is short relative to frac-
ture spacing, rock bridges form (Fig. 21). For the‘open-pit slope analy-
sis, it is presumed that a rock bridge under shear stress will probably
not fail but that a bridge under tensile stress will fail because the ten~
sile strength of the rock substance is lower than the shear strength.
Moreover, if the pillar core is under a triaxial stress field (Wilson,
1972) the tensile and shear rock bridges may have similar strengths.
Therefore, the chance of failure is equal for both types of rock bridges.
Because the design analyses are based on shear failure, it will be as-
sume that both rock bridges will fail in shear.
The assumptions upon which the minimum resistance step path
computer program is based are:
1. At least two fracture sets exist that characterize a step geom-
etry. The sets have similar strikes with one set having a flatter
dip (200 to 600) with the steeper set dipping 450 to 900,
2. TFracture set characteristics—dip, length, and spacing—can

each be described by mathematical distributions.
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3. The overlap of fractures is represented by a uniform distribu-

tion.

4, .The two-dimensional analysis represents the three-dimensional

picture.

5. Under a tensile stress, a preexisting fracture will propagate up
to the first fracture it intersects but not beyond.

6. The flattest path will be followed; that is, the step path will
follow up a flat joint to the steep joint farthest out (Fig. 21).
The path will then travel out the step joint until it meets an-

other flat joint moves up that joint (Fig. 21).

The input data required to generate the model are:
1. Distribution of fracture length, spacing, and dip for each joint

set,
2. Height of pit face or pillar.
3. Number of iterations.

4, A series of random numbei's .

Output comprises the beta angle and the sum total of rock
bridges that would have to fail by shear sfresses . With these data plus

the height of the pillar the percentage of intact rock is estimated.

'Results of Step Path Analysis

The Marble Peak area has two possible step paths: (1) the
Northeast and Northeast Flat fracture sets and (2) the North-South and
Bedding fracture sets. Because the North-South set was missing in the

detail lines mapped, length and spacing distributions do not exist for
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this set. Therefore, the step path model was run on only the Northeast
and Northeast Flat joint systems. To determine % intact rock for a given
pillar height, the model was run at pillar heights ranging from 5 to S0
feet. Because there is no unique step path, 100 iterations were made
for each pillar height. This resulted in the distribution of beta angles
and % intact rock shown in Figure 22. Figure 23 shows the median and

20% and 80% cumulative frequency limits for beta angles and % intact
rock. . o
The distribution of beta angles ranges between lognormal and
normal (Fig. 22c). The median beta angles range between 50.6 and 54.7
degrees and appear to increase with pillar height up to a pillar height of
15 feet where they become relatively constant (Fig. 23b).

The % intact rock distribution ranges between lognormal and
negative exponential of the cumulative frequency (Fig. 22b). The median
values range between 13.3 and 23.3 percent showing a general increase
in % intact rock with increased pillar height up to 20 feet and then be-

coming relatively constant (Fig. 23a). The average of the median % in-

tact rock is 20 percent with a standard deviation of 4 percent.

Strength Calculation

Given the results in the above section, an estimate can be
made of the rock mass strength. The value of the rock mass friction
angle can be estimated by proportioning the intact rock friction angle

and the friction angle of fracture. The following equation demonstrates

how this is done:

,

RxMg = (%IRx/100)(IRxg) + (%Frx/100)(Fg) = 37° 4)
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RxMd = rock mass friction angle

%IRx = percent intact rock = 20%

IRx# = intact rock friction angle (internal angle of friction)
= 55.6°

%FRx = percent of fractured rock = 80%

Fg = friction angle of fracture = 320,

- The friction angle of the fracture comprises the rock-on-rock friction

angle (28°) and the rou'ghness angle (4°) measured in the structural

mapping.

The rock mass cohesion is calculated by a similar equation:

RxMC = (%IRx/100)(IRXC) + (%FRx/100)(RRXC) = 620 psi (5)
RxMC = rock mass cohesion

%IRx = percent intact rock = 20%

IRxC = intact rock cohesion = 3,090 psi

RFRx = percent fractured rock = 80%

RRxC = rock-on-rock cohesion = 4 psi.

These results are only estimates and are based on median values for the

Marble Peak area. Therefore the design should account for variability

of the rock mass strength.



'CHAPTER 6
'ESTIMATION OF IN SITU STRESS FIELD

The pre-~mine stress, or in situ stress, is composed of stresses
due to gravity and tectonic forces. Voight (1967) proposed that the in
situ stress can be cla'ssed according to the following segments:

1., Gravitational

a. Current

2. Tectonic

a. Current

b. Residual.

The current gravitational stress i; the stress due to the weight of the
overburden. Coates and Grant (1966) reported measurements showing
that fhe vertical stress is greater than that predicted by the overburden.
This suggests that a residual gravitational stress segment should be
added to the gravitational portion of Voight's classification.

If the gravitational stress is consideréd the only driving force,
assuming a zero lateral strain, the horizontal stress o'}y predicted by
elasticity is:

¥ — Gouvb (6)

SH = 1l -v

where v = Poisson's ratio

Oovb = density x overburden thickness.
Because Poisson's ratio generally ranges between 0.15 and 0.25, the
horizontal stress should range between 1/3 to 1/2 the vertical stress.
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Heim (1878) proposed that the in situ stress field becomes hydrdstatic
due to creep, that is, 6goyp = 6 1§ = density x height of oberburden. It
is argued that as sediments are deposited the stress field is hydrostatic
and therefore should remain that way. Also, since an intrusion is pre-
dominantly liquid as it is formed, hydrostatic stresses are developed.

| Contradictory to the hydrostatic concept, measurements have
shown the horizontal stress is genérally greater than the vertical stress
(f'ig. 24). The difference between the predicted horizontal stress by the
above methods and those méasured can be explained by tectonic stresses.
Current tectonic stresses are difficult to measure. Seismic activity is an
indication that a current tectonic st;'ess exists, but it is not necessary
(Voight, 1967). Structure orientation is also thought to relate the current
tectonic stresses but Bielenstein and Eisbacher (1969) showed this was
not always the case. The residual tectonic stresses are defined by
Voight (1967, p. 332) as "self-equilibrating stress components that re-
main in a structure if external forces and moments are removed." The
existence of residual stresses is best exemplified by the exfoliation of

the Half Dome in Yosemite Park, California.

Methods for Measuring Stress

In order to design a mine it is necessary to know or else to be
able to reasonably estimate the in éitu stress ﬁeldl, that is, the loading
condition anticipated. The best available technique for measuring the in
situ stress is one of the overcoring stress relief methods. This tech-
nique involves drilling three holes at least two times the drift width and

then overcoring these holes, that is, releasing the stress while
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monitoring the strain. The overcoring stress relief method requires so-
phisticated equipment and is expensive.

A similar method is to overcore an isolated block of rock and
measure the residual strains that are translated into residual stresses.
The concept of residual stresses is not new but its acceptance is not
universal. To determine the in .situ stress fields Voight (1967) proposed
that these residual stresses can be added to the stresses predicted by
gravity. However, if there is a current tectonic stress present it will
not be inclﬁded. The residual stress method does have the advantage
of low cost and is relatively easy to perform.

Because the geologic structure is the result of all the stress
fields that have acted on the rock, it is reasonable to assume that the.
stress fleld could be estimated from the geologic structure. J. F. Abel
(oral commun., 1974b) has developed a flow chart to estimate the orienta-
tion and magnitude of the stress field given the rock type and basic
structural data. He developed this flow chart By combining the theories
of fracture propagation and the results of in situ stress measurements
and their correlation with the geology (rock type and structural features).
As Abel admits, this method is only an estimate, but for lack of any

other data, "It's the best we got."

Residual Strégs Relief Analysis

Assumptions
The stress relief technique entails overcoring a strain gage and
measuring the cha’nge in strain. The strain measurements made after cor-

ing are the results of instantaneous strain recovery and time-dependent



72

strain recovery. However, all the strain is not recovered as long as the

core is intact.

Because the magnitude and orientation of stresses are calculated

from the strain measurements, critical assumptions must be made. These

assumption are (Gentry, 1972, p. 22):

1.

2‘

Probably all rocks exhibit non-elastic (time-dependent)
strain. '

The total measured elastic and non-elastic strains are
proportional to the total strain which existed in the rock
prior to stress relief as long as the rock can be con-
sidered rheologically isotropic.

The values of the Modulus of Elasticity and Poisson's
ratio determined by laboratory methods are identical to
the in situ values.

Strain and stress ellipses calculated from the measured
‘released' strains are oriented and of proportional mag-
nitudes to the stress field which existed in the rock
prior to stress-relief overcoring. This also assumes the
rock is rheologically isotropic.

Sample Collection and Testing Procedure

An oriented block of approximately 0.7 ft3 volume was collected

from the ABC zone on the 6400-foot elevation (Fig. 7). Three planes on

the rock were monitored with 45-degree strain rosettes. The orientation

of the planes monitored were:

Strike Dip Set
N. 2°E. 42° SE Bedding
N. 28° w. 62° SW Northwest

N. 620 wW. 850 SW East-West (Northwest)
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The testing procedure used was similar to that used by Gentry |
(1972). .A detailed explanation of this procedure is given in Appendix D,
but a brief explanation ﬁere is necessary for a better understanding of
the results. Forty-five-degree strain gage rosettes were glued to the
rock on each of the three planes. The strain gages were read until the
strain values stabilized and were then overcored but not broken free from
the rock. The gage and core on the bedding plane broke free from the
- block because of a fracture. Again strain measurements were made until
the strains stabilized. Finally, all cores were broken free from the
block and strain me'asurernents were made until stabilization occurred.
While breaking the core from the block the northwest plane was de-

stroyed.

Test. Results

Figure 25 (in pocket) shows the strain versus time graph for .
each of the planes monitored. The N. 20E. and N. 28°9W, gages sta-
bilized within 800 hours; however, the N, 620 W, plane took 1100 hours.
The period of time that was used to calculate the average strain values
before coring, after coring, and after core release are shown in Figure
25. The average strains corrected for temperature for these periods are
listed in Table 20.

Given the strains in three directions, Young's modulus, and
Poisson's ratio, the stress magnitude and orientation can be calculated
for the plane in which the strains were measured. Because these stresses
are calculated from strains on a single plane, they are called the secon-

dary principal stresses. The standard equations used to calculate the



Table 20. Summary of residual stress relief analysis

Secondary Principal Stress
Orlentation (degrees)

Plane Average Strain Readings Sécondary Principal
Monitored (temperature cotrected) Stresses (psi) Max Min

-_— Stabtlization

Strike Dip Perlod €] €2 €3 Max Min Max Shear Bearing Plunge Bearing Plunge

N 2E 428E Before coring -81.36 29,33 -210.90 -401 -4483 2040 N 8w 9 N82E 42
After coring 13.83 135.80 -117.20 1303 -3031 2167 N 8w 9 NB2E 42
After core 4 .

released -43.20 102.07 -179.04 584 -4298 2441 N 6W 7 NB84w 42
N28WwW 628W Before coring -50,53 -69.59 -100.10 -981 -1530 278 N67W 50 S24w 56

After coring -56.53 -5,45 37.85 360 -673 517 8 l.GW 51 N76W 54

N62W 858W Before coring 59.21 -5.29 -419.90 224 -6234 3229 S 2w 84 NBBW 79
After coring =~ 300,33 -2.81 -256.05 3417 -2677 3047 S86wW 81 S 4E 84

After core
release 285.71 -100.02 -400.44 2813 -4730 3771 LR YA 80 S 3E 84

Vi
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stresses from the strains are taken from Hetenyi (1954) and are listed in
Table 21. The maximum, minimum, and maximum shear secondary prin-
cipal residual stresses are listed in Table 20 for each plane monitored
and for each period of strain stabilization. By definition, a positive
value. means compression and a negative value means tension.

Because mining will generally follow the plane of bedding, the
orientation and magnitude of the stress in this plane is critical to the
design. The maximum residual stress in the bedding plane is approxi-
mately parallel to the strike of bedding, and the minimum stress is ap-
proximally down the dip of bedding (Table 20). This orientation does not
change throughout the three stages of monitoring. The maximum residual
stress has a magnitude of 580 psi and the minimum stress has a magni-
tude of -4300 psi. Using Voight's (1967) concept, the current gravita-
tional and tectonic stresses should be added to the residual stress to
obtain the complete in situ stress field. It is beyond the scope of this
study to determine the current tectonic stresses, and they are therefore
assumed to be zero. Based on a depth of 620 feet and a Poisson's ratio
of 0.26, the vertical and horizontal stresses due to gravity are 680 psi
and 250 psi, respectively. This stress ellipsoid, due to gravity, results
in a stress vector in the dip direction of 310 psi. Adding the gravity
stress to the residual stress results in a stress parallel to the strike of
bedding of 830 psi and the stress in the downdip direction of -3990 psi.
This dip direction tensile stress indicates the potential of rock burst;
however, the stress magnitudes are questionable. Gentry, (1972, p. x)
made this conclusion about the residual stress magnitude a\fter running

seven specimens: "Indications are that more confidence can be placed
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Table 21. Standard equations for principal stress and strain calculations
for a three-gage 45-degree rosette--After Hetenyi (1954)

€2

5
€1 450 450 e3

€ = strain fneasurement of a gage
E = Young's modulus
v.= Poisson's ratio
A= 1/2(e1 +€3) |
Bi= 1/2(2(e = €9)2 + 2(ep - €3)2)1/2
§ or
D (el B2 + (e - L/
tan 2d = (2e9 - €1 ~€3)/(e1-€3) or (g -A)/(e] - A)

€max = A +B

Emin = A-B
A' = AE/(1 -V)
B' = BE/(1 + v)

Omax = A" +B'
Omin = A'-B'

Tmax = B'
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in residual stress orientations than in magnitude." Therefore, before any
conclusion about rock burst is made, additional residual stress relief
testing is required.

The three-dimensional residual stresses are calculated using a

computer program written by the U.S. Geological Survey. The program

| calculatesthe three principal residual stresses utilizing the change in
strains of all planes monitored, Young's modulus, and Poisson's ratio.
'~ The program requires the three plahes monitored to be orthogonal. Be-
cause the three planes monitored for this study were not orthogonal,
they were rotated on paper to fulfill this orthogonal requirement.

The results of the three-dimensional stress analysis are given
in Table 22. As was fouﬁd by Gentry (1972), the orientation of the stress
field does not change radically through the testing program but the magni-

tudes do. Adding the stresses'due to gravity the in situ stress field is

Stress Bearing Plunge Magnitude
Maximum S.670W,. 159 1590 psi
Intermediate S. 240E,. 1 300
Minimum N. 69°E. 76 -4750

The validity of these results is questionable for the following
reasons: |
1. Tfle planes in which strain measurements were made were not
orthogonal.
2. The gage on the N. 28°W, plane was destroyed before the core

release strain measurements could be made.



Table 22, Results of three-dimensional residual stress analysis

Maximum Stress Intermediate Stress Minimum Stress

Test

Period Bearing Plunge Magnitude Bearing Plunge Magnitude Bearing Plunge Magnitude
Before

Coring S.55°w., 90 128 psi S.360w, 8©° -2797 psi N.14°E, 790 -6213 psi
After .

Coring S.60°W. 12 1508 N.300wW, 4 977 N. 86°E, 79 -3372
Release

from

Block S.67°W, 15 1335 S. 249E, 1 49 N. 69°9E, 76 - 5435

84
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3. The rock is not isot.ropic but contains alternating beds of diop-
side, epidote, and garnets.
If this test were run again, two changes would be made. First, the block
would be collected from the Martin near the Abrigo contact because the
Martin is more isotropic than the upper Abrigo. Second, the block would

be cut with one plane parallel to bedding and the other two orthogonal to

" the bedding plane.

Estimate of Stress Field Based on Geology
Anderson (1951) has discussed the sﬁ'ess field necessary fo
create a fault based on the Coulomb and Mohr theories. Anderson as-
| sumes one of the principal stresses is vertical at "moderate" depths be-

cause the earth's surface is free to move. Therefore, four stress fields

are possible.

Relative Stress Field Resultant Faults

oy = Oy = O'HZ none

Oy =  Hy and b'Hz . normal

U'Hl 20y 2oy 2 strike~slip or reverse
THy = °H, = oy thrust

where 6y = overburden stress and OHj and OHjp = horizontal stresses.
These faults are the results of a build-up of stresses; however, after the
faulting has occurred the build-up of stresses has been dissipated and the

stress orientations have been shifted. Because the faults occur due to the
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stress field, it appears logical that the new stress field can be related
to the resultant faults. Abel(1974a)has proposed a guide to estimate the
in situ stress field based on the following parameters:

1. Rock type (igneous, metamorphic, or sedimentary).
2. Structural history (most recent or major fault and fault type') .

3. Orientation of structures (faults, joints, foliation, bedding).

4, Joint spacing.

5. Bed thickness.

6. Elastic propertiés (Young's modulus and Poisson's ratio).
The guidé used to estimate the in situ stress field is given in Appendix
E. Abel developed this flow chart by correlating the above parameters
with the results of in situ stress measurements. This method provides a
quick, cheap estimate of the in situ stress. However, Abel édmits that

this is just an estimate of the in situ stress and that it has a high prob-

ability of being incorrect.

Input Parameters

The use of the stress flow chart requires knowledge of the geol-
ogy in the area and in some cases the elastic properties of the rock. The
following paragraphs will briefly discuss the parameters used in the
analysis at Marble Peak (Table 23).

The rock types in the ABC zone is a hydrothermally altered
shaly limestone. There has been approximately complete replacement of
the limestone in the mineralized zone (Fritts, 1974b), implying @ metamor-
phic classification. However, not all segments of the Paleozoic section

in the Marble Peak area have been metamorphosed and some still



Table 23. Input parameters required for Abel's method of estimating in

situ stress field

Strike, Dip, and Median Spacing of Joint Sets

[oint Set
Bedding

Northeast Flat
Northeast
Northwest
East-West

North-South

Bed Thickness

Rock Unit
Horquilla:
Escabrosa
Martin
Upper Abrigo (only)

Entire Abrigo

Elastic Properties of Engineering Rock Units

Strike Dip
N11E 46 SE
N 25E 35NW
N S0E 83 SE
N38W 67 SW
N87W 85SW
N 15E 60 NW

Bed Thickness (ft)

600
580
250

75

450

Median Spacing (ft)

Rock Unit
Martin
ABC Zone

Upper Abrigo

Young's Modulus (psi)

11.0x 106
14.0
1006

0.79
.65
.63
.99
.96

.unknown

Poisson's Ratio

0.28
.27
.26

81




82
maintain their s_edimentary characteristics. It is therefore probable that
the rock type should be classed as metamorphic although the analysis
will also include a sedimentary rock type.

The structural history in the Marble Peak area is extremely com-~
plicated. The major structure in the area is the Geesman fault, which
strikes east-west and dips 700 S. Determining the most recent structure
is a complex problem that requires a separate and detailed discussion.

Since the joint systems parallel the fault systems, the orien-
tations obtained from the combined detail lines (Table 23) will be used.
One structure that was not observed in the detail line was the North-
South set. For its orientation the results from Continental Copper'’s
underground geology map will be used. The joint spacing will be the
‘median spacing determined from the detail line mapping. Bed thicknesses

are from Fritts (1974b). Elastic properties are those determined from labor-

atory testing of specimens from core samples.

Structural History of Marble Peak

The structural history of the Marble Peak area has been reported
by Peirce (1958) and DuBois (1‘959) . among others. All investigators
agree that the end of the tectonic history culminated in a period of fault-
ing. The Geesman fault is known to cut all rock types and it is therefore
considered to be ybunger than all deposition and emplacement.

One method of determining the relative age of fault systems is
to define which faults displace other faults. The following observations
were made from Continental Copper's surface geology map. The East-

West fault set is generally displaced by the Northwest and North-South
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fault sets. This indicates that the East-West set is the oldest of these
three fault systems. The Northeast fault set is generally not displaced
by another fault system; instead, it butts up against other faults but
does not displace them. One East-West fault set is displaced by a
North-South set as elsewhere, but the East-West system also displaces
a Northwest and Northeast fault set. This special case indicates that
there was later movement along preexisting faults. This analysis in-
dicates that no conclusion can be made as to the youngest fault system
because of recurrent movement along older faults.

Some intuition about the sequence of faulting may be obtained
from the type of filling in the fracture sets since they parallel the fault
systems. Table 24 lists the joint systems and percentage of filling for
the ABC zone and the Martin in the area of the three detail lines. Assum-
ing the bedding joints existed from the beginning of hydrothermal activity,
they should contain all the types of filling. This does occur. The North-
east Flat set appears to have the same filling types and percentages as
the Bedding set, indicating similar age. The East-West joint set is pre-
dominantly filled with epidote. Whether the Northeast Flat or East-West
set is the oldest is difficult to determine. One may argue that the épi—
dote came first and filled the fractures thereby preventing the fractures
from being filled with the other filling types, or it may be argued that the
epidote was the last filling and that the East-West set was formed main-
ly after the chlorite, quartz, and mineralization. The Northwest set con-
tains little filling except for epidote, indicating that it occurred after the

East-West set. The Northeast joint set cdntains little filling at all,



Table 24. Summary of filling types and percent filling of joint sets

Joint Set None Chlorite Quartz Calcite Mineralized Epidote Iron Oxide Garnet

Bedding 55%  10% 4% 4% 6% 6% - 8% 2%
Northeast Flat 68 15 17 22 15 5 0 5
East-West 36 9 4 4 13 43 2 0
Northwest 54 2 | 7 35 4 10 0

Northeast 64 7 2 29 3 2 0 0
North-South unknown

78
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indicating that it was the last to form. The North-South set was not ob-
served; therefore, no relationship could be determined based on its
filling.

The presence of slickensides on faulted dikes filled with the
most recent intrusive material (diabasic diorite) led Fritts (1974b) to
conclude that the Northwesf fault system is probably the youngest. How-
ever, the East-West and North~-South fault systems also show similar
signs indicating similar age (Fritts, 1974b). Another interpretation re-
lated to the dikes is the absence of dikes parallel to the Northeast fault
system. The absence of dikes parallel to this fault system could indi-
cate that it was formed after the other fault systems had been filled with
dike material.

It is therefore difficult to determine the most recent fault sys-
tem from this evidence, but based on the available information it is be-
lieved that either the Northwest or Northeast fault system is the young-
est.

In addition to the relative ages of the fault systems, the type
of faulting (normal, reverse, or strike-slip) is required. The East-West
and North-South systems are predominantly normal faults, although some
strike~-slip movement probably occurred (Fritts, 1974b). The Northeast |
and Northwest fault systems are all predominantly strike-slip faults
(Fritts, 1974b), and he believes that the Northeast Flat system is a
thrust fault system. Because the type of faulting is not clear-cut, the

’two probable fault types will be analyzed. Table 25 lists the fault sys-

tems with their most probable and alternate fault type.
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Table 25. Probable fault type for each fault system

Fault Type
Fault System Probable Alternative
East-West , Normal Strike=-sli
Northeast Flat Thrust Normal
Northeast Strike-slip Normal
Northwest Strike-s'lip Normal
North-South : Normal Strike-slip

Estimate of in Situ Stress .

| After the input parameters required for Abel's (1974a) estima-
tion of the in situ stress field have been defined, the analysis can be
made. Table 26 lists the postulated stress fields based on a metamor-
phic rock type and Table 27 is based on a sedimentary rock type.

In my opinion the case of a metamorphic rock with a strike-slip
Northeast fault system is probably the most correct. In addition, a
northeast fault exists at the location where the block for the residual
stress analysis was collected. These conditions predict that the prin-
cipal stfess bears N. 50°E., plunges 0 degrees, and has a magnitude
less than or equal to three times the overburden load; the intermediate
stress bears N. 40°W., plunges 7 degrees, and has a magnitude less
than twice the overburden load; and the minimum stress bears S. 400E.,
plunges 83 degrees, and has a magnitude less than or equal to .1 .5 times
the overburden load (Table 26, Figure 26). However, if the Northwest

fault system is younger than the Northeast, the orientations are similar



Table 26. Possible stress fields based on a metamorphic rock type

Stress Field

Major Stress

Intermediate Stress

Minimum Stress

Fault System Bearing

Plunge Magnitude

Bearing Plunge Magnitude

Bearing Plunge Magnitude

East-West

Normal
Strike-slip

N 870w

Northeast Flat

Normal N 500FE

Reverse

" Northwest

Normal N380W

Strike-slip
North-South

Normal N-S

Strike-slip
Northeast

Normal

N S0°E
Strike-slip :

0

0

—
—
=

20 oyb
300ovb

204yb
30ovb

S 3°w
N 30E

N 400w
S40CE

S 520W
N 520E

S 40CE
N 400W

8509
50

33
57

66
24

1.50‘ovb

2

Govb

1.504yb

G ovb

l.50'ovb

2

Oovb

1.564yb

2

Sovb

1.500vyb

2

Covb

N 3°E
S 30w

S40°E
N 40°W

N 520E
S520wW

E-W

N 400w
S400E

50
850

57
33

24
66

1.5¢6

ovb

L8



Table 27. Possible stress fields based on a sedimentary rock type

Stress Field

Major Stress

Intermediate Stress

Minimum Stress

Fault System Bearing Plunge Magnitude

Bearing Plunge Magnitude

Bearing Plunge Magnitude

East-West

Normal S 740E 420
Strike-slip

Northeast Flat

Normal N 190E 3
Reverse

North-South

Normal South 15

Strike-slip

Northwest
Normal S 220E 31

Strike-slip
Northeast

Normal N S40E 32
Strike-slip

o

Covb

1°50-0Vb

Oovb

Oovb
1.5 Oovb

Oovb

N 780W

N 720w

North

N 790w

S370W -

480

85

47

57

= Oovb
Covb

9ovb
Covb

Tovb
Oovb

Oovb
= Oovb

Oovb
= Oovb

N 16CE

S650E

N 520E

N 400w

§° = Oovub -
= Oovb
57 = Oovb
= Oovb
0 = Oovb
=Oovb
= Oovb
7 = Oovb
= Oovb
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except that the maximum and intermediate stresses are reversed (Table

26, Figure 26).

In Situ Stress Field for Pillar Analysis

Two methods, residual stress relief and Abel's estimate based
on geology, have been used to evaluate the in situ stress field. If both
methods are valid, their results should be comparable. A comparison of
stress orientations predicted by the residual method and by Abel's method
 is shown in Figure 26. The maximum stréss orientation obtained from the

two methods are amazingly similar. Based on these two separate analy-

ses the in situ stress field to be considered is:

Stress Bearing Plunge Magnitude

Maximum N. S500E. 0© 3.0 oovb
Intermediate N. 400 W. 0° 1.5 ogyb
Minimum 90° 1.0 64yp

Given the proposed stress field, the magnitude of stresses
parallel to the strike of bedding, downdip of bedding, and normal to
bedding can be calculated. Based on an average bedding dip of 30 de-

grees, the magnitude of the stresses in the above orientation are:

Orientation . Magnitude
Parallel to strike of bedding 1.72 6ovb
Downdip of bedding 1.33 6ovb
Normal to bedding 1.24 Sovb

These stress magnitudes are not unequivocal but are the best estimates

at this time. It is certainly better to use them than to assume the stress

field predicted by gravity loading only. -
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O STRESS FIELD USED FOR
STOPE & PILLAR ANALYSIS

Figure 26. Stereo net plot of stress field



CHAPTER 7
STOPE AND PILLAR ANALYSIS

The preceding six chapters have discussed values for the rock
mass strength and a definition of the in situ stress field. These values
can now be used to compare a number of pillar design methods. Before
the pillar design comparison can be made, however, the orientation of
the pillars, the dimensions of the room, and fhe method of calculating

the load on the pillar must be discussed.

Pillar Orientation

Pillar should be oriented to permit easy mining while minimiz-
ing failure along the weakest structures. Pillar orientation will depend
on the strength of the structures and their orientation relative to the
maximum loading stress. Based on the results of the pre-mine stress
field analysis for the Control Property, the maximum loading is normal
to the dip of bedding.

Pillar orientations being considered at the Control Property are:
(1) a vertical wall (Figure 27a) or a wall normal to the dip of bedding
(Figure 27b) is possible for the wall parallel to the strike of bedding and
(2) long axis of pillar in strike directiori of bedding or long axis in dip
direction of bedding. In terms of operational considerations, the pre-
ferred pillar orientation is a long axis in dip direction of bedding and
vertical walls parallel to strike of bedding. Based on the weakést joint
sets and the estimated pre-mine stress field, pillars with long dip

91



WEST

EXPLANATION

FRACTURE

———e— NORTHEAST FLAT

FRACTURE

- — = NORTHEAST FRACTURE

BEDDING PLANMNE

CROSS SECTION LOOKING NORTH
ALONG STRIKE OF BEDDING

SQUTH

.

EAST

A.
VERTICAL
WALLS

NGCRTH

orientation

C. CROSS SECTION LOOKING
. UP DIP OF BEDDING

92

Figure 27. Relationship between critical structures and pillar



93
lengths and walls normal to dip of bedding will be the most stable
(Figure 27).

Vertical pillar walls in strike direction of bedding will have
stress concentrations resulting in a shear stress approximately parallel
to the Northeast Flat set (Figure 27a). This pillar will also be destressed
on the updip and downdip sides resulting in féilure along the Northeast
set. Walls parallel to strike and normal to dip of bedding do not develop
the stress concentrations as in the verticalA pillar walls. Minor shearing
along the Northeast and Natheast Flat se;c can be expected for pillar.
walls normal to bedding (Figure 27b). Thefefore, the wall parallel to
the strike and normal to the dip of bedding is probably more stable than
the vertical wall. The wall normal to the dip of bedding is difficult to
mine; however, the vertical wall will probably fail, resulting in a stable
pillar with walls normal to bedding.

Based on the structure sets, the pillar with the long axis in the
dip direction of bedding is more stable than the pillar with the long axis
in the strike direction of bedding. The long axis in the strike direction
will expose a large area in which shearing of the Northeast Flat set can
occur (Figure 27b), while the weakest structures are not critically ori-
ented for the wall bearing in the dip direction of bedding (Figure 27c).

The pillar orientation to be analyzed will have the long axis in
the dip direction of bedding and the walls parallel to the strike of bed-

ding will be normal to its dip.
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Room Dimensions

The room dimensions to be determined are the height, width,
and length. Room height is determined predominantly by ore thickness.
In some cases, there may be a limit due to equipment. At Marble Peak
the mineralized zones range betWeen 10 and 70 feet in true thickness.
For the purpose of comparison, a 30-foot-high room will be analyzed.

The length and width of the room depend on the stability of the
roof . If the room is much longer than its width, the stability is deter-
mined by the width. The roof above a mine opening can be divided into
three zones that show different effects due to the load. The three zones
and the roof response are:

1. Surface: ground may subside.

2. Intermediate: pressure arch forms.

3. Immediate roof: ground will deflect in a beém or plate action
or, if transverse fracturing, may have voussior arch action

(W. H. Evans, 1941).

As the room is mined the load abqve the room is transferred to the pillars.
This load transfer forms the.preséure arch. Rock under the pressure arch
is therefore destressed except for its own weight. If the area is bedded
or has a structure parallel to the roof, these beds will separate and re-
spond like beams or plates. Because of the increased load on the pillars
they will strain, which will then result in a minor deformation of the sur-
face (subsidence). The intermediate and immediateroofs have the greatest
control on the actual room size, whereas the surface zone depends on

closed proximity to the surface with respect to the size of the orebody
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and the pillar's stiffness. The ABC zone's thickness in relation to depth

is small, so the surface zone will not be discussed.

Intermediate Roof

The pressure arch is formed aé the room is mined and the ver-
tical load is transferred to the abutments (exterior pillars) (Figure 28).
The rock under the pressure arch is destressed, i.e., has overburden
stresses removed, except for its own weight. The ability of the rock to
transfer the load normal to the length of rooms depends on the magnitude
of the stress' normal to the arch (usually related to depth), the shear and
compressive strength of fractures, and the strength of the abutments.
Field measurements from European coal mines have indicated a relation-
ship between depth and arch distance (Figure 29). The raw data collected
by Alder, Potts, and Walker (1951) show that the arch distance predicted
by the curve in Figure 29 is conservative. Therefore this relationship
can be applied to 'ghis study because the rock mass strength at Marble
Peak is more competent than most coal beds. The height of these pres-
sure arches are a third to a half of the length of the pressure arch. Field
studies have demonstrated that when the predicted maximum pressure
arch width is less than half the width of the .mining zone, the pillars in

the central part of the mining zone will have to carry the entire load of

rock to the surface.

Immediate Rqof
Where the back is defined by a bedding plane or a joint set
parallel to the roof, the beds will separate from the back. This area is

called the immediate roof. The immediate roof can be mode.led after a
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uniformly loaded fix-end beam. The beam analysis is an elastic analysis
and therefore the following assumptions are required:

1. Rock is homogeneous, isotropic, and elastic.
2. Bearh is straight with a uniform cross-sectional area.

3. Loads and reactions are perpendicular to the axis of the beam

and are in the same plane.
4, Beam span is at lea__st twice the beam thickness.
It is possible to relax these assumptions somewhat without destroying
the confidence in the answer (Alder and Sun, 1968).
Faiiure of the beam will occur in tension at the center and in
shear at the ends. The beam is likely to fail in tension first because the
rock is seaker in tension than in shear. Analyzing the beam equation

(Figure 30) for the axial bending stress at the center of the beam results

in the following equation:

axial bending stress =T 12/4h (7)
where Y = density of rock
L = beam length
h = beam thickness

The beam thickness is determined by the bedding or joint spacing. The
axial bending stress should not exceed the rock substance tensile
strength. Obert, Duvall, and Merrill (1960) recommend that the axial
bending stress should not exceed 1/4 to 1/8 the tensile strength; i.e.,
the safety factor of the beam should range between 4 and 8.

Another approach proposed by Abel (1974b) is to as‘sume the rock
mass tensile strength equals zero and the in situ stress counteracts the

bending stress in the beam (Figure 30). Because the rock is fractured
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i.t is realistic to assume that the rock mass tensile strength is zero. The
concept that the in situ stress acting in the plane of the beam will hold
the blocks together appears logical and feasible. Therefore, the net

stress at the center of the beam is:

Net stress = Axial confining stress - Axial bending stress.(8)
Solving for a net stress of zero, the length of the beam equals (Figure
30):
L =2 (D-h-sg)l/2, ’ (9)

" Stability Analysis of the Roof

The major concern of the miner is the stability of the immediate
roof. Once the maximum stable roo-mAwidth has been determined then the
intermediate roof can be analyzed- in terms of the pressure arch.

The immediate roof in the ABC zone can be analyzed by usirig
the beam analysis because the roof will parallel the bedding. The thick-
ness of the roof is equal to the thickness of the bedding or bedding joints.
Based oh the distribution of bedding joint spacing (Figure 10), the median
value is 0.79 feet. To design on this spacing would require that 50 per-
cent of the roof thickness would be less than 0.79 feet and the roof
would therefore have a high probability of failure. My opinion is that
by using a 75 percent probability that the spacing is greater would be
more realistic. This results in a spacing of 0.12 feet, which is below -
the modal spacing value (0.4 feet).

Using the basic beam equation and varying the room width, a
curve is developed (Figure 31). Obert et al. (1960) recommend that the

tensile strength should be between four and eight times the bending
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stress. Based on the mean tensile strength of 1265 psi, a 0,12-foot
bedding joint spacing, and a tensile strength eight times the bending
stress, the predicted room width is 8.2 feet (Figure 31). Using the
same conditions but with a median spacing of 0.79 feet, the predicted
room width is 21.1 feet.

Using Abel's approach that the rock mass tensile strength is
zero and the beam is held together by the in situ stress in the plane of
the beam, a curve of room width versus depth can be developed. Based
on the stress field estimation the horizontal stress in the plane of the
beam is equal to 1.72 6 gyp. Figure 32 shows the room depth versus
room width for a beam 0,12 feet thick and 0.79 feet thick. Because the
horizontal stress is questionable (Chapter 6), Figure 32 also shows depth
versus room width assuming that the.horizontal stress in the plane of the
beam equals the overburden stress. The decrease in the in situ stress
results in a significant reduction in room width for a given depth.

The present workings in the study area are nominally‘ 18 feet
wide for a depth ranging between zero and 620 feet. This width has re-
quired little to no bolting, which indicates a stable condition. Obert et
al.'s (1960) method, based on a 0.12-foot beam thickness, underesti-
mates the room width (Figure 31), while for a beam thickness of 0.79
feet, their method predicts that an 18~foot-wide room would be stable.
Abel's (1974b).analysis, using a 0.12-foot beam thickness and a horizon-
tal stress equal to 1,72 ooyp, predicts that an 18-foot-room width would
be stable at a depth of 400 feet (Figure 32). Using the same beam thick-
ness but changing the horizontal stress to equal the overburden stress

predicts that the 18-foot room width should not be stable above a depth
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of 700 feet., However, we know that the roof is stable above 700 feet;
therefore, the beam is either thicker than estimated or the stress in the
plane of the beam is greater than the overburden load. Obert et al.'s
(1960) approach is based on a wide set of experier;ce and is therefore
only a general solution. Their recommendation of a safety factor of four
to eight is to account for variations in rock strength. Because their ap-
proach is a general solution, its use could result in an overdesign or an
underdesign of the roof stability. |

Abel's approach of assuming zero rock mass tensile strength
and assuming that the axial confining stress counteracts the axial bend-
ing stress appears logicall. To assume that the rock mass tensile
strength is zero is reasonable because the rock is fractured and the frac-
tﬁres are generally unfilled. The difficulty with this method is in deter-
ming the axial confining stress. Because this method best approximatés
how the immediate roof reacts‘, it will be used to determine the room
widths. Using Figure 32 for a 0.12-thick beam and an axial confining
stress of 1.72 6 oyb counteracting the tensile axial bending stress, the

following room widths have been chosen:

Depth (feet) Room Width (feet)
0-500 18
500-700 20
700-900 24

Once the width of the stable immediate roof is known, or esti-
mated, the intermediate roof can be analyzed. The intermediate roof can

be considered on two scales. On the small scale the load must be
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transferred between the pillars (Figure 28), and on the larger.scale the
load must be transferred across the entire mined zone (Figure 28). Based
on the pressure arch data in coal, the maximum arch lengths for 250,
500, and 700 feet are estimated to lie between 0 to 98 feet, 98 to 136

feet, and 169 to 179 feet, respectively. It is obvious from this analysis

that the load will be able to arch between the pillars. Therefore those
room widths calculated for the immediate roof will probably be the limit-
ing dimensions.

In terms of the large-scale pressure arch, the load must be
transferred the strike length since it is generally the minimum plan di-
mension. Using an average strike length of 300 feet the maximum pres-
sure arch is exceeded until a depth of approximately 1500 feet is reached

(Figure 29). Below the depth of 1500 feet the pillars only have to carry
the load vunder the pressure arch. However, above 1500 feet the central
pillars will have to be capable of carrying more load‘. By calculating the
load on the pillar using the tributary-area-load method, the pillars are
expected to carry the full overburden load. This a-lleviates the problem
of exceeding the pressure arch because the pillar is design.ed to carry

the maximum load.

Measure of Pillar Stability

Safety Factor

The stability of the pillar depends on the load-carrying capacity
of the pillar and the load applied to it. Until recently the most common

description of the pillar stability is the safety. factor. The safety factor
is defined as follows:
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_ load-carrying capacity of pillar
Safety Factor = Toad on pillar

(10) -
From this equation, if the safety factor is less than one, the stresses on
the pillar will be greater than the pillar strength and failure should occur.
If the method of calculating the pillar's load-carrying capacity was ab-
solute and if the stress field were known, a safety factor of one would
be sufficient for pillar stability. However, as was discussed in the pre-
vious chapters, the rock mass strength and the in situ stress field are
not deterrhinistic values but have some distribution or are not well de-
fined. To account for the uncertainty in these input values, the past ap-~
proach has been to require a safety factor greater than one.

The safety factor required is highly dependent on personal
opinion and past experience. A number of people knowledgeable in pillar
design have expressed their opinions as to what safety factor is suffi-
cient. Salamon (1967) found that by calculating the safety factor based
on his pillar design, 50 percent of the stable pillars had a safety factor
against tributary-area loads between 1.3 and 1.75, with 1.5 as the
median (Figure 33). Holland and Gaddy (1957), who employ an
experience-based pillar design method similar to Salamon's, recommend
a minimum safety factor of 1.8 for "average" conditions; for critical
areas they suggested a safety factor of 2.0 or even 2.2 may be required.
Recently, Holland (1973) has suggested if strong support is "near by" or
if a retreat mining system is used where the effects on the surface are
not important, a safety factor between 1.3 and 1.4 is sufficient. If sur-
face considerations are required, where the effects on the surface are

critical, a safety factor of 1.6 is now suggested by Holland (1973)..
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Ashwin (1972) implies that a safety factor of 1.5 is required. Obert et

al. (1960) recommend a safety factor of 2.0 to 4.0 for competent rock.
It is obvious that there is no agreement as to what is the correct safety

factor, which adds an additional problem to pillar design.

Probability of Failure

More recently, the approach of probability has been applied to
pillar design. Coates and Gyenge (1973) have proposed a method to cal-
culate the probability of failure. Given a distribution of stresses on the
pillar and a distribution of pillar strengths, the overlap area of these two
curves represents those caseé where pillar failure will occur (Figure 34).

The overlap area can be related to the total area under the pillar strength

- distribution, which is then the probability of failure. The difficulty of .

this method is in defining the pillar strength and pillar stress distribu-
tions. Given the probability of failure, it can be related to the cost of
failure; thereby an optimum risk can be calculated.

The probability of failure approach is more appealing than the
safety factor method. The probability of failure accounts for the natural
variations in rock strength and applied stress, whereas the safety factor
method is a deterministic solution. For the purpose of comparing differ-

ent pillar design methods the safety factor approach will be used.

Calculation of Load on Pillar

The tributary-area load method will be used to calculate the
load on the pillar. By definition the tributary-area load means that each
pillar carries the entire overburden load half way to the next support

(Figure 35). The tributary-area load is calculated from the equation:
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TAL = (RmW + PW)(CcW + PL)o (11)
where: TAL = tributary-area load (lb)

RMW = room width (ft)

CcW = crosscut width (ft)

PW = pillar width (ft)

PL = pillar length (ft)

(o} = in situ stress (psf) normal to roof.

This method predicts the maximum load that can be applied to the pillar.

For this analysis, the applied load will be assumed normal to

bedding because the mineralization parallels the bedding. The dip of
the bedding ranges between zero and 60 degrees, with a median of ap-
proximately 30 degrees. The magn;tude of the estimated in situ stress

normal to bedding under the average conditions at the Control property

is 1.24 dovb .

Comparison of Methods for Calculating
the load-carrying Capacity of a Pillar

There presently exist numefous methods for calculating the
load-carrying capacity of a pillar. Most work to date has been done in
terms of coal mining. f‘or the purpose of this study the following methods
will be discussed and compared: (1) Obert, Duvall, and Merrill, (2)
Skinner, (3) Bieniawski, (4) Salamon and Munro, and (5) Wilson. These
methods are based on different concepts or entirely different approaches
to similar concepts.

To permit comparison between the results obtained by the dif-
ferent methods, the values listed in Table 28 will be used for each

method. Because the size effect is an important parameter, two pillar
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Table 28. Basic input parameters for pillar design comparison

Parameter - Value

Depth | 50 ft

Dip of beds 300 |
In situ stress normal to bedding 1.246 4 psf

Room width 20 ft

~ Crosscut width 20 ft

Square pillar
Pillar width 37 ft

Pillar length 37 ft

Pillar height 30 ft |
Tributary-area load 166,700 tons
Recovery 57.9%

Rectangular Pillar

Pillar width 25 ft
Pillar length 60 ft
Pillar height 30 ft
Tributary-area load 184,100 tons

Recovery 58.3%
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geometries will be examined: a square pillar (37 x 37 feet) and a rec-
tangular pillar (25 x 60 feet). Approximately the same tonnage of ore '

will be mined from these two pillar designs.

The Obert, Duvall, and Merrill Method

Obert, Duvall, and Merrill (1960) believed that the strength of
the pillar is equal to the uniaxial compressive strength of a core sample
with the same width-to-height ratio as the pillar. To use this method
the following assumptions or conditions must be fulfilled:

1, The rock is competent; i.e., "rock which, because of its
physical and geological characteristics is capable of sustain-
ing openings without any structural support except pillars and
walls left during mining (stulls, light props and roof bolts are
not considered as structural support)” (Obert et al., 1960,

p. 5).

2. - The pillar carries the stress equally throughout. This is based
on elastic studies which shows that as the ratio between the
room width and the pillar width increases the average stress
approaches the maximum stress and becomes more uniform.

3. The pillar can be considered stable if the safety factor is at.

least betiveen two and four.

Because all of the core testing is not done at the same width-
to-height ratio as the pillar testing, Obert et al. have developed the fol-

lowing equation to correct for this difference in ratios:

Cg = C3(0.778 + (0.222d/h)) (12)
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where: Cg = compressive strength of specimen if d/h # 1
C) = compressive strength of specimen if d/h =1
d = diameter of specimen
h = height of specimen.
Recommended limits for d/h for this equation are 0.25 = d/h < 4. Be-
cause the samples are usually tested at some other ratio than 1:1,
equation (1) can be solved, as follows:

Cc. =G _0.778 + (0.222 dp/hp)

13
P "C70.778 + (0.222 d/hy) 13)

- where: Cp = compressive strength of specimen with a width-height
ratio of the pillar |

Cc = compressive strength of specimen with a width-height
ratio of the core tested

dé = diameter of pillar

hp = lileight of pillar

de = diameter of core specimen

he = height of core specimen.

Ifdc=1.86in,, h¢ =3.72 in., and C¢ = 19,920 psi, the com-
pressive strength of the square pillar is 23,570 psi. The load-carrying

capacity is then:

(area of pillar) x (compressive strength of pillar) (14)

(37 £t x 37 ft) (23,570 psi x 144/2000)
2,323,248 tons
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and the safety factor (SF) for the tributary-area-loaded square pillar is:

SF = 2,323,248/166,700 = 13.9.

A similar analysis can be made for the rectangular pillar. The
minimum pillar length will be used for the pillar diameter to correct the
compre ssiire strength of the rectang\;tlar pillar. The reason for this
choice is that testing has indicated that the compressive strength for a
constant height depends on the minimum sample width and not its length
(Denkhaus, 1962). The pillar strength baséd on the mean uniaxial com-
pressive strength is 21,580 psi and the load-carrying capacity for a
pillaf 25 x 60 feet is 2,330,640 tons. The safety factor is then 12.7.

The safety factoifs for these two pillar dimensions far exceed
the required safety factor suggested by Obert et al. (1960)., Although
this method is very easy to apply, one of the major problems is the as-
sumption that the compressive strength of the pi}lar equals the compres~-
sive strength of a core sample with the same width-to-height ratio.
However, the core samples represent the rock substance strength while
the pillar is made up of the rock mass. Obert et al. assume that the
pillar can carry the load uniformly across the pillar; however, this is
unlikely because the edge of the pillar has sustained blast damage that

weakens the rock mass strength.

The Skinner Method

Working on anhydrites, Skinner (1956) developed a method to
calculate pillar strength based on the weakest link theory. This theory
is based on the idea that the strength of a chain is no greater than the

strength of the weakest link. Skinner postulates that a pillar is made up
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of N number of unit blocks and that if each of thése units was tested,
their strengths would fit a distribution. The weakest block of the distri-
bution would represent the strength of the pillar. Skinner showed that
his test results of anhydrite were best represented by either a normal or
a Weibull distribution. The Weibull distribution requires test results of
samples of various volumes and it will therefore not be used for this

analysis. The equation for the normal distribution of pillar strength (S)
is

S =% - n(2nN)1/2 + 1/2 (LnInN + Ind7(2InN)"Y/2 (15)

where: mean strength of unit blocks

standard deviation of unit blocks

2 r W
[

number of unit blocks that make up the pillar.

Skinner's testing shows that as the sample volume increases
the sample strength decreases (Table 29). This result helps to justify
that the larger samples havé lower strengths because their number of
flaws is greater than that of a smaller sample.

Table 29. Effect of size on compressive strength for anhydrite--After
Skinner (1956)

Uniaxial Compressive Strength (psi)

Sample Side Length (in.) Mean Standard Deviation
32,510 4,600
2 25,360 2,580
24,270 _ 2,050

10 16,800 2,680
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Before Skinner's method can be used, the core strengths have
to be corrected to the same width-to-height ratio as the pillar. This
correction was made using Obert et al.'s (1960) equation (equation
Table 30 lists the corrections for the two pillar dimensions. The normal
distribution equation (equation 15) will have to be used because only
samples of similar size were tested. The mean and standard deviation
of the unit block for the square pillar ére 24,800 psi and 9,600 psi,

respectively. The number of unit blocks (N) that make up the pillar is

calculated as follows:

N = Pillar Dimensions . (37 x 37 x 30 x 123)in.3 (16)
Unit Core Block (1.86 x 1.86 x 1.51) in.3

13,585 x 103

Using these paramefers in the normal distribution equation
(equation 15), the calculated square piilar strength is -30,200 psi. Be-
cause the pillar strength cannot be negative, the strength of the square
pillar is zero. This method can also be approached graphically by plot-
ting the sample strength versus the cumulative probability of failure.
The divisor for calculating the cumulative probability is the total number
of samples plus one (N + 1). This is used because for a small sample
size tﬁere are probably specimens stronger and weaker than the ones
tested.

| Table 30 lists the cumulative probabilities with the associated
strengths. Figure 36 shows the core strength versus cumulative proba-
bility of failure plot for the square pillar. It is obvious that the data fit
a two-segment line. The cumulative probébility of the weakest unit

block failing for a 37 x 37 x 30-foot pillar is 1/N, which equals
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Table 30. Corrected compressive strengths and associated cumulative
: probabilities

Core Uniaxial
Compression
Strength (psi)

Square Pillar
(37 x 37 x 30 feet)

Rectangular Pillar
(25 x 60 x 30 feet)

Corrected

Cumulative

Strength (psi) Probability

Corrected

Cumulative

Strength (psi) Probability

33,500
33,100
28,000
26,600
24,500
20,500
20,500
20,400
17,300
16,700
16,100
15,000
15,000
14,500
13,500
13,000
10,500

39,630
39,160
33,130
31,470
28,990
24,250
24,250
24,140
20,470
19,760
19,050
17,750
17,750
17,160
15,970
15,380
12,420

0.94
.89

36,290
35,860
30,330

28,810

26,540
22,210
22,210
22,100
18,740
18,090
17,440
16,250
16,250
15,710
14,620
14,080
11,370

0.94
.89
.83
.78
.72
.67
.61
.56
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7.36 x 1078, Figure 36 shows that the pillar strength is still zero,
hence the safety factor equals zero.

This approach cén be applied to the rectangular pillar. Using a
pillar width of 25 feet, the corrected compressive strengths and cumula-
tive probabilities are listed in Table 30. The mean corrected compressive
strength is 22,700 psi with a standard deviation of 8,800 psi. The num-
ber of unit blocks in the pillar is:

N = (25 x 60 x 30 x 123) in.3
(1.86 x 4.46 x 2.23) in.3

= 4,203 x 103,

This results in a pillar strength of -=25,900 psi, which means that the
_predicted strength for the rectangular pillar is zero. Plotting the data
on the cumulative probability paper shows that the strength is sti}l zero
(Fig. 37).

The obvious disadvantage of this mefhod is the result of a
negative pillar strength, which Skinner admits. The concept of the weak-
est link does have some validity; however, the location of this weakest
link should also be considered. If the weakest link is located in the
center of the pillar it is confined and should therefore have a higher
strength than represented by a uniaxial test. Also, one unit block may .
fail in a pillar but the other units may be able to carry the additional
load because they are stronger. Skinner found that the normal and
Weibull distributions produéed the same result; however, he was test-
ing an anhydrite, which may be a special case. If a rock strength test-

ing program could have been carried out that tested different volumes,
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the Weibull distribution cbuld have been used which may have produced

results other than those obtained by using a normal distribution.

The Bieniawski Method

Bieniawski (1968) also based his method on the idea that the
strength decreases as the volume increases. 'I'hi_s fact was observed in

Skinner's test results (Table 29) . Bieniawski proposed further that there

'is a fundamental strength within the rock mass and that the increase in

volumé beyond this point does not change the rock mass strength. He
produced a strength versus sample size curve (Fig. 38) from data from
testing cubical coal samples ranging from 0.75 to 60 inches on a side.
He divided this curve into three segments: segment a, constant strength;
segment b, reduced strength; and segment ¢, constant strength. The
equations for pillar strength for each of the curve segments that fit
Bieniawski's data are:
1. Curve segment a, S = 24,620 psi _ (17)
2. Curve segmentb, S=1,100(W0.16/4h0.55) psi, where (18)
W = pillar width (ft) and h = pillar height (ft).
3. Curve segment ¢, S = 400 + (200W/h). (19)
The equation for curve segment c is the fundamental strength equation,
From the strength versué volume curve (Fig. 38), Bieniawski
concluded that the fundamental strength was reached at 5 feet.Both the
square and rectangular pillars being analyzed are greater than 5 x5 x 5

feet, hence Bieniawski's fundamental strength curve can be applied. The

The strength of the square pillar is

S = 400 + (200 x 37/30) = 647 psi.
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Figure 38. Uniaxial compressive strength of coal versus side
vlength of cube-shaped samples—After Bieniawski (1968)
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This results in a load-carrying capacity of 63,774 tons or a safety factor
of 0.4. Using a pillar width of 25 feet for the rectangular pillar, the

pillar strength is 567 psi, the load-carrying capacity is 61,236 tons,
and the safety factor is 0.3.

The obvious disadvantage of using Bieniawski's fundamental
strength equation at Marble Peak is‘that it is based on coal which does
not have the same strength parameters as the rock at Marble Peak. The
fundamental strength of the ABC zone rock might be obtained by using
the curves generated from Skinner's methoc.i. Assume that the fundamen-
tal rock strength is reached at 5 x 5 x 4 feet for the square pillar and
5 x 5 x 6 feet for the rectangular pillar. The cumulative probability of
the weakest épecimeh for the square pillar is 3.02 x 10-S. From Figure
36, the pillar strength is 1800 psi; i.e., the load-carrying capacity is
177,420 tons and the safety factor is 1.1. For the rectangular pillar the
cumulative probability of the weakest specimen is 7.4 x 10~5, which
from Figure 37 results in a fundamental strength of 2,200 psi. This
fundamental strength equals é load~-carrying capacity of 237,600 tons
or a safety factor of 1.3 for the rectangular pillar.

Bieniawski's (1968) concept that some fundamental strength is
reached as the volume of the specimen increases seems logical. The
factor yet to be determined is the size at which the fundamental strength
is reached. Fundamental strength has to be a function of rock substance
strength, the length, spacing, and orientation of the joints, and the
shear strength of the joints. Because Bieniawski's test analysis was
based on coal, the fundamental strength for the ABC zone is probably

different. He states that his average spacing was 0,22 feet, which is
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similar to the results obtained at Marble Peak; however, the rock sub-
stance strength is greater at Marble Peak. I. Evans (1970) made the point
that Bienlawski's fundamental strength was reached at the size of the
largest sample tested and that we do not know what happens beyond a
side length of 5 feet. His point.that a S5-foot side length may not be the
size at which the fundamental strength is reached is well taken. How-
ever, in studying Bieniawski's curve, the change in pillar strength is
minimal for an increase in pillar size above 3 x 3 x 3 feet. This concept
of a fundamental strength, 1.e.; the number of flaws per volume is con-
stant, was observed in the step path analysis, which showed that the
median percentage of intact rock did not vary signifiéantly above a pillar
height of 15 feet (Fig. 26). If 5 x 5 x § feet is the size of a pillar at

‘which all rock types reach their fundamental strength, this strength can

be calculated using Skinner's method of the weakest link.

The Salamon and Munro Method

Salamon and Munro (1967) measured 125 room-and-pillar coal
mines in South Africa with varying de.pths, pillar heights, pillar widths,
and extraction ratios. The pillars measured were both stable and col-
lapsed. They assumed the distribution of safety factors for these pillars
fit a lognormal distribution with a median of one. Using a power function
to describe the pillar strength and assu;ning a tributary-area load, they
estimated the unknown factors of the strength equation with a "likelihood

function."

The general strength equation used by Salamon and Munro (1967)

is:
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q ~ Pillar Strength (S) = KhAwWB (20)

where: K = strength of 1 ft3 rock (pst)
h = pillar height (ft)
W = pillar width (ft)
A and B are constants.

Assuming the tributary-area load to be the load on the pillar, the

safety factor (SF) is calculated as follows:

KhAwB
TH{ W+b )2
W

SF = x 144 | (21)
where 7 = rock density (1b/ft3)

H = thickness of overburden (ft)

b = room width (ft).

In the above eduation, the unknowns are K, A, and B.

Salamon and Munro proposedthatdistribution of pillar safety
factors is lognormal with the median at one because the .safety factor is
limited by zero on one side, unlimited on the other, and most designs
require a minimum safety factor of one for stability. With this assump-

tion they obtained the safety factor distribution with a median of one

 using a "likelihood function" and maximizing K, A, and B based on the

125 observations. The results of Salamon and Munro's (1967, Table II)

analysis are:

K= 1,322
= - 0.6609
B= 0.4590

Their results are based on square pillars.
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Using Salamon and Munro's (1967) equation, the strength (S) of

a square pillar as defined in Table 28 canbe calculated as follows:
S =1,322 (30-0.6609)(370.4590) = 732 psi

The load-carrying capacity for the square pillar is 72,152 tons, which
equates to a safety factor of 0.4. For a rectangular pillar the strength

is 612 psi (66,096 tons load-carrying capacity), which results in a safety
factor of 0.4.

Because Salamon and Munro's strength equation is bésed on
coal, its use at the Control property is probably not valid. However, if
we can assume that the A and B values of the strength equation do not
change from one rock type to another but that the unit cube strength does,
the equation can be changed to account for rock strength in the ABC zone.
The strength of the one foot unit cube can be estimatéd from Skinner's
method. The cumulative probability for the weakest specimen in a unit
cube is 3.72 x 10~3, which results in a value for X of 7,500 psi (Fig.

39), and Salamon and Munro's equation for the ABC zone now becomes:
S = 7,500 h-0'6609W0'459,

which gives a square pillar strength of 4,156 psi (409,649 tons load-
carrying capacity), resulting in a safety factor of 2.47. The rectangular
pillar strength is 3,471 psi, which equals a load-carrying capacity of
374,895 tons. The safety factor for the rectangular pillar is 2.04.

Salamon and Munro's method of calculating the constants and

unit cube strength are very attractive for those areas where existing pil-

lars are present. The assumption that the distribution of safety factors
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has its median at one is probably incorrect. As discussed in the section
on the measure of piilar stability, the recommended safety factors are at
least 1.4, therefore perhaps this should be the median of the distribu-
tion. Assuming the exponents remain constant for any rock type, the

unit cube strength can be estimated from Skinner's method.

The Wilson Method

Wilson (1972) contends the pillar is divided into two zones, an
ihner core and a surrounding yield zone. The inner core carries most of
the load and is subject to a triaxial stress condition while the yield zone
carries little load but confines the inner core (Fig. 40). The yield zone
is characterized by being highly fractured at the edge of the pillar.
These blocks do not all fall out because of friction on the ends and in-
terlocking of the blocks. Wilson shows how with friction only as the
horizontal stress increases inward to the pillar core. This is analogous
to the passive pressure of a retaining wall. The magnitude of the con-
fining stress does not increase all the way to the center of the pillar,
but it increases until the magnitude of in situ stress is reached. The
distance into the pillar where the maximum pillar stress is reached, i.e.,
the distance into the edge of the confined core is calculated as shown in

Table 31. Wilson contends that the rock mass cohesion (S¢) is one psi

.for coal.

By calculating the area under the stress distribution, knowing
the pillar width, length, and height, and the maximum stable vertical
stress (SMV) , the load-carrying capacity can be calculated. Wilson

(1972) assumes the stress distribution can be simulated by a simple
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Table 31. Wilson's equations for calculating load-carrying capacity of
pillars--After Wilson (1972)

Load~carrying capacity for wide pillars: P = 2Ypg

Square pillars

LCC = 7.2 x 1028y (P2 - 2PY)y + 1.33 Yp42) tons
Rectangular pillars

LCC = 7.2 x.10"2Spy (PL - PYyy - LYpq + 1.33Yy,%) tons
Long pillars |

ICC = 7.2 x IO'ZSMV P - YM) tons per foot of run

Load-carrying capacity fornarrow pillars: P< ZYM

Square pillars

: 3
ICC = 7.2 x 10~25)y—2— tons

M

Rectangular pillars

ICC=7.2x IO‘ZSMV——éDi (% -%)‘tons
M

Long pillars

2
ICC=7.2x IO'ZSMV 4;,) tons per foot of run
M

where: LCC = load-~carrying capacity of pillar (short tons)

SMv = maximum stable vertical pillar stress (psi)

(6.94 x 10"3SRg H) tanB + S¢

distance into pillar (ft) at location of maximum stable

pillar stress and edge.of confined core
, .

- M . In SMV
(tanB)l/z(tanB -1) S¢

YM
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Table 31. Wilson's equations--Continued

tan B = passive pfessure coefficient = (1 + sind)/(1 - sind)
P = pillar width (ft)
L = pillar length (ft)
M = pillar (seam) height (ft)
# = rock mass friction angle
H = thickness of overburden (ft)
g= density-(lb/.ft3)

Sc = confining stress acting at edge of pillar (psi); rock mass
cohesion

Sgr = (horizontal stress)/(vertical stress)
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truncated pyramid (Fig. 40). Wilson states that whose widfh is less than
2YMm will have no inner core. It is doubtful that this pillar can be con-
sidered long-term stable; however, the load-carrying capacity can be
calculated. Table 31 gives the equations for calculating the load-
carrying capacity of pillars of different shapes for the cases where the
pillar width is less than and greater than 2Yy.

The input parameters used for this analysis are:
| 1. Pillar geometry. from Table 28.
2. Estimate of rock mass friction angle () = 37 degrees (Chapter 5).
3. Rock mass cohesion (S¢) = 620 psi (Chapter 5).
4. Horizontal stress ratio (Sp) = 1.72.

The load-carrying capacity for the square pillar is calculated as follows:

= (6.94)(1.72)(165)(500) 1L *+sin37 -3 + 620
Smy = (6.24)(1.72)(165)(500) 4 ESREL x 10 6

= 4 604.62 psi

30 4604.62
Y= n - =9.92 ft
M 14+5in37)1/2/ 1 +5in37 _ ) 620
1-sin 37 1-sin37

LCC = (7.2 x 1072)(4604.62)(372 - 2 x 37 x 9.92
+1.33 x 9.922) = 253,970 tons.
The safety factor of the square pillar determined by using Wilson's
method is 1.5, |
A similar analysis for the rectangular pillar would give:
Symy = 4604.62 psi
Yy = 9.92 ft
LCC = 261,218 tons
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and the safety factor for the rectangular pillar would be
SF=1.4.

Wilson's method accounts for the way in which the pillar carries
the load for most pillar geometries and the rock mass strength for the
particular rock type. The difficulty of this method is in evaluating the
input paraﬁeters . The rock substance properties can be measured and
the rock fabric properties can be measured, but combining the two to

obtain the rock mass strength is extremely difficult and perplexing.

Summary
Five basic methods for calculating the load-carrying capacity

of pillars were a.nalyzed. In addition, two methods that combine two of
the basic pillar methods wexfe analyzed. Although each of the basic
methods are based on different approaches, it is possible that the re-
sults can still be the same. Table 32 shows that the following methods
yield approximately the same results:

1. The Bieniawski and the Salamon and Munro.

2. The Wilson, the Bieniawski in combination with the Skinner,

and possibly the Salamon and Munro in combination with the

Skinner.
Because all the methods do not result with the same load-carrying
capacity, those methods that are most applicable to the study area must

be chosen. The basis of each pillar method and its validity in terms of
the Marble Peak will be briefly discussed.

The Obert, Duvall, and Merrill method assumes that given

competent rock, the pillar strength is equal to the strength of a core
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Table 32. load-carrying capacities and safety factors based on different

pillar design methods

Method

Square Pillar

Rectangular Pillar

LCC, tons SF

1CC, tons SF

Obert, Duvall, and Merrill

Skinner

Bieniawski
Equation

Skinner curve

Salamon and Munro
Equation

Skinner curve

Wilson

2,323,248 13.9
0 0

63,774 0.4
177,420 1.1

72,152 0.4

409,649 2.47

253,970 1.5

2,330,640 12.7
0 0

61,236 0.3
237,600 1.3

66,096 0.4
374,895 2.0

261,218 1.4

specimen with the same width-fo-height ratio. Obert et al. (1960) also

assume that the load is carried uniformly across the pillar. They recom-

mend a safety factor of two to four to account for variations in the rock

strength and the load on the pillar. This method is suitable for rock that

has little or no structure; however, this is not the condition at Marble

Peak where the rock mass has a significant amount of structural discon-

tinuities. Therefore, the assumption that the rock substance strength

equals the rock mass strength is invalid at Marble Peak. To use a safety

factor of four to account for this difference in strength may result in an

overdesign in some cases and an underdesign in other cases.
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S1956) approach of the weakest link results with a
load-carryity less than zero, which is unrealistic. The con-
cept that tlh of a chain is determined by the weakest link and
that the lohain the greater the chance of having a weak link is
not unreas(owever, every link in a chain depends on the next,
whereas a Ja pillar may fail but the remaining part may be able
to carry thed. Therefore the Skinner method results with a
highly consnswer. |

Bi(1968) assumed that as the size of a pillar increases
the pillar rédundamental strength; i.e., the number of flaws per
volume of n constant. This concept appears reasonable, but
the determithe volume of material at which the fundamental
strength is 5 difficult. Biehiawski stated that for coal the fun-
damental stis reached at a five-foot cube, which was the largest
specimen tels may or may not be the exact size at which the

fundamentalis reached for othe rock types. The five-foot cube
is certainlyier of magnitude at which the fundamental strength
is reached. the fracture spacing (0.2 ft) of the coal Bieniawski
tested and tle spacing (0.2 ft) of the ABC zone are re lafively

the same, itssumed that the five-foot cube is the volume at

which the ful strength is reached for the ABC zone. The

strength of thot block can be estimated by using the Skinner
method. Althk approach seems reasonable, the estimated size
at which theital strength is reached is questionable and the

Skinner methnly results in a conservative strength.
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Salamon and Munro's (1967) approach of back analyzing exist-
ing pillars and developing an equation that best fits the strength distri-
bution of the pillars is good. By assuming that the exponents for the
height and width of a pillar are the same for the ABC zone as for coal,
an estimate of the strength of a cubic foot of rock can be made by using
Skinner's method. Although the Skinner method underestimates the
strength of a pillar, it 'is reasonable to use this method to estimate the
strength of a unit cube becatitse the unit cube size is much .closer to the
specimen size than it is to the pillar size. The Salamon and Munro
method is valid as long as there are existing pillars to work with; how-
ever, if there are no existing pillars and the rock type is not similar to
coal, this method is not applicable. The Salamon and Munro method can
be modified by predicting the strength of a unit cube by Skinner's method,
but whether the exponents remain the same for different rock types is not
known. _

Wilson's (1972) approach is that the pillar carries most of the
load in its inner core and the outer core carries little load but confines
the inner core. His method requires input of rock mass friction angle
and cohesion, which are difficult to measure or calculate. The method
allows for pillars other than square. While all methods account for
width-height ratio, none accounts for length-width ratio except to say
that it should not exceed 10:1.

From this analysis it is my opinion that the Wilson method is
the most applicable for the ABC zone rock. The Wilson method best ac-
counts for the way in which a pillar carries its load, and it uses the

parameters that are applicable to the property. A combination of the
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Bieniawski and Skinner methods or of the Salamon and Munro and Skinner
methods results in similar values for the load-carrying capacities as ob-
tained in the Wilson method. However, these combination have not been

checked with actual results. -

-Pillar-width Nomograph

A nomograph, using the Wilson method, can be used to deter-

mine the pillar width given the following (Abel, 1974b):

1. Depth (thickness of overburden).

2. Room width.

3. Crésscut width,

4, Room length.

5. Room height.

6. Rock mass properties.
Figure 41 is an example of the nomograph. The following is a guide for

its use:

Step
1 Determine height of pillar and choose corresponding nomograph

(30 ft)
2  Determine depth to be analyzed (600 ft)
3 - Determine maximum tributary-area load (210,000 tons)
4  Specify required safety factor (1.6)
5 Calculate required load-carrying capacity (210,000 x 1.6 =

336,000 tons)

6 Read pillar width for depth and load-carrying capacity (32.5 ft)
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CHAPTER 8
SUMMARY AND CONCLUSIONS

Rock Mass Strength and in Situ Stress Field

Based on statistics and engineering judgment, the rock proper-
ties for the ABC zone, the upper Abrigo, and the Martin were pooled.
The pooled rock properties described the rock mass in the ABC zone area
as a high-strength (16,000 to 32,000 psi), elastic, layered, broken to
very broken, hydrothermally altered limestone. An estimate of the rock
mass shear strength was made using the minimum resistance step path
analysis and the shear strengths from rock-on-rock direct shear tests
and triaxial compression tests on intact rock. The estimated rock mass
shear strength (1) can be described as

T = 630 + 6 tan37° (psi). (22)

The in situ stress field was estimated by using two indirect
methods: (1) measuring the residual stress and adding it to the gravi-
tational stress and (2) relating the stress field to the geology and struc-
ture of the area., For the pillar analysis the maximum stress was
considered to be horizontal bearing N. S0CE. and the minimum stress

to be vertical and equal to the overburden load.

Stope and Pillar Analysis

.Pillar orientation is both an operations consideration and a
stability consideration. Based on structure alone, a pillar with walls
normal to the bedding dip with a long axis parallel to the dip direction

140
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will be the most stable. For operational considerations, a vertical pillar
wall will be the more advantageous. Walls nox;mal to bedding will be
used in the pillar analysis because this will probably be the final stable
condition. Stope height is defined by the thickness of the mineralized
zone, and stope length will be 60 feet for operational rea‘sons .

Roof stability determines room width. Assuming that the roof
acts as a uniformly loaded, fixed-end beam, the maximum roof width can
be determined by comparing the stress at the center of the roof beam to
eitl}er the in situ stress acting in the same direction or the tensile
strength of the rock with ani appropriate safety factor. Because the rock
mass tensile strength approaches zero, it is believed that comparison of
the bending stress to the in situ stress is more realistic. The current 18-
foot-wide openings are at a depth of 620 feet and are stable. From this

information, using the beam analysis, the following room widths and

depth intervals are recommended:

Depth (feet) Room Width (feet)
0-500 18
500-700 20
700-900 24

The load on the pillar was calculated from the tributary-area
method, which assumes that the entire overburden load on the pillar is
carried half way to the next pillar. This probably gives a conservative
estimate due to formation of a pressure arch, It is difficult to evaluate
the exact geometry of this pressure arch, Using the pressure arch con-

cept, the pillars in the center should be the widest, i.e., have the
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highest safety factor, while those pillars nearest the unmined rock can
have the lowest safety factor.

Of the five basié pillar design methods compared, ‘Wilson's
method, which uses rock mass shear strength based on the step path,
appears to be the best method. Wilson's method attempts to account for -
the distribution of the load on the pillar and uses the rock mass proper-
ties. With Wilson's method, the pillar width can be determined from a
nomograph for a given room length, room width, room height, and rock .

mass properties.

Recommended Future Work

The approach for estimating the rock mass strength using the
minimum resistance step path program needs to be improved. Special
concentration is required in defining the distribution of fracture overlap,
improving the step path pfograin to handle more complex decisions on the
stepping procedure, a finite element analysis to determine the stress
concentration at a rock bridge, and field data to check the method.

More work is needed to determine if the in situ stress can be
obtained either by measuring the residual stress and adding it to the
gravitational stress or by defining the stress field from the geologic
structure.

For a pillar design in rock the input parameters are never ab-
solute and the analysis should therefore be based on a probabilistic .
rather than a deterministic approach. The deterministic approach assumes
unique input parameters which do not adequately represent the variability

of the rock mass strength; therefore, a calculated safety factor greater
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than one does not mean that all pillafs are stable but only those with
the given parameters. The probabilistic approach can be accomplished
by adding a Monte Carlo overlay to the analysis and determining a dis-
tribution of safety factors. The probability of failure is then the per-
centage of iterations with safety factors less than one. The mine

management can then better evaluate the risk of failure versus capital

gain,



APPENDIX A

METHOD OF STRUCTURAL DATA
COLLECTION AND ANALYSIS

At this time there are two popular methods of collecting struc-
vtural data: detail line and joint set mapping. The joint set mapping dis~
cussed by Call (1972) involves measuring mean orientation and fracture
characteristics for each fracture set in a 10- to 15-foot zone. The detail
line technique proposed by Call (1972) entails stretching a tape along
the wall and measuring all fractures 6 inches or longer that intersect the
tape. Because of the tape's orientation, two joint sets could be missed:
the set striking nearly parallel to the tape and the set dipping less than
25 degrees. Therefore, to minimize the bias all fractures in a zone one
foot above and below the tape were measured with footage marked at the
projected intersection. Savely (1972) has shown that little change in the
rock fabric occurs after measuring 60 joints in a complex porphyry de-
posit. To ensure a suffient amount of data Savely used 100 measure-
ments as the cutoff point. Because the fracture pattern at Marble Peak
is no more complex that that of the Sierrita open pit examined by Savely,
100 fracture observations should be ample. The detail line method was
used in this study for the following two reasons:

1. Not enough spot samples for the joint set mapping could be
taken due to limited exposure of the ore zone.
2. Joint spacing from joint set mapping is a judgment number,
whereas spacing from a detail line is based on measured footage.

144
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The data recorded for each joint were:

1.

10.
11.
12,
13.
14,

Distance along the tape where the joint or its projection inter-

sect the tape.

-Rock type.

Structure type, i.e., bedding plane fracture, single fracture,

fault, contact.

Fracture orientation; care was taken to correct for maénetite
affecting the readings.

Minimum dip; the flattest dip of the joint.

Planarity; a qualitative rating technique that categorizes the
waviness of the joint on a scale of 3 feet or greater (Fig. A-1).
Continuity; a qualitative measure of intact rock (Fig. A-1).
Roughness; a qualitative measure similar to planarity, except
the roughness is on the scale of one inch (Fig. A-1).

Length; the maximum traceable distance that the fracture can
be observed; limited by the width of the drift.

Fracture thickness.

Practure filling; the different fillings were noted, if any.

Presence of water.

Existence of slickensides.

Bookkeeping; the page and column were noted for referencing.

In addition to the above data, the line number, date, data collector, the

bearing and dip of the face, and general location of sample area were

noted on the data sheet.

The poles to fracture planes were plotted on a Schmidt equal

area, lower hemisphere azimuthal projection net for analysis (Billings,
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1942). A computer program was used to plot the 100 poles and calculate
the percenfage of poles per one percent area of the projection. To evalu-
ate the randomness of pole concentrations, Poisson's exponential bino-
mial limit were used (Pincus, 1951; Spencer, 1959). Fracture sets were
defined as significant if the percentage of poles was greater than 2.8
percent. This meant the fracture sets equal to above that percentage had
at least an 80 percent probability that they were not a random occurrence.

As discussed earlier, the possibility of bias occurs for fracture
sets that are nearly parallgl (+ 109) to the strike of tape. This area has
been called the "blind" zone by Terzaghi (1965), and she has presented
a method to correct the data. However, this bias correction is not con-
sidered necessary because care was taken to observe these "blind" frac-
tures. In addition, another check detail line will be run approximately
90 degrees to the first line.

The average orientation of each fracture set was determined by
two methods: (1) the mode (highest concentration of poles) and (2) the
mean vector. Because the mean vector analysis gives equal weight to
each fracture, even those on the extreme limits, the modal orientation
was used to represent each fracture set. The mean and mode minimum
dips were also calculated for each fracture set. The planarity, continuity,
and roughness factors, and fracture filling were calculated as a percent-
age of the total fractures for the given fracture set. The mean, mode arid
maximum lengths; mean, mode and minimum spacing; and mean and mode

thickness were calculated for the defined fracture sets.



APPENDIX B

STANDARD PROCEDURES FOR TESTING ROCK CORES
AND CALCULATING ROCK SUBSTANCE PROPERTIES

1. Unconfined Compressive Strength

a. Specimen preparation

Drill core is cut with a diamond saw to a length-diameter
ratio between 2:1 and 3:1. The ends of the samples are ground

flat and parallel to the core axes with a Rockwell Delta surface

grinder.
b. Testing

The specimens are 1oaded at a nominal rate of 400 1b/s
in a Structural Behavior Engineering Laboratories, Inc. CT-500
equipped with a hemispherical seat on the upper platen and a
Coates-type Teflon seat on the lower platen. One-inch steel
disks the same diameter as the core are placed between the
core and the platen.

The maximum load at failure is recorded by a hydraulic
pressure gage.

The maximum compressive strength in pounds per square
inch is determined by dividing the maximum load by the cross

sectional area of the specimen.

2. Deformation Modulus and Poisson's Ratio
a. Specimen preparation

Same as unconfined compression.
148
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Strain measurements

Lateral and longitudinal strains are measured with an SR-4

stréin gage 90-degree rosette glued to the midpoint of the

sample.
Load measurement
The load is measured by a load cell.
Data output
The load and longitudinal strain are recorded on one XY

recorder to obtain the stress-strain curve from which Young's

modulus is determined.
Testing procedure

The specimen is mounted in the testing machine in the same
configuration as for the unconfined compression. The specimen
is loaded to about a third the compressive strength and then un-

loaded to determine the permanent strain. Then the specimen is

loaded to failure.
Computation of deformation modulus

The deformation modulus (E) is computed from the stress-
strain curve as a tangent modulus where
E = QS
Ae
If the stress-strain curve is not linear, the modulus is com-
puted for segments of the curve and the stress range is specified.

Computation of Poisson's ratio

Poisson's ratio (p) is computed from the lateral strain—

longitudinal strain curve where
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= _Qﬁ lateral
A €longitudinal

!

If the curve is not linear, p is computed for segments of the

curve and the stress range is specified.

3. Brazilian (Indirect Tensile) Test

al

Specimen preparation

Specimen preparation consists of cutting core into pieces

1/2 to 1 inch long. The length and diameter of each core disk

are recorded.
Testing procedure

The testing machine and accessories described for the uni-
axial strength test are used. The core disks are mounted in the
testing machine with the diameter ends against the platens.
The load is applied at a nominal rate of 1,000 pounds per
minute. The maximum is recorded after the specimen fails.

Computation
The tensile strength is reported for each specimen, calcu-
lated by the formula:
Tg = 2P/7 DL
where P is the applied load, D is the diameter, and L is the
length.

The mean and standard deviation of the tensile strength are

reported for groups of specimens of the same rock type.
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4, Triaxial Compression Strength

a. Specimen preparation
Same as for unconfined compression. In addition, the core
-and platens are sealed with shrink tubing.
b. Testing
Sealed core and platens are seated in a Structural Behavior
Engineering Laboratories, Inc. triaxial compression celi and
filled with hydraulic fluid. A vertical load of 25 percent the
uniaxial compression strength is applied before the desired
confining stress is applied. The vertical load is applied at a
nominal rate of 400 pounds per second until failure.
c. Load measurements
The confining load is measured with a dial gage. The ver-
tical load is measured by a BLH electronic load cell
d. Data output
The failure load for a given confining stress is recorded on
the XY recorder. The failure stress is calculated by the follow-

ing formula:

Failure load - Confining pressure (3.55 -
Failure stress = area of specimen)

Area of sample

5. Rock-on-Rock Cut Direct Shear Strength
a. Specimen preparation
. Drill core is cut into two disks with heights of 1/4 and 1

inch. The two surfaces are ground to ensure at least 75 percent
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contact. To prevent high stress concentrations on the edges of
the disk, they are beveled.

Testing

A modified Soiltest direct shear machine that will accom-
modate up to a 2.5-in.-diameter specimen. A combination
worm belt—variable speed electric motor drive gives a nominal
0.05 inch per minute loading rate. The normal load is provided
through a level arm~dead load arrangement. The test is run
through four to five different normals for a displacement no
greater than 25 percent of the speciinen diameter.
Load measurements

Shear load is measured using a load cell. The specimen
displacement is measured using a LVDT and a 1-in. dial gage.
Data output

The shear load versus displacement is recorded on the XY
recorder for each normal. An area correction is made, then the
shear stress versus the normal stress is plotted to calculate

the shear strength equation.



APPENDIX C

ADDITIONAL DATA ON PHYSICAL ROCK PROPERTIES
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Table C-1. Uniaxial compression samples

Specimen Drill Hole Depth below Rock Height/Diameter

No. No. Collar (ft) Type Ratio
A-1 70 552 Ore 2.1
B-2 crosscut 6400 elev. Ore 2.1
B-3 2.1
B-4 2.1
B-5 2.0
B-6 2.1
C-1 6 789 UAL 2.2
C-2 - 6 789 2.1
C-3 45 705 2.2
C-4 75 671 2.1
C-5 37 377 1.9
C-6 69 535 2.1
C-7 72 256 1.9
D-1 6 773 Martin 1.9
D-6 6 773 2.0
D-3 69 521 2.1
D-4 72 239 2.2
D-5 4 711 2.1
D-6 4 . 711 2.0
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Table C-2, Brazilian disk tension samples

Specimen Drill Hole Depth below Rock Height/Diameter

No. No. Collar (ft) Type Ratio
M-1 70 552 Ore 0.50
M-2 70 552 .50
M-3 70 547 .50
M-4 crosscut 6400 elev. .40
M-5 .46
M-6 .49
M-7 .36
M-8 .50
M-9 .45
M-10 .47
N-1 6 . 789 UAL .33
N-2 6 789 .38
N-3 6 789 .41
N-4 45 705 .48
N-5 45 705 .49
N-6 75 671 .45
N-7 69 535 .41
"N-8 37 379 .34
N-9 37 379 .42
N-10 37 379 .30
0-1 6 773 Martin .41
0-2 69 521 .46
0-3 72 - 239 .36
0-4 72 239 .45
O-5 45 711 .28
0-6 45 711 .36
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Table C-3. Triaxial compression samples

Specimen Drill Hole Depth below Rock Height/Diameter

No. No. Collar (ft) Type Ratio
T-1 70 552 Ore 2.2
T-2 70 547 2.1
T-3 crosscut 6400 elev. 2.0
T-4 2.1
T-5 2.1
A-2 70 547 2.1
B-2 crosscut 6400 elev. 2.1
B=-7 2.1
C-7 72 256 UAL 1.9
C-8 45 684 2.1
C-9 37 379 2.0
C-10 72 257 2.0




Table C-4, Failure stress; stiffness with its stress range; and Poisson's

ratio with its stress range

Speci- Failure
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men Stress  Stiffness Stress Range Poisson's Stress Range
No. (psi) (E) (psi) (psi) Ratio (psi)
ABC Zone
A-1 28,000 40.0x106 2,500- 7,400 0.20 0-16,000
17.5 7.,400-10,000 .22 16,000-22,000
14.0 10,000-15,800 .32 22,000-28,000
11.8 15,800-26,500
6.7 26,500-28,000
B-2 20,500 60.0 0- 3,500 .18 0-17,000
31.4 3,500~ 7,000 .27 17,000-20,500
18.8 7,000-11,000
14.4 11,000-20,500
B-3
Run 2 33,500 45.0 0- 4,000 .21 0-26,400
24.0 4,000~ 7,500 .37 26,400-33,500
17.5 7,500-11,390 '
13.0 11,300-18,000
12.2 18,000-33,500
Run 1 14.3 0- 4,500 .20 0- 7,500
10.7 4,500- 5,800 - 022 7,500-11,600
- 8.3 5,800-18,700 .29 11,600-15,500
‘ .36 15,500-18,700
B-4 17,500 26.3 0~ 6,000 .61 0- 9,500
16.1 6,000- 9,500 .75 9,500~11,900
12.5 9,500-14,000 .93 11,900-~13,200
10.7 14,000-17,300 1.30 13,200-14,600
B-5 -
Run 2 33,100 22.0 0- 4,000 .33 0- 9,000
15.7 4,000~ 7,000 .20 9,000-16,500
10.4 7.,000-25,000 .30 16,500-26,000
9.2 25,000-33,100 .45  26,000-33,100
Run 1 28.1 0- 2,500 .25 0-10,000
22.2 2,500- 3,900 .20 10,100-16,300
17.5 3,900~ 5,400 .24 16,300-21,400
13.9 5,400- 7,400
10.0 7,400-12,500
9.4 12,500-21,400
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Table C-4. Failure stress--Continued

Speci- Failure

men Stress Stiffness Stress Range Poisson's Stress Range
No. (psi) (E) (psi) (psi) . Ratio (psi)
B-6 20,400 42.9x106 0- 1,500 0.19 0-16,400
: 23.0 1,500- 3,700 .32 16,400-20,400
17.9 3,700- 6,000
14.3 6,000- 8,000
11.8 8,000-15,800
13.5 15,800-20,400

Unminera liz.ed Upper Abrigo

Cc-1 15,000 20.0 0- 3,200
12.5 3,200~ 7,400
9.1 7,400-15,000
C-2 16,000
C-3 24,500 11.5 0- 4,500 .11 0- 8,500
8.6 4,500~ 7,000 .16 8,500-12,000
6.8 7,000~ 9,200 .21 12,000-16,100
5.7 9,200-24,100 .31 16,100-20,000
0.5 24,100-24,500 .40 20,000-24,000
.53 24,000-24,400
.88 24,440-24,500
Cc-4 15,000 25.0 0- 3,800 .22 0-15,000
16.7 3,900- 6,800
11.0 6,800- 9,300
9.2 9,300-14,500
C-5 ‘
Run 2 13,000 9.2 0- 700 .24 0- 5,500
' 12.9 700- 7,100 .40 5,500-10,000
6.4 7,100-13,000 .60 10,000-13,000
.93 13,000-13,000
Run 1 1.1 0- 500 1.6 13,000-13,000
2.5 500- 2,100
3.3 2,100- 7,400
2.7 7,400- 9,000
2.3 9,000-11,200



Table C~4, Failure stress--Continued

Speci- Failure

159

men Stress Stiffness Stress Range Poisson's Stress Range
No. (psi) (E) (psi) (psi) Ratio (psi)
C-6 14,500 25.0x106 0- 2,500
‘ 16.0 2,500- 6,600
11.1 6,600- 9,500
8.8 9,500-14,500
Unmineralized Martin
D-1 10,500 4.8 0- 4,800 .22 0- 2,700
4.0 4,800~ 7,500 .44 2,700~ 4,000
3.0 7.,500- 8,900 .50 4,000~ 7,100
2.1 8,900- 9,600 .56 7,100~ 8,500
1.0 9,600-10,500 .76 8,500~ 8,900
.70 8,900~-10,500
D-2 13,500 70.0 0- 4,500 .22 0- 1,200
28.3 4,500- 6,500
20.5 6,500~ 9,500
12.9 9,500~13,500
D-3 26,600 13.3 5,000- 7,500 .13 0-11,000
10.0 7.,500- 8,800 .22 11,000-~15,600
7.1 8,800-12,800 .32 15,600-~19,500
7.3 12,800-19,000 .46 19,500-~-22,500
5.7 19,000-23,000 .60 22,500~-24,600
4.6 - 23,000-24,900 .72 24,600-25,800
3.6 24,900-26,600 1.00 - 25,800~26,600
D-4 16,700 17.5 0- 2,800 .18 0-~-16,700
11.4 2,800-12,400
7.5 12,400-16,700
D~-5 20,500 15.0 0- 9,300 .26 0-17,100
12.0 9,300-~-14,800 .16 17,100-20,500
10.7 14,800-20, 500
D-6 39,000 23.3 0- 6,000 .11 0-26,800
- 16.0 6,000-11,500 .19 26,800~30,500
12.5 11,500-17,000 .28 30,500-~-34,700
10.8 17,000~-28,900 .38 34,700-37,000
9.8 28,900-35,000 .47 37,000-39,000
10.0 35,000-39,000 :




APPENDIX D

SAMPLE COLLECTION AND TEST PROCEDURE
FOR RESIDUAL STRESS RELIEF*

1. The sample is oriented before removal from the drift wall.

2. A plane parallel to the bedding plane and two other planes or-
thogonal to the bedding plane are cut with a diamond saw. On
each plane a surface at least 2 inches in diameter is ground
smooth. The locations of these ground areas should not be on
or near known fractures wherever possible.

3. The ground areas where the strain gages are to be attached are
thoroughly cleaned wifh a solvent to remove grit and oil.

4, The straingages are attached to the rock surfaces with epoxy
cement in the following manner:

a. Epoxy is placed on the ground surface where a gage is to
be fixed. |

b. The gage is positioned and oriented in the desired manner
and then covered with several pieces of Teflon-type tape.

c. A piece of soft sponge 1/4~- to 1/2-inch thick is placed
over the Teflon tape.

d. Masking tape is wrapped around the rock to hold down the
sponge, which, in turn, applies equal pressnire on the

strain gage. The tape holds the strain gage in place and

* Procedure is modified from Gen@ (1872).
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the Teflon tape prevents the sponge from sticking to the
gage. The tapes and sponge are removed after epoxy has
hardened (approximately 24 hours). BLH. three-element,
450 rosette strain gages, Type FABR-50-1256 were used.

"The gage/grid length of these gages is 0.5 inches and the

carrier trim is 11/16 inches in diameter. |
One lead from each of the three elements is soldered to a gold
post. The remaining leads are all soldered to the fourth post,
thus forming a common ground.
A thin protective covering of epoxy is spread over the gage and
the trim, especially over the area of the gage. Before the epoxy
hardened the four gold posts are placed on the outer edges of
the trim. As the epoxy hardened the posts are fifmly attached.
Each element of every gage is monitored by using a "switch-and-
balance unit" connected to a Budd strain indicator. The data
measured are strain changes (micro inches per inch) for each
element, the time of the reading, and the temperature in de-
grees Centigrade. Plots are made of change in strain readings
versus time for each gage (Fig. 25, in pocket). After deformation
due to the saw cuts and surface grinding ceases andthe relative
changes in strain readings, the conclusion is that the strain
readings have essentially stabilized and the gages are indicat-
ing contraction and expansion of the rock due to temperature
changes. This can take anywhere from 4 to 12 weeks to occur.
After the strain readings have stabilized, a plastic disk 13/8

inches ID by 1/4 inch thick with a'pproximately a 2-inch OD is
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placed around the strain gage and cemented with epoxy. This
serves as a collar guide for overcoring.

The strain gage is overcovered with a diamond bit to a depth of
approximately 2 inches. Rambosek (1964) has shown that relief
of stresses in a core is complete when drilling has reached
11/2 core diameters from the face of the borehole.

After overcoring is completed, the specimen is égain monitored.
Monitoring continues until the rock specimen has again sta-
bilized. The resultant change in strain readings before and
after overcoring représents the measurement of residual strain
released as the result of overcoring.

The overcored segment is broken free from the block. Again the
strain gages are monitored until they stabilize. The resultant
change in strain readings before and after release from the

block represents the total strain released without crushing the

rock.



- APPENDIX E

A GUIDE TO THE ESTIMATION
OF IN SITU STRESSES* =~
It is commonly necessary to make a reasonable estimate of the
orientation and magnitude of the in situ stresses without the benefit of
stress measurements. The following is presented for estimating the
orientation of the three~-dimensional principal stresses using the geo-
logic environment. Answer the following questions:
1. What is the rock type?
Igneous — high horizontal stress probable. (Go to 2.)
Metamorphic — high horizontal stress probable. (Go to 6.)
Sedimentary — high horizontal stress possible. (Go to 10.)

2. Is there nearby faulting (= 100 ft)

Yes — Opmax is approximately parallel to fault strike.
(Go to 3.)

No — (Go to 4.)
3. Normal faulting or reverse and strike-slip faulting?
Normal — 6,4 is downdip on the fault.

Omin 1S normal to the fault plane. (Go to 18.)

Reverse — 6 int is normal to the fault plane.
and

Strike-
slip — O i, s downdip on the fault plane. (Go to 18.)

*This procedure is from Abel (1974a).
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4. 1Is one joint set pervasive and predominant?
Yes — Omax lies in plane of this major joint set.

Oint lies in plane of this major joint set.

O min 1s normal to plane of this major joint set.
(Go to 5.)

No — Principal stresses line up W1th orthogonal joint sets?
(Rank joint sets based on average spacing; closer
spacing means higher rank.)

O max 1s parallel to the line of intersection between
the two highest rank joint sets and normal to

the lowest rank joint set.

Omin is normal to highest rank joint set, i.e., the
joint set with the closest average spacing

Oint 1s orthogonal to 6 3% and 6pin. (Go to 18.)

5. Rank remaining joint sets based on average spacing.

O max is in the plane of the highest rank joint set
and approximately normal to the lowest rank
orthogonal joint set.

Oint 1is orthogonal to o' pzx and 6 min. (Go to 18.)

6. Is there a pervasive local foliation orientation?
Yes — Gax lies in the plane of the foliation. (Go to 7.)
No —- (Go to 2.)

7. 1Is there a joint set present in the plane of the foliation?
Yes — G in is approximately normal to foliation. (Go to 9.)
No — (Go to 8.)

8. Is one joint set pervasive and predominant?

Yes — Opax lies in plane of this major joint set.

Cint lies in plane of this major joint set.
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Omin 1s normal to plane of this major joint set.
(Go to 9.)

No — Principal stresses line up with orthogonal joint

sets. (Rank joint sets based on average spacing.)

Omin is normal to highest rank joint set, i.e., the
joint set with closest average spacing.

Omax is in the plane of the highest rank joint set

and approximately normal to the lowest rank
orthogonal joint set.

Cint is orthogonal to 0% and Gin. (Go to 18.)

9. Rank remaining joint sets based on average spacing.

Omax is parallel to the line of intersection between
the foliation and the predominant joint set.

Gint is orthogonal to 65 and opin- (Go to 18.)

10. 1Is the area under study near a fault? (s 100 ft)

Yes — Opax lies parallel to the line of intersection be=
tween the plane of the fault and the bedding.

O min 1s normal to the fault and orthogonal to o'max.

Gint lies in the plane of the fault and orthogonal
to Umax and d.min. (GO to 18 .)

No — (Go to 11.)

11. Is the bed in which the principal stresses are to be estimated

stiffer than the adjacent beds and less than 10 times as thick,
in feet, as the ratio of the modulus of the bed (EB) to the aver-

age modulus of the adjacent beds (Ep)?

Yes — 6 rﬁax and Gypt lie in the plane of the bedding.

Gmin 1s normal to the bedding. (Go to 12.)
No — (Go to 13.)
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Rank crossbedding joints based on average spacing.

O max lies parallel to the line of intersection be-
tween the bedding and the highest rank cross-
bedding joint set. :

Oint 1is orthogonal to 6 5% and Gmin. (Go to 18.)

Is the bed in which principal stresses are to be estimated less
stiff than the average stiffness of the adjacent beds and less -
than 10 times as thick, in feet, as the ratio of the average
modulus of the adjacent beds (Ep) to the modulus of the bed
itself (Eg)?
Yes — Opax is normal to plane of bedding. (Go to 14.)
No — (Go to 15.)
Rank crossbedding joints based on average spacing.

Gint lies parallel to line of intersection between

bedding and highest rank crossbedding joint

set.

Omin is normal to highest rank crossbedding joint
set. (Go to 18.)

Bed in which principal stresses are to be estimated is massive
(=100 ft).
Yes — Opmax is roughly perpendicular to bedding (Go to 16.)
No — (Go to 11.)
Bedding is flat lying.

Yes — Rank crossbedding joints based on average spacing.

Gint is horizontal to and lies in plane of highest
rank crossbedding joint.

O min is horizontal to and normal to highest rank
crossbedding joint. (Go to 18.)

No — (Go to 17.)
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17. Are there crossbedding joint sets?

Yes — Rank crossbedding joint sets based on average
spacing

Gint lies in plane of bedding and in plane of high-
est rank crossbedding joint set.

O min lies in plane of bedding and normal to highest
rank crossbedding joint set. (Go to 18.)

No — Oint is parallelto strike of bedding.
Gmin is perpendicular to strike of bedding.
18. The principal stress orientations you have just estimated are
just that, "estimates," subject to change when stress measure-

ments are made.

One method of estimating the magnitude of the three-dimensional
principal stresses is to take the orientation results and answer the follow-
ing:

Govb = Overburden stress (7H)

19. What is the rock type?
Igneous. (Go to 20.)
Metamorphic. (Go to 22.)
Sedimentary. (Go to 24.)
20. Is there nearby faulting? ( = 100 ft).
Yes — (Go to 21.)
No — Omax Is approximately (2)°1.5 6gyp-
O6int 1s approximately 1.0 6gyp-

Gmin is approximately (=) 1.0 6gyp-
(Go to 28.)
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21. Normal faulting or reverse and strike-slip faulting.

Normal — Gpax is approximately (=) 2.0 o ovb. -
Oint is approximately 1.0 6ovb.
Omin 18 approxirﬁately (=)1.0 6ovb.

Reverse — Opax is approximately (=) 2.0 Sovb-

and

Strike- Cint 1s approximately 1.5 6ovb.
slip

Omin 1S approximately (=) 1.0 Govb.
(Go to 28.)
22. 1Is there nearby faulting? ( = 100 ft)
Yés — (Go to 23.)
No — Cmax 15 approximately (=) 2.0 ogyb.
Cint 1s approximately (=) 1.0 6gyb.

G min 1S approximately 1.0 6ovb-
T (Go to 28.) -

23. Normal faulting or reverse and strike-slip faulting?
Normal — 6 ax is approximately (=) 2.0 dovb.
Cint 1s approximately 1.5 Coyb-
O min 1S @pproximately ( = ) 1.0 6gypb-
Reverse — 0 5% is approximately (=)3.06gyb-

and

Strike- Cint IS approximately (=) 2.0 04yp-
slip

6 min is approximately (<) 1.5 6gyp.
™ (Go to 28.)
24, 1Is there nearby faulting? ( = 100 ft)
Yes — (Go to 25.)

No — (Go to 26.)
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25. Normal faulting or reverse and strike-slip faulting.
Normal — Gmax is approximately (=) coypb.
Oint s approximately Oovb-
Omin 1S approximately (=) Sovb*
Reverse — Gpax is approximately (=) 1.5 ogyp-

and
Strike-  Gynt 1is approximately (2) 1.0 Soyp.
slip :
Omin is approximately 1.0 6ovp-
(Go to 28.)

26. Is the thickness of bed in which principal stresses are to be
estimated less than 10 times the ratio, in feet, of the higher
modulus bed(s) to the lower modulus bed(s)?

Yes — (Go to 27.)
No — Opnax s approximately Covb*

Cint 1s approximately (=) o oyp-

Omin 15 approximately (S ) ooypb.
(Go to 28.)

27. 1Is the stiffness (modulus) of the bed in which principal stresses
are to be estimated (EB) greater than the average stiffness
(modulus) of the adjacent beds (Ep)?

Yes — O ppax Is approximately ( =) (Eg/Ep) 0ovb-
Oint 1s approximately (=) (Eg/Ep) Coyh-
Omin is approximately Sovb*
No . — G'pax is approximately Covb-
Cint is approximately ( =) (Eg/Ep) Govb-

G min 1S approximately (=) (EB/EA) Sovb.
(Go to 28.)
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The estimation of the magnitude of the three-dimensional prin-
cipal in situ stresses is unlikely to produce a truly accurate
picture. However, an error between stress estimate and mea-
surement must be quite large before geometric stress concen-
tration locations are greatly altered. Without estimates of
stress orientation and magnitude it is impossible to approach

the rock stability enigma; applied stress versus in-place

strength.



REFERENCES

Abel, J. F., 1974a, A guide to the estimation of in situ stresses: un-
published paper, Golden, Colorado School of mines.

1974b, Oral communication: Golden, Colorado School of
Mines.

Alder, H., Potts, E., and Walker, A., 1951, Research on strata control
in the northern coalfield of Great Britain, in Proceedings,
Inicher-International Conference at Liege, p. 106-120.

Alder, L., and Sun, M., 1968, Ground control in bedded formations:
Research Division, Virginia Polytechnic Institute, Bull. 28,
266 p.

Anderson, E. M., 1951, The dynamics of faulting and dyke formation

with applications to Britain, ed. 2: Edinburgh, Oliver and
Boyd. _ ' :

Ashwin, P, P., 1972, Research into the determination of pillar size.
Part II. Measurements of stress in two pillars at Lea Hall
Colliery: Mining Engineer (London), v. 131, p. 417-427.

Bielenstein, H. V., and Eisbacher, G. H., 1969, Tectonic interpreta-
tion of elastic-strain-recovery measurements at Elliot Lake,
Ontario: Canadian Dept. of Energy, Mines and Resources,
Mines Branch Research Rept. 4210, 64 p.

Bieniawski, Z. T., 1968, The effect of specimen size on compressive
strength of coal: Internat. J. Rock Mechanics and Mining
Science, v. 5, p. 325-335.

Billings, M. P., 1942, Structural geology: Englewood Cliffs, N.J.,
Prentice-Hall, Inc.

Braun, E. R., 1969, Geology and ore deposits of the Marble Peak area,
Santa Catalina Mountains, Pima County, Arizona: unpublished
M.S. thesis, University of Arizona, 79 p.

Call, R. D., 1972, Analysis of geologic structure for open pit slope de-
sign: unpublished Ph.D. dissertation, University of Arizona,
204 p.

, and Nicholas, D. E., 1974, Method of computing the mini-

- mum resistance step path for rock slope design: unpublished
report, Tucson, Arizona, 18 p.

171



172

Coates, D. F., 1970, Rock mechanics principles, revised: Queen's
Printer, Ottawa, Mines Branch Monograph 874, 442 p.

, and Grant, F., 1966, Stress measurement at Elliot Lake:
Canadian Min. Met. Bull., v. 59, no. 649, p. 603-613.

Coates, D. F., and Gyenge, M., 1973, Incremental design in rock
mechanics: Ottawa, Queen's Printer, Mines Branch Mono-
graph 880, p. 78.

Cochran, W. G., Mosteller, F., Turkey, J. W., and Jenkins, W. O.,
1954, Statistical problems of the Kinsey report on sexual be-
havior in the human male: Washington, D.C., American Statis-
tical Assoc., 338 p.

Continental Copper, Inc., 1974a, Surface geology map: Oracle, Arizona,
unpublished.

1974b, Underground geology map: Oracle, Arizona, unpublished.

Coulson, J. H., 1970, The effects of surface roughness -on the shear
strength of joints in rocks: Omaha, Nebraska, River Division,
Corps of Engineers Tech. Rept. MRD2~70, 293 p.

Creasey, S. C., and Theodore, T. G., 1975, Preliminary reconnaissance
geologic map of the Bellota Ranch quadrangle: U.S. Geolog.
Survey open-file Rept. 75-295.

Deere, D. U., 1968, Geological considerations, in Stagg, K. G., and
Zienkiewcz, eds., Rock mechanics in engineering practice:
New York, John Wiley & Sons, Inc., p. 1-20.

Denkhaus, H. G., 1962, A critical review of the present state of scien-
tific knowledge related to the strength of coal pillars: South
African Inst. Mining Metallurgy J., v. 63, p. 59-75.

Donath, F. A., 1961, Experimental study of shear failure in anisotropic
rocks: Geol. Soc. America Bull., v. 72, p. 985-990.

1966, A triaxial pressure apparatus for testing of cénsolidated
or unconsolidated materials subject to pore pressure: Testing
Techniques for Rock Mechanics, ASTM, STP 402, p. 1-41.

DuBois, R. L., 1959, Geology of the Santa Catalina Mountains, Arizona,
in Heindl, L., A., ed., Southern Arizona guidebook II: Tucson,
Arizona Geol. Society, p. 107-116.

Evans, I., 1970, Discussion of Z. T. Bienawski's paper, The effect of
specimen size on compressive strength of coal: Internat. Jr.
Rock Mechanics and Mining Science, v. 7, p. 230.



173

Evans, W. H., 1941, The strength of undermined strata: Inst. Mining
and Metallurgy (London) Trans. Bull., v. 50, p. 475-532.

Fritts, J., 1974a, Geologic techniques and results at the Control mine,

Pima County, Arizona: Oracle, Arizona, Continental Copper,
Inc., unpublished report.

1974b, Oral communication: Oracle, Arizona Continental Cop-
per, Inc.

Gentry, D. W., 1972, The determination of residual stresses in the
vicinity of the 755 breccia pipe at Cananea, Sonora, Mexico:
unpublished Ph.D. dissertation, University of Arizona, 106 p.

Handros, G., 1959, The evaluation of Poisson's ratio and the modulus
of materials of a low tensile resistance by the Brazilian (indirect
tensile) test with particular reference to concrete: Australian
J. Applied Science, v. 10, p. 243-268.

Hanson, H. S., 1966, Petrography and structure of the Leatherwood
quartz diorite, Santa Catalina Mountains, Pima County, Arizona:
unpublished Ph.D. dissertation, University of Arizona, 104 p.

Hardy, H., and Jayaraman, N., 1970} An investigation of methods for
the determination of the tensile strength of rock, in Proceed-

2nd Congress, Internat. Society of Rock Mechanics, Belgrade:
p. 85-92.

Hawkes, I., and Mellor, M., 1970, Uniaxial testing in rock mechnics
laboratories: Engineering Geology, v. 4, no. 3, p. 177-285.

1971, Measurements of tensile strength by diametral compres-

sion of discs and annuli: Engineering Geology, v. 5, no. 3,
po 173-2550

Heim, A., 1878, Untersuchungen uber den Mechanismus der Gebirgs—
bildung, im Anschluss an die geolische Monographie der Todi-
Windgdllen-Gruppe: Basel, Switzerland, B. Schwake.

Hetenyi, M., 1954, Handbook of experimental stress analysis: New
York, John Wiley & Sons, Inc.

Holland, C. T., 1973, Pillar design for permanent and semi-permanent
support of the overburden in coal mines: Proceedings, 9th
Canadian Rock Mechanics Symposium, p. 113-140,

, and Gaddy, F. L., 1957, Some aspects of permanent support
of overburden on coal beds: Proceedings, West Virginia Coal
Mining Institute, p. 43-66.



174
Jaeger, J. C., 1971, Friction of rocks and stability of rock slopes:
Geotechnique, v. 21, no. 2, p. 97-134,

, and Cook, N. G. W., 1969, The state of stress underground,
Chapter 14 in Fundamentals of rock mechanics: p. 355-362.

John, W. K., 1969, Civil engineering approach to evaluate strength and
performability of regularly jointed rock, in Rock mechanics—

Theory and practice: 11th Symposium on Rock Mechanics, New
York, AIME, p. 69-80.

North of England Safety in Mines Research Committee, 1¢48-49, Seventh

progress report: Inst. Mining Engineers (London) Trans., v.
108, p. 489-510.

Obert, L., and Duvall, W., 1967, Rock mechanics and the design of-
structures in rock: New York, John Wiley & Sons, Inc., 650 p.

, and Merrill, R., 1960, Design of underground openings in
competent rock: U.S. Bureau of Mines Bull. 587, 36 p.

Peirce, F. L., 1958, Structure and petrdgraphy of part of the Santa
Catalina Mounts: unpublished Ph.D. dissertation, University
of Arizona, 86 p.

Pincus, H. J., 1951, Statistical methods applied to the study of rock
fractures: Geol. Soc. America Bull., v. 62, p. 482-509.

Rambosek, A.J., 1964, The stress field within a core stub in a borehole:
U.S. Bureau of Mines Rept. Inv. 6462, 16 p.

Salamon, M. D. G., 1967, A method of designing board and pillar work=-
ings: South African Inst. Mining and Metallurgy J., v. 68, no.
2, p. 68-78. '

, and Munro, A. H., 1967, A study of the strength of coal pil-
lars: South African Inst. Mining and Metallurgy J., v. 68, no.
2, p. 55-67. '

Savely, J. P., 1972, Orientation and engineering properties of jointing
in the Sierrita pit: unpublished M.S. thesis, University of
Arizona, 134 p.

Skinner, W. J., 1956, Compressive strength of the anhydrite mine pil-
lar: Imperial Chemical Industries, Ltd., Billingham Div., 34 p.

Spencer, E. W., 1959, Geologic evoluation of the Beartooth Mountains,
Montana and Wyoming. Part 2. Fracture patterns: Geol. Soc.
America Bull., v. 70, no. 4, p. 467-508.



17§

Terzaghi, R. D., 1965, Sources of error in joint surveys: Geotechnique,
v. 15, no. 3, p. 287-305.

Voight, B., 1967, Interpretation of in situ stress measurements, in
Proceedings, 1st Congress, International Society of Rock
Mechanics, Lisbon, Portugal: Vol. 3, p. 332-348,

Vouille, G., 1964, Etude monographique de diverse roches: Publication
interieure au Laboratoire de Mecanique des Solides de 1"Ecole
Polytechnique.

Wallace, R. M., 1954, Structures at the northern end of the Santa Cata-
line Mountains, Arizona: unpublished Ph.D. dissertation,
University of Arizona, 44 p.

Wilson, A. H., 1972, Research into the determination of pillar size—
Part I. An hypothesis concerning pillar stability: Mining Engi-
neer (London), v. 131, no. 141, p. 409-417.

Wilson, E. D., Moore, R. T., and Cooper, J. R., 1969, Geologic map
of Arizona: Arizona Bureau of Mines and United States Geolog-
ical Survey.



103

1622
f.T.



CHANGE IN STRAIN READINGS

CHANGE IN STRAIN READINGS

CHANGE IN STRAIN READINGS

(MICRO INCH/ INCH)

( MICRO INCH 7/ INCH)

INCH)

(MICRO INCH /

ORIENTATION OF GAGED PLANE t
"STRIKE N2E |
—-200 - D'P 42 SE ’ L —200
~100 - L - 100
O T L) ) L ) O
+100 - -+100
ORIENTATION OF GAGED PLANE
STRIKE N28 W
—200 DIP 62SW r—200
-100 - -—100
GAGE DESTROYED
WHEN CORE BROKEN
FROM BLOCK
O L | L} T T L) L} L} Ll L ) § O
+100 - - +100
ORIENTATION OF GAGED PLANE
—600 1 STRIKE N62W —600
DIP 85 SW
-500 - -—-500
ol e oo
=300 1 - - 300
-------- ¥
-200 A { \ .............................. L —200
/I
Il A —
| 2\ 2
- 100 1 : 2\ Pid -— 100
2\ ~— e ——
l “\ // =~
— | “ N\ 1
. } AN /
I .\ /
=~ | T ——~ //~‘__—/ o
O T T ‘.’ T T T T T L
N /
N’
+100 - } -+100
+200 - L +200
+300 A L +300
s & s 8 & § & &8 3 § B 8 & s § 5 ‘8| %8 8 § & g § 8 &g &g ¢
= = = - - - - - - - N o~ « N o~ ~ N ~
STABILIZATION STABILIZATION STABILIZATION PERIOD
PERi(IOC'))RIBI\IEgORE PERIggRI'\ﬁgER AFTER CORE RELEASED
FIGURE 25.
EXPLANATION STRAIN GAGE CORED SEGMENT Rgx&%%%s \/IgRSSJgA'wME
GAGE | OVERCORED BROKEN FREE FROM BLOCK ,
————— GAGE 2 : FOR THREE DIFFERENT PLANES
................. GAGE 3 ON ONE BLOCK OF ROCK

TIME

(HOURS)

FROM THE ABC ZONE

D.E.NICHOLAS, GE.THESIS, 1976






