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ABSTRACT 

 

Underground excavations break the balance of the initial stress field and cause stress 

redistributions in the surrounding rock masses. Problems normally arise as the stress exceeds the 

rock mass strength. In addition, the rock mass contains preexisting defects, such as the fissures, 

fractures, joints, faults, shear zones, dikes, etc., which could significantly weaken the rock mass 

strength and make the rock mass behavior complicated. The stability of underground excavations 

is of great importance to an operating mine project since it ensures the safety of the working 

environment and the successful ore exploration.  

Due to the complex geological conditions and engineering disturbances, the assessment of 

rock mass stability for a practical engineering problem is extremely challenging and difficult, 

which needs to be solved by the modern numerical methods. In this dissertation, the rock mass 

stability around tunnels in an underground mine in the USA was investigated by performing three-

dimensional modeling using the 3DEC 3-Dimensional Distinct Element Code. Comprehensive 

stress analyses were respectively carried out on a preliminary model and a more advanced model.  

In the preliminary study, the built model contains the inclined lithologies, a non-persistent 

fault, and a convoluted tunnel system. The geomechanical property values used for the rock masses 

and discontinuities in the numerical model were estimated using the available geotechnical 

information and the experience of the research group. The Mohr-Coulomb and strain softening 

constitutive relations were prescribed for the rock masses; the coulomb slip joint model was 

assigned for the discontinuities. The influence of the boundary conditions, block constitutive 

models, horizontal in situ stress and rock support system on the tunnel stability was investigated. 

The rock mass behavior was quantified using the results of stress, displacement, and yielded zones 

around the tunnels. It showed that the roller boundary conditions resulted in slightly different but 

comparable results with the combined boundary conditions (roller and stress combined) where K0 

equals to 0.4 or 0.5. Whereas the in-situ stress field for a complex geological system can only be 

obtained by applying proper boundary stresses and then by performing stress analysis. The 

softening behavior of the rock masses caused more deformations and yielded zones around the 

tunnels; the rock masses around the tunnels were observed to reach the residual strength values, 

which can be treated as failed areas. In addition, the M-C and s-s rock masses reacted differently 

as the K0 value changed. At K0=1.0, the tunnels seemed to be the most stable; K0=1.5, however, 
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provided the worst scenario with roof and floor problems. With respect to the effectiveness of the 

support system, a large amount of the bonds of the supports was failing, thus, the deformations 

and yielded zones around the tunnels were slightly improved. Finally, comparisons between the 

numerical modeling results and the field measurements implied the applicability of strain softening 

behavior and a K0 value between 0.5 and 1.0 for the mine. 

Based on the specific geological, geotechnical, and construction information, a numerical 

model incorporating accurate features was developed. It includes a non-planar, weak interlayer, 

the persistent and non-persistent faults, and the open and backfilled excavations. The mechanical 

property values used for the rock masses and faults were estimated based on the laboratory test 

results of the intact rock and smooth joints. The strain softening behavior was specified for the 

rock masses belonging to the average quality, and the rock masses that reached residual strengths 

were assumed to be failing. The linear relations between the fault stiffnesses and normal stress 

were described using the continuously yielding joint model. To simulate the mine construction 

process in the field, the sequential excavation, backfilling, and supporting procedures were 

numerically implemented; additionally, a novel routine was applied to account for the delayed 

installation of the supports. Results showed that the tunnels close to the fault and the backfilled 

area were less stable. Most of the displacements around the tunnels occurred within a distance of 

zero to 2 or 3 m from the tunnel surface. The varying K0 value caused great changes in the rock 

mass behavior and the shear behavior of the major fault; significant instability of the tunnels was 

triggered by the high horizontal in situ stress. Parametric studies on the rock mass condition, rock 

mass residual strengths, and fault property values showed that the tunnel stability was more 

sensitive to the former two factors than the last one. A systematic investigation was conducted to 

evaluate the current rock supports installed at the mine where the increasing stress relaxation was 

incorporated. The deformations and of the failure zone thicknesses around the tunnels were 

reduced up to 8% and 20% after applying the supports instantaneously, and the reductions were 

improved by the delayed installation of supports. Additionally, the safety of supports was 

evaluated by the bond shear and bolt tensile failures, which was also improved with incorporation 

of delayed supporting. It was found that the current rock supports are insufficient in length, bond 

and tensile strengths. Therefore, a stronger support system was suggested. The stronger supports 

worked better in stabilizing the tunnels. Based on the deformations and failures of the rock masses, 

the length of the bolts on walls was suggested to be 4-5 m. At the end, the horizontal convergence 
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strain predicted by the numerical simulations were calculated at two locations where the tape 

extensometers were installed. Good agreements with the field measurements were obtained for the 

cases that have the average rock mass properties and K0 values in the range 0.5-1.25. 

 

Keywords: Tunnel stability; Three-dimensional modeling; Distinct element method; Lateral stress 

ratio, Strain softening behavior; Continuously yielding joint model; Sequential construction; 

Delayed installation of rock supports 
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CHAPTER 1 INTRODUCTION 

 

1.1 Background and motivation of the study 

The underground tunnels, which provide access to the mine area and are used to transport the 

ore, are the essentials to underground mine projects. Their stabilities play significant roles on the 

successful mining operations and the economics of the projects. A good understanding of the rock 

mass response during and after the excavation is helpful to design or modify the excavation and 

support procedures and to avoid the potential failures around the openings. 

The rock mass stability around underground tunnels can be affected by a number of factors, 

either internally or externally. Basically, the type of intact rock, whether it is competent or soft, 

determines the capability of the material. As a natural geological material, the rock mass contains 

different kinds of defects, such as fissures, fractures, joints, faults, shear zones, dikes, etc. These 

discontinuities could significantly weaken the strength and increase the deformability of the rock 

masses. In addition, the discontinuities make the medium discontinuous, non-linear and 

anisotropic (Jing 2003). For practical problems, the orientations, sizes, and conditions of the 

discontinuities are closely related the failure modes and deformations of the rock masses. As far 

as the underground situation is concerned, in situ stress field caused by the overburden strata and 

the lateral stress system needs to be taken into account. Problems around the excavations may arise 

as the stress exceeds the rock strength or as high differential stresses are encountered (Bhasin and 

Grimstad 1996; Hudson 2001). The design configurations of the excavations, i.e. orientations, 

sizes and shapes, are also critical factors (Hoek and Brown 1980; Bhasin et al. 2006; Wang et al. 

2012). For instance, the favorably driven direction of the tunnels is that parallel to the maximum 

principal stress and that perpendicular to the strike of the discontinuities; the circular tunnel shape 

is ideal to suffer less stress concentrations and failures. After excavation, a support system has to 

be installed to help the rock mass support itself. The interactions between the rock mass and the 

support system depend on the following factors: rock mass properties, the geometry and properties 

of the supports, the geological condition, etc. The response of rock masses is sensitive to the 

unloading and loading processes (Cai et al. 2008; Zhao and Cai 2010). Different excavation and 

supporting sequences could result in totally different reactions in the rock masses. Thus, under 

different combinations of the above-mentioned factors, the rock mass behavior is complicated and 

diverse. 
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Palmstrom and Stille (2007) summarized the various rock mass behaviors for underground 

excavations, which are given in Table 1.1. The possible instabilities were categorized into three 

groups, triggered by the gravity, stress and water. For a real problem, the geological conditions 

and engineering disturbances differ from one project to another; more than one type of the 

behaviors may exist. Thus, a study considering the specific factors to a given site is necessary. 

 

Table 1.1 Rock mass behaviors underground excavations (from Palmstrom and Stille 2007) 

Type of behavior Definition Comments 

Type 1 Gravity driven   

a. Stable 

The surrounding ground will stand 

unsupported for several days or 

longer 

Massive, durable rocks at low 

and moderate depth 

b. Block fall(s) 

- of single blocks 

Stable with potential fall of 

individual blocks 

Discontinuity controlled 

failure 

- of several blocks 
Stable with potential fall of several 

blocks (slide volume <10 m3) 

Discontinuity controlled 

failure 

c. Cave-in 

Inward, quick movement of larger 

volumes (>10 m3) of rock 

fragments or pieces 

Encountered in highly jointed 

or crushed rock 

d. Running ground 

A particulate material quickly 

invades the tunnel until a stable 

slope is formed at the face. Stand-

up time is zero or nearly zero 

Examples are clean medium to 

coarse sands and gravels 

above groundwater level 

Type 2 Stress induced  Brittle behavior 

e. Buckling 
Breaking out of fragments in tunnel 

surface 

Occurs in anisotropic, hard, 

brittle rock under sufficiently 

high load due to deflection of 

the structure 
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f. Rupturing from 

stresses 

Gradually breaking up into pieces, 

flakes, or fragments in the tunnel 

surface 

The time dependent effect of 

slabbing or rock burst from 

redistribution of stresses 

g. Slabbing 
Sudden, violent detachment of thin 

rock slabs from sides or roof 

Moderate to high 

overstressing of massive hard, 

brittle rock, including popping 

or spalling 

h. Rock burst 

Much more violent than slabbing 

and involves considerably larger 

volumes. (Heavy rock bursting 

often registers as a seismic event) 

Very high overstressing of 

massive hard, brittle rock 

  Plastic behavior 

i. Plastic behavior 

(initial) 

Initial deformations caused by shear 

failures in combination with 

discontinuity and gravity controlled 

failure of the rock mass 

Takes place in plastic 

(deformable) rock from 

overstressing. Often the start 

of squeezing 

j. Squeezing 

Time dependent deformation, 

essentially associated with creep 

caused by overstressing. 

Deformations may terminate during 

construction or continue over a long 

period 

Overstressed plastic, massive 

rocks and materials with a 

high percentage of micaceous 

minerals or of clay minerals 

with a low swelling capacity 

Type 3 Water influenced   

k. Ravelling from slaking 
Ground breaks gradually up into 

pieces, flakes, or fragments 

Hydratization 

Disintegration (slaking) of 

some moderately coherent and 

friable materials. Examples: 

mudstones and stiff, fissured 

clays 
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This dissertation involves the assessment of the rock mass stability around the tunnels in an 

underground mine in the USA. The mining operation would last another 20-30 years according to 

the current producing rate. The development drifts, which are used to extract and transport the ore 

from the mining area, go through a low rock mass quality area or the major fault zones. To reach 

different ore zones, the tunnels have been driven in various directions and elevations. The 

geological conditions at the mine are complicated with many fault zones and poor rock mass 

conditions. Large deformations and failures of the rock masses took place at the tunnel 

intersections and the weak rock mass area. From the perspective of the mine development, the 

l. Swelling 

- of certain rocks 

Advance of surrounding ground 

into the tunnel due to expansion 

caused by water absorption. The 

process may sometimes be 

mistaken for squeezing 

Swelling minerals 

Occurs in swelling of rocks, in 

which anhydrite, halite (rock 

salt) and swelling clay 

minerals, such as smectite 

(montmorillonite) constitute a 

significant portion 

- of certain clay seams or 

fillings 

Swelling of clay seams caused by 

absorption of water. This leads to 

loosening of blocks and reduced 

shear strength of clay 

The swelling takes place in 

seams having fillings of 

swelling clay minerals 

(smectite, montmorillonite) 

m. Flowing ground 

A mixture of water and solids 

quickly invades the tunnel from all 

sides, including the invert 

Flowing water 

May occur in tunnels below 

groundwater table in 

particulate materials with little 

or no coherence 

n. Water ingress 

Pressurized water invades the 

excavation through channels or 

openings in rocks 

May occur in porous and 

soluble rocks, or along 

significant channels in 

fractures or joints 
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safety and stability of these tunnels need to be ensured; the application of effective supports for 

the tunnels is of great importance. 

 

1.2 Objectives and study procedures 

The goal of the dissertation is to comprehensively understand the rock mass behavior around 

tunnels at the underground mine and to come up with suggestions on the selection of rock supports. 

Detailed objectives and research steps are given as follows.  

The first objective was to study the mine site using available geological, geotechnical, and 

construction information, and subsequently to select the interested area.  

Then, the rock samples were collected as close as possible to the selected area. Laboratory 

geomechanical tests were carried out to determine the physical and mechanical properties of the 

intact rock and smooth joints. Experimental results were used to estimate the properties of the rock 

masses and discontinuities. 

The next objective was to perform three-dimensional analyses for the selected area using the 

distinct element method. Two numerical models, MODEL 1 and MODEL 2, were respectively 

developed for the preliminary simulation and a more complicated advanced simulation.  

The preliminary study aimed at investigating the effect of the lateral stress ratio, block 

constitutive model, boundary conditions, and support system on the tunnel stability. Fig. 1.1 

presents the numerical procedures of the simulation of MODEL 1. The estimation of the 

mechanical properties of rock masses and discontinuities was based on a limited amount of 

available geotechnical information and the experience of the research group. Two block 

constitutive models, the Mohr-Coulomb and the strain softening, were assigned for the rock 

masses. Coulomb slip joint model was prescribed for the discontinuities. In the numerical model, 

the tunnels were simulated to excavate in a single step and the supports were applied 

instantaneously. The final step was to compare the numerical modeling results with the field 

monitoring data.  
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Figure 1.1 Numerical procedures of the analysis on MODEL 1 

 

Fig. 1.2 provides the numerical procedures on MODEL 2. Complex geological features, 

including the inclined, weak interlayer, and the persistent and non-persistent faults, and the 

backfilled areas were incorporated in the numerical model. The rock mass properties were 

estimated using empirical equations based on the laboratory test results of intact rock and 

Bieniawski’s (1976) rock mass ratings (RMR). The strain softening and continuously yielding 
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joint constitutive models were applied for the rock masses and the faults. The sequential 

excavation, backfilling, and supporting procedures were simulated in a way similar to that 

implemented in the field. The delayed supporting was simulated using the stress relaxation method. 

Influences of various factors on the rock mass stability were investigated including the horizontal 

in situ stresses, the variability of rock mass properties, rock mass post-failure behavior, fault 

properties, and the delayed time of support installation. The performance of the current support 

system installed at the mine was evaluated and compared with that of a stronger support system. 

The numerical predictions were finally compared with the field measurements. 

 

 

Figure 1.2 Numerical procedures of the analysis on MODEL 2 
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The last objective was to make conclusions on the tunnel stability and suggestions for the 

design of rock supports based on the obtained simulation results. 

 

1.3 Research highlights 

This research solved an engineering problem using the three-dimensional numerical analysis. 

By accurately modeling the complex geological and the mine construction features in the field, the 

rock mass behavior around tunnels has been thoroughly investigated. As far as the author knows 

such a work does not exist in the rock mechanics literature. The major achievements of the research 

are listed below: 

• Construction of the 3-D numerical models which incorporate the persistent and non-

persistent faults, the weak interlayer, and the complex tunnel system. 

• Simulation of the elastic-perfectly plastic and strain softening behaviors of the rock masses. 

• Simulation of the non-linear relations between the joint normal/shear deformation and 

normal stress obtained from laboratory tests through linear relations between the joint 

stiffnesses and normal stress. 

• Implementation of the sequential excavation, backfilling and supporting procedures. 

• Incorporation of the novel routine to simulate the delayed installation of supports. 

• The rock mass failure has been specified according to the residual state of the material 

instead of using the plastic yielding zones. 

• The tunnel stability has been assessed by the rock mass and fault behaviors, and by the 

safety of rock supports. 

• The safety of supports has been quantified by the percent of the bond shear and bolt tensile 

failures. 

• The effects of the horizontal in situ stress, rock mass properties, fault properties, and the 

time of support installation on tunnel stability have been evaluated using quantified results. 

• Suggestions for the selection of appropriate rock supports have been provided. 

 

1.4 Layout of the dissertation 

This dissertation is organized in eight chapters. The content of each chapter is summarized as 

follows. 
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Chapter 1 is the introduction to this research, which briefly describes the background, the 

motivation, the objectives and study procedures, the important achievements, and the dissertation 

outline. 

Chapter 2 focuses on the major methodologies used for the rock mass stability in underground 

excavations and some aspects that need to be addressed in the discontinuum modeling. 

Chapter 3 provides the information of the mine site and the tunnel system, including the 

geological settings, the geotechnical, excavation and support information, the major issues 

encountered in the field, the field instrumentations, as well as the available analysis and studies 

for the related area.  

The experimental procedures and the results of laboratory tests are given in Chapter 4. At the 

same time, the reasons caused the variabilities in test results are discussed. To avoid a tedious 

presentation, some of the laboratory test results are given in Appendix A. Similar arrangements 

are made for Chapters 6 and 7. 

In Chapter 5, the background and some related theories of the distinct element code are 

provided. 

Chapter 6 presents the numerical simulations on MODEL 1, which includes the development 

of the model, the performed stress analyses, and the analysis and discussion of obtained results.  

Similarly, the numerical simulations on MODEL 2 are covered in detail in Chapter 7. More 

sophisticated geological features and excavation activities are included; more analyses are 

performed to gain a complete understanding of the rock mass response.  

Finally, the last chapter summarizes the whole dissertation; major conclusions and the 

recommendations for future research are also given. 
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CHAPTER 2 LITERATURE REVIEW 

 

2.1 Introduction 

In this chapter, the major methodologies used to investigate the stability of underground 

excavations are firstly introduced. The rock mass classification systems, which are empirical 

methods, are introduced in the order they were developed with respect to time. For analytical 

methods, several available closed form solutions for underground stability problems are given and 

discussed. Following that is the description of the field instrumentation and the arisen numerical 

methods. The capabilities and shortcomings of each type of method are discussed according to the 

author’s understanding. Then, some aspects related to the stability analysis of underground 

openings are addressed. Also, previous studies and associated results are given. 

 

2.2 Methodologies for investigating rock mass stability around underground excavations 

2.2.1 Rock mass classification systems 

The rock mass classification systems are the empirical methods developed by researchers 

based on their experience of rock engineering projects. The methods are preferred to be used in 

the early stage of an underground project when limited information or analysis is available. With 

the development of several mature systems, they play important roles on the evaluation of rock 

mass conditions, the design of preliminary support system, the implementation of appropriate 

construction sequence, and the determination of location or layout of openings (Stille and 

Palmström 2003). The development of some remarkable rock mass classification systems is 

addressed hereunder.  

In 1946, Terzaghi (Terzaghi 1946) proposed a simple rock load classification to estimate the 

needed support pressure from steel sets for the tunnels. This classification system divided the rock 

masses into nine categories. The rock load factor (Hp) in each rock class, which is the height of the 

loosening zone above the tunnel roof, was given in relation with the tunnel width (B) and tunnel 

height (Ht). Terzaghi’s classification gained wide applications since it was put forward. It was 

proved to be appropriate, although slightly conservative, for steel-supported rock tunnels (Cording 

and Deere 1972). However, it is not suitable for the modern supports, such as shotcrete and rock 

bolts (Bieniawski 1989). Cecil (1970) stated that the classification described the rock condition 
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too generally but with no quantitative information of the rock masses. According to Barton et al. 

(1974), Terzaghi’s classification was useful for the medium-size tunnels; they also pointed out that 

the support pressure does not necessarily increase with increasing dimensions of the excavations. 

An important revision was made by Rose (1982) on the load coefficients for the fourth and sixth 

rock classes as little influence of the water table was considered. 

In 1958, Lauffer introduced the concept of stand-up time for an active unsupported tunnel 

span. The active unsupported span was defined as the width of the tunnel or the distance from the 

tunnel face to the support if it is less than the tunnel width (Bieniawski 1989). The stand-up time 

is the length of time an unsupported tunnel can support itself before collapsing. It varies with the 

active span and the rock mass quality (Lauffer 1958). Lauffer’s original suggestion is no longer 

used, whereas the concept of stand-up time was used and modified in several later systems (Pacher 

et al. 1974; Barton et al. 1974; Bieniawski 1993). 

The Rock Quality Designation (RQD) developed by Deere et al. (1966) aimed to measure the 

rock quality based on core recovery by diamond drilling. The definition of RQD was the 

percentage of core recovered in intact pieces over 100 mm (4 in.) in length in the total length of 

the borehole, given by the following equation (Deere and Deere 1988). 

 

 RQD =
∑ Length of core pieces > 10 cm (4 in.)

Total Core Run Length
 (2.1) 

 

Deere (1968) derived the relations between the RQD index and the engineering quality of the 

rock. In addition, attempts were made to correlate RQD with the tunnel support requirements by 

Deere et al. (1970), Cecil (1970), and Merritt (1972). Nevertheless, Merritt (1972) proved that the 

support requirements estimated based on the RQD were not applicable for the problems where 

joints contain thin clay fillings or weathered material. As a simple index, RQD provides limited 

information about the rock quality; the influence of some critical features, i.e. the orientation and 

roughness of the discontinuities, cannot be captured by this index (Bieniwaski 1989). In addition, 

the RQD value changes with the direction and highly depends on the quality of drilling and site 

locations. It is therefore too risky to be used for engineering problems alone. 

Nowadays, RQD is more popular to be used to estimate the rock mass properties (Zhang and 

Einstein 2004; Zhang 2016) and used as a basic parameter in the two widely used rock mass 

classification systems, the rock mass rating (RMR) (Bieniawski 1976, 1989) and Q system (Barton 
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et al. 1974). Under the circumstances when the RQD cannot be obtained directly from the core, 

some equations were put forward associated with the fracture frequency. For example, Palmström 

(1982) suggested an estimation of the RQD from the number of joints per unit volume for clay-

free rock mass, given by 

 

 RQD = 115 − 3.3𝐽𝑣 (2.2) 

 

Where 𝐽𝑣 is the total number of joints per cubic meter.  

The Rock Structure Rating (RSR) system was developed by Wickham et al. (1972) to predict 

the support requirements for tunnels using the geologic and construction information. The system 

gives a numeric scale of 0 to 100, which is the sum of weighted ratings determined by three 

parameters, A, B, and C (Wickham et al. 1972). Parameter A relates to the rock type and geologic 

structure; parameter B involves the joint spacing and joint orientation with respect to the direction 

of tunnel drive; parameter C considers the joint condition and ground water. The RSR was the first 

quantitative and complete rock mass classification system; the major contribution was the usage 

of ratings to represent the importance of the input parameters (Bieniawski 1989). Because in most 

of the case histories the system based on were the steel-arched tunnels, the classification is more 

appropriate for the design of steel supports in tunnels (Bieniawski 1989). 

In 1973, Bieniawski developed a quantitative classification for the rock masses called 

Geomechanics Classification or the Rock Mass Rating (RMR) system. It forms one of the 

commonly used classifications nowadays. The classification of the rock mass was based on the 

ratings of six parameters (Bieniawski 1988), including the uniaxial compressive strength of rock 

material, the rock quality designation (RQD), the spacing of discontinuities, the condition of 

discontinuities, the groundwater conditions, and the orientation of discontinuities. The final 

summed value (RMR value) groups the rock masses into five classes and can be used to estimate 

the stand-up time, the maximum stable rock span, as well as the support requirements (Bieniawski 

1989). It had been modified over the years by adding new data from case histories and been 

extended to multiple fields, such as tunneling, mining, dam foundations, and slope stability 

(Bieniawski 1989; Gonzalez de Vallejo 1983; Laubscher 1977, 1984; Serafim and Pereira 1983; 

Romana 1985). The RMR value has also been used for estimating the rock mass properties. For 

instance, Bieniaski (1989) and Serafim and Piereira (1983) proposed the relations between the rock 
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mass deformation modulus and the RMR values. The RMR was involved in the determination of 

the m and s constants in Hoek-Brown failure criterion (Hoek and Brown 1980, 1988). 

Another widely used classification is the Q system introduced by Barton et al. (1974) in 

Norway. The system was based on the data of 212 tunnel cases (Barton et al. 1974). The Q value 

was determined by six parameters, as given by the following equation.  

 

 𝑄 =
𝑅𝑄𝐷

𝐽𝑛
∙

𝐽𝑟

𝐽𝑎
∙

𝐽𝑤

𝑆𝑅𝐹
 (2.3) 

 

Where RQD is the rock mass designation, Jn is the joint set number, Jr is the joint roughness 

number, Ja is the joint alteration number, Jw is the joint water reduction factor, and SRF is the stress 

reduction factor. 

According to Barton et al. (1974), the three quotients in equation (2-3) represent the measures 

of the relative block size (
𝑅𝑄𝐷

𝐽𝑛
), the inter-block shear strength (

𝐽𝑟

𝐽𝑎
), and the active stress (

𝐽𝑤

𝑆𝑅𝐹
). The 

parameters Jr and Ja were taken from the unfavorable joints, and the system was intended to deal 

with general cases rather than the problems involving special conditions such as clay-bearing 

weakness and fault zones (Barton et al. 1974). The support requirements were given by the chart 

in the relations with the equivalent dimensions of the excavation and the Q value (Barton et al. 

1974). In 1995, the support chart was updated by Grimstad and Barton (1993) by adding new case 

histories with the usage of steel-fiber reinforced sprayed concrete.  

The Geological Strength Index (GSI), developed by Hoek (1994), and Hoek et al. (1995), 

provided an indicator to account for the reduction in intact rock strength due to different geological 

conditions. This characterization is simply based on the visual impression of the rock structure and 

the surface condition of the discontinuities (Hoek and Brown 1997). Once the GSI is estimated by 

the field observation, it can be used to calculate the rock mass strength parameters and the rock 

mass deformation modulus (Marinos and Hoek 2000, 2001; Cai et al. 2004, 2007a; Sonmez et al. 

2004). Hence, instead of being considered as a rock mass classification, the GSI system is more 

appropriate to be used as an index to estimate the rock mass parameters. 

As suggested by Bieniawski (1988), the rock mass classification system is easy to apply and 

suitable to be used at the early construction stage, but should never be attempted to guide the 

ultimate design or to replace other sophistic methods. It is a useful aid to evaluate the rock mass 



 39 

condition, to design the preliminary supports and to estimate in situ rock mass properties. However, 

the stability assessment of rock masses, the knowledge of intrinsic mechanisms and possible 

failure modes are out of the capability of the classification systems. Although the input parameters 

used in the recent systems, i.e. RMR and Q, are relatively complete, some key factors are 

disregarded, such as the explicit representation of discontinuities, the effects of blasting, staged 

tunneling processes, time-dependent deformation, etc. Although the same output rating is obtained, 

the rock mass behavior could be different due to various combinations of classification parameters 

(Stille and Palmström 2003). On the other hand, the output description or single number from the 

classifications is sometimes too simple to predict the support requirements. Riedmüller and 

Schubert (1999) claimed that rock mass classification was inadequate for support design and 

stability evaluation in complex geological conditions based on their extensive tunneling practice 

in the Austrian Alps. Stille and Palmström (2003) found that the RMR and Q systems work well 

to classify the rock mass quality but not to estimate the rock support. Therefore, the rock mass 

classifications should be used wisely by aware of the limitations of each system. For a complex 

underground engineering problem, at least two systems should be applied for the preliminary 

design, while the conjunction with other approaches, i.e. analytical methods, field observation, 

numerical methods, etc. are needed for further assessment (Stille and Palmström 2003).  

 

2.2.2 Analytical methods 

In analytical methods, the closed-form solutions have been developed based on the theories 

or laws. It is probably the oldest and the most accessible research tool. In underground rock 

engineering, various solutions have been derived to assess the rock mass stabilities and to predict 

the deformations and failures around the excavations. 

In underground mining, the openings are usually excavated in the laminated rock masses 

(Shabanimashcool and Li 2015). It was proposed by Fayol (1885) that the stratified roof strata 

could be assumed as a stack of simply supported beams; the weight of each beam layer was 

transferred to the abutments of the opening rather than being carried by the beams underneath, 

generating an arch structure above the mine opening. The beams were simplified as continuous 

with no joints and hence was proved to rupture in the mid-span (Bucky 1934; Bucky and Taborelli 

1938). The closed-form solutions based on this theory can be found in the studies of Please et al. 

(2013), Jiang et al. (2016), Zhang et al. (2016), etc. As the crosscut joints were considered, the 
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voussoir beam theory (Evans 1941) was proposed and used to seek the solutions. Evans (1941) 

established the relation between the vertical deflection and the lateral trust of a jointed voussoir 

beam. Sofianos (1996) derived the formula to calculate the deflections and strains of the hard rock 

roof based on his voussoir beam model; the relations associated with the loading, the mechanical 

parameters, and the dimensions of the beam were obtained for the three failure modes. Diederichs 

and Kaiser (1999) made improvements on the classic voussoir analogue model and came up with 

a yield limit; the hanging walls at two mines were analyzed and the predicted displacements were 

verified using the field monitoring data. 

For simple excavations, i.e. spherical and cylindrical (circular) tunnels, analytical solutions 

have been developed to calculate the stresses, strains, displacements, and yielding zones. They 

were derived based on the intrinsic law of the material, i.e. the constitutive relations, or/and the 

assumed failure criterion. For instance, Kirsch (1898) gave the elastic solution (Kirsch’s solution) 

of the tangential and radial stresses and displacements around a circular opening, which is still 

widely used today. Analytical studies for rock masses with plastic behaviors, such as elastic-brittle-

plastic, elastic-perfectly-plastic, and strain-softening, are also available (Brown et al. 1983; 

Carranza-Torres and Fairhurst 1999; Sharan 2003, 2005; Zhang et al. 2012). Additionally, some 

complex solutions considering the influences of the time-dependent behavior, in situ stresses, 

water pressure, and rock supports, can be found in the studies of Goodman (1989), Lu et al. (2010), 

Fahimifar and Reza Zareifard (2009), Bobet and Einstein (2011), etc. The convergence-

confinement method is a theoretical tool to design the support for underground excavations 

(Alejano et al. 2010). It includes three essentials, the ground response curve (GRC), the 

longitudinal deformation profile (LDP), and the support characteristic curve (SCC). By 

constructing the three curves, the response of the rock masses and the interactions between the 

rock mass and supports can be predicted. Carranza-Torres and Fairhurst (2000) applied the 

convergence-confinement method for a tunnel in the rock masses that satisfy the Hoek-Brown 

failure criterion; the SCC curves were obtained for the practical supports including the shotcrete 

or concrete rings, the blocked steel sets and the un-grouted bolts and cables. Alejano et al. (2010) 

put forth the procedure to construct the GRC curves for the strain softening rock masses; the 

proposed method was used to predict the required supports for the tunnels in various rock mass 

conditions. 
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The analytical methods have been applied for the analysis of simple underground problems; 

the relevant failure mechanisms or behaviors of rock masses can be studied to a certain degree. 

Nevertheless, the solved problems are generally for the cases with homogenous, isotropic rock 

material, axisymmetric excavation, plane-strain assumption, etc. It is difficult or impossible to 

derive the closed-form solutions for complex problems; instead, many equations have been solved 

by the aid of computer programs (Guan et al. 2007; Fahimifar and Soroush 2005). 

 

2.2.3 Field instrumentation methods 

Field instrumentation is normally applied at all stages of an underground project for different 

kinds of purposes. Prior to the construction, it is used to collect the required information for design, 

such as the types and properties of the rock, the conditions and orientations of the structures, the 

direction and magnitude of in situ stress, etc. During or after the excavation, field instrumentation 

plays an important role on monitoring the rock mass response, predicting the potential failures, 

and modifying the construction and supporting procedures (Hoek and Brown 1980). With respect 

to assess the stability of underground structures, it usually involves the measurement of 

displacements, stresses, strains, and pressures which can directly reveal the rock mass behaviors, 

or of the indirect parameters, such as micro-seismic activities, ultrasonic velocities, permeabilities, 

etc.  

The reveal of rock mass behavior and stability analysis of underground excavations using field 

measurements have been implemented in numerous projects. For instance, Kimura et al. (1987) 

studied the settlement behavior and possible shear failure for a shallow tunnel by monitoring the 

shear strain and maximum surface settlement. Kavvadas (2005) introduced the different safety 

goals and the various instruments of ground deformation measurement for shallow (urban tunnels) 

and deep mountain tunnels. In addition, the deformation monitoring results of three case studies 

were analyzed in detail; their usage in evaluating the safety of ground surface structures, in 

designing the support system, and in predicting the potential collapse, were illustrated. Bruneau et 

al. (2003) investigated the influence of faults on the stability of a mine shaft by the measurements 

using various instrumentations, such as glass slide, feeler gauge, LVDTs, fishplate, and 

potentiometer. The shaft degradation was proved by the vertical displacements across the faults 

(cracking in the walls), and by the deformations of the shaft steel guide rails and concrete lining at 

different levels. Satyanarayana et al. (2015) recorded the strata load, excavation convergence, 
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induced vertical stress, and roof deformations to study the strata behavior during depillaring in an 

underground coal mine.  

The Underground Research Laboratory (URL) was constructed by Atomic Energy of Canada 

Limited (AECL) to study the issues related to the deep geologic disposal of used fuel from nuclear 

reactors (Martino and Chandler 2004). A large amount of field monitoring research has been 

performed at URL to investigate the excavation response of the rock masses (Read 2004). The 

mechanical behavior of the rock masses around the excavations were evaluated through the 

monitoring of the axial displacements in boreholes, the excavation convergence, the stress 

changes, the three-dimensional displacements, and the time-dependent deformations (Martin and 

Simmons 1993). The coupled hydro-mechanical behavior was investigated using the data of in situ 

stresses, the permeability and normal stiffness of the fractures (Martin and Simmons 1993). The 

Mine-by Experiment (MBE) at URL aimed to study the excavation-induced damaged development 

and progressive failure around an underground opening subjected to high differential stresses 

under ambient temperature conditions (Read 2004). The details of some related studies have been 

performed by Read and Martin (1992), Falls and Young (1998), Maxwell et al. (1998), and Martino 

and Chandler (2004). One important objective of these studies was to estimate the excavation 

damaged zone (EDZ), which contains induced micro-fractures and can provide the enhanced 

permeability pathways for radionuclide migration. By monitoring the acoustic emission (AE) 

activities and the changes of ultrasonic velocity, the density of micro-cracks and the extent of EDZ 

could be obtained.  

Displacement has been considered as the most effective indicator of the rock mass behavior 

for underground excavations (Hoek and Brown 1980). The measurements commonly involve the 

convergence by rod or tape extensometers and the displacement in the surrounding rock mass by 

borehole extensometers. To serve as the alarm to predict the possible failure during and after 

construction, long-term monitoring is needed. However, the field condition always turns out 

difficult in providing the continuous and reliable measurements. Under such conditions, the back 

analysis based on limited data is an alternate solution. By using the field measurements, i.e. 

displacement, which should be the output of the forward analysis, as the input, the in situ properties 

of the rock mass or in situ stress field can be estimated and subsequently used in the further design 

or analysis (Sakurai 1997). Sakurai and Takeuchi (1983) back calculated the initial stress and 

material constants according to the measured displacements, and these parameters were used as 
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the input data in the finite element analysis to determine the strain distribution around the tunnels. 

Based on the field monitoring data at URL as mentioned above, many back analyses were carried 

out to determine in situ modulus (Lang et al.1987) and the state of in situ stress (Kaiser et al. 1990; 

Thompson and Chandler 2004). Similar studies were also given by the researchers, such as Kirsten 

(1976), Feng and Lewis (1987), Yazdani et al. (2012), etc. In addition, the field instrumentation 

can be used as a feedback to evaluate the design of support and construction method, or to verify 

the accuracy of existing analysis (Sakurai 1997; Kovari and Amstad 1979).  

 

2.2.4 Numerical methods 

With the advent of advanced computer technique, the numerical method has become an 

efficient and low-cost tool to solve the complex problems in rock engineering. For a practical 

problem, the rock mass response to construction disturbance is complicated, affected by various 

factors. Numerical modelling can capture the most relevant mechanisms of the system and provide 

adequate models for various engineering purposes (Jing 2003). The commonly used numerical 

methods in rock engineering are categorized as continuum, discontinuum, and hybrid approaches.  

In continuum methods, the rock material is considered as continuous; the discontinuities can 

be modeled as the elements with different material properties from the intact rock or as the special 

joint elements. Nevertheless, the continuous assumption determines that the material will never be 

open or broken into pieces; the joint displacements are restricted to small values (Jing 2003). Three 

well-known continuum methods are the Finite Difference Method (FDM), the Finite Element 

Method (FEM), and the Boundary Element Method (BEM). 

The FDM appeared as the earliest among the three methods. Its basic concept is to solve the 

partial different equations by replacing the partial derivatives with differences defined at 

neighboring grid points (Jing and Hudson 2002). The solution of the equations is direct and 

efficient without forming global matrix equations. This distinct feature makes FDM good at 

dealing with non-linear behavior of the rock materials. The representative computer code based on 

FDM is the Fast Lagrangian Analysis of Continua (FLAC) developed by Itasca (Itasca 1993). 

Applications of FLAC code for underground design or stability analyses can be found as follows. 

Alejano et al. (1999) used FLAC to estimate the subsidence due to the flat and inclined coal seam 

exploitation; in their research, the material behaviors including transversely isotropic elastic pre-

failure behavior, anisotropic yield surface, and the isotropic elastic post-failure behavior were 
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simulated. Hsiao et al. (2009) investigated influence of different factors including rock strength, 

rock mass rating, overburden depth, and intersection angle on the roof settlement of a tunnel 

intersection using FLAC3D; the stability of the tunnel was evaluated based on an empirical safety 

criterion. According to the simulation results, the supporting strategies were proposed with respect 

to different geological conditions, different intersection angles, and different locations in the 

intersection area. Mortazavi et al. (2009) studied the non-linear behavior of rock pillars in 

underground openings using FLAC; stresses and deformations of the pillars were computed for 

various cases with varying pillar geometry and pillar residual strength. Xu et al. (2013) developed 

a three-dimensional model including different strata and fault zones to predict the surface 

subsidence of a coal mine in China. The FLAC code plays an important role on solving engineering 

problems; it is appropriate for simulating the non-linear behaviors, i.e. plasticity, strain softening, 

etc., of the rock masses rather than that of the discontinuities. 

Unlike FDM, the FEM uses the implicit solution scheme. After the discretization, the local 

assumptions are made by selecting appropriate shape functions (interpolation functions) of the 

unknown variables to satisfy the element governing equations. The global equations are formed 

and need to solve. FEM is widely used for the rock mechanics problems in civil engineering due 

to the ability of handling material heterogeneity, non-linear deformability, and complex boundary 

conditions, in situ stresses and gravity (Jing and Hudson 2002). The concept of representation of 

rock fractures was introduced since the late 1960s. Goodman et al. (1968) pointed out the 

inaccuracy of joint characterization by the plane-strain continuum element; instead, they proposed 

the zero-thickness joint element and derived the joint element equations, and subsequently, the 

joint model was applied to simulate the sliding of a joint with a saw-tooth, the block movements 

and rotations at the joint intersections, and the roof collapse of a blocky tunnel. After that, different 

joint element models were developed by some other researchers (Zienkiewicz et al. 1970, 

Ghaboussi et al. 1973, Gens et al. 1995). Nevertheless, quite a number of applications of FEM 

incorporated joint effects implicitly to avoid the computational complexities. For instance, in the 

study of Yoshida and Horii (1998), the joints were considered as microstructure and the jointed 

rock masses are modeled using the equivalent continuum model; the proposed method was applied 

to the excavation of large-scale caverns. Sitharam et al. (2001) performed the equivalent 

continuum analysis by incorporating the effect of joints using a joint factor, which involves the 

joint spacing, joint orientation, and joint condition; then the displacements around a large 
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underground opening were predicted based on the equivalent continuum model. Lee and Song 

(2003) used the rheological model which includes the units of joint sets and rock bolts to 

investigate the stability of an underground cavern. With the development of powerful hardware 

and software, many computer programs, based on the FEM, are now available for solving rock 

engineering or rock mechanics problems. The RFPA introduced by Tang (1995) was used to model 

the progressive failure and associated seismicity in brittle rock or rock mass. Phase2 (Rocscience 

Inc. 2004) is the numerical tool designed for the finite element analysis and support design for 

excavations. The program ABAQUS can take care of the non-linear behavior of the material 

(Huang et al. 2013) as well as the dynamic failure (Sazid and Singh 2013). PLAXIS is the finite 

element code for the analysis of deformation and stability for geotechnical engineering projects 

(Cui et al. 2007). 

BEM is a general numerical technique which solves boundary integral equations. The solution 

procedures include the discretization of the boundary, the approximation of the solution of 

functions locally at boundary elements by shape functions, the incorporation of boundary 

conditions, and the estimation of displacements and stresses inside the domain (Jing 2003). The 

technique of solving the integral equations makes the BEM more accurate than the FDM and FEM 

(Blandford et al. 1981; Jing 2003). Due to the fact BEM only discretizes the boundary, it has the 

advantage in handling the problems of crack propagation and that with large or infinite domains. 

In the research of Chen et al. (1998), BEM was used to simulate the diametral compression tests 

on the initially cracked discs; the fracture toughness, the angle of crack initiation and the path of 

crack propagation were predicted. Pan et al. (1998) presented the applications of BEM for solving 

the anisotropic half-plane problems; the influence of material anisotropy on stress distributions 

around the tunnels and in ground was given. Beer and Poulsen (1994) developed a method with 

BEM to simulate rock joints and faults, where the problem domain was divided into several 

boundary element regions and the joint behavior was assigned for the interfaces between regions; 

two simple applications, the mine excavation with a fault and the geological modeling of 

lithological contact and faults, were investigated. Using the boundary element program MAP3D, 

a mine model involving complex geometries was modeled by Kaiser et al. (2001) to predict the 

stress changes during stope excavation. Chu et al. (2007) investigated the mechanical behavior of 

a twin-tunnel in the multi-layered formations; the layered formations were realized by using the 

boundary element program FSM.  
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Continuum approaches, as discussed above, have been successfully applied in rock mechanics 

and rock engineering for many decades. However, due to the continuous assumption, large 

displacements or rotations of the rock material are not allowed to occur. Hence, they are more 

appropriate for the problems where the rock is relatively intact or where the rock mass is highly 

fractured (equivalent continuum situation). In fact, most rock failures of underground 

constructions are related to the natural defects. To capture the realistic behavior of discontinuities, 

a method which can account for large displacement is needed.  

The discontinuum modeling, represented by the distinct element method (DEM) (Cundall 

1971, 1988) and the discontinuous deformation analysis (DDA) (Shi 1988), considers the medium 

as an assemblage of discrete blocks which are connected by contacts or interfaces. The 

discontinuities are explicitly represented and their behaviors can be described with specific joint 

constitutive models. This method allows for the large displacements and rotations of the discrete 

blocks, including complete detachment.  

In the distinct element method, the rock mass can be modeled as rigid or deformable blocks; 

the discontinuities are explicitly modelled as distinct boundary interactions. The motion of blocks 

follows Newton’s second law and the displacements of contacts are calculated by the force-

displacement relationship. This method utilizes the explicit solution scheme so that no matrix 

needs to be formed during calculation process. At each time step, the velocities and displacements 

are first calculated; the contact forces or stresses and the internal stresses of the elements are then 

obtained according to the constitutive relations. Subsequently, the forces are updated and used in 

the next calculation step. Because of the adoption of explicit scheme, the distinct element method 

is capable to accommodate complex constitutive behavior for both the intact material and 

discontinuities (Itasca 2007). The two distinct element codes, UDEC (Cundall 1980) and 3DEC 

(Cundall 1988; Hart et al. 1988), are used for 2-D and 3-D numerical modelling respectively. Their 

applications on underground excavations have been addressed by numerous researchers. For 

instance, the UDEC was used as the tool by Chryssanthakis (1997) to investigate the effect of fiber 

reinforced shotcrete and the construction sequences on the stability of the tunnels, by Bhasin and 

Hoeg (1997) to study the rock mass behavior of a large cavern by varying the joint spacing and 

joint strength parameters, and by Shen and Barton (1997) to study the effects of joint spacing and 

joint orientation on the disturbed zones (failure zone, open zone, and shear zone) around the 

tunnels in a jointed rock mass. Similarly, Hao and Azzam (2005) used UDEC to investigate the 
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effects of fault parameters on the rock mass behavior around underground excavations. Gao et al. 

(2014) simulated the roof shear failure in coal mine roadways by developing a FISH function in 

UDEC to track the newly formed contacts during excavation; also, the effect of rock bolts on the 

roof behavior was studied. Wang et al. (2012) performed three-dimensional analyses using 

discontinuum and continuum models in 3DEC; multiple cases were studied to understand the 

effects of the discontinuities, geomechanical parameters of the rock mass and the discontinuities, 

and rock support system on the rock mass behavior. Using the joint data collected by laser scanning 

(Lidar), Fekete and Diederichs (2013) developed a discontinuum model using 3DEC to simulate 

the structurally-controlled failure around a tunnel in a blocky rock mass. In the research of 

Shreedharan and Kulatilake (2016), 3DEC was used to investigate the stability of the tunnels with 

two different shapes in a deep coal mine in China; the effectiveness of support system was 

evaluated by implementing the instantaneous and the more realistic stress-relaxation installation 

routines. Cui et al. (2016) carried out seismic analysis for an underground chamber by using 3DEC. 

In their numerical model, a large geological discontinuity was modeled and assigned with the 

continuously yielding joint model; they found that the discontinuity had major influence on the 

deformations around the chamber. 

DDA was originally developed to back calculate the Young’s modulus and the Poisson’s ratio 

from displacement measurements (Shi and Goodman 1985), and later extended to perform large 

displacement analysis for blocky rock masses (Shi 1988). Different from the DEM, DDA is based 

on the implicit solution scheme, similar to that used in the FEM. The displacements are the 

unknowns to be solved for. The interaction between the blocks is simulated by mechanical springs 

or penalty functions and the system of simultaneous equations is obtained by minimizing the total 

energy of the whole system (Khan 2010). The implicit algorithm has its superiority that the 

calculations are unconditionally stable with the time-step size limited only by accuracy 

considerations. It is also one of the advantages of DDA over the DEM suggested by some 

researchers (Jing 2003; Khan 2010). However, the larger time step does not necessarily mean the 

higher convergence speed (Khan 2010). It was also shown that the appropriate parameters in DDA 

are difficult to be determined for an arbitrary problem and the accuracy cannot be guaranteed under 

some circumstances (Khan 2010; Ohnishi et al. 2014; Shreedharan and Kulatilake 2016). The 

applications of DDA covered multiple topics, including tunneling, caverns, fracturing and 

fragmentation processes of geological and structural materials, and earthquake effects (Jing 2003). 
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Many studies of DDA have focused on the two-dimensional modeling (Yeung and Leong 1997; 

Kim et al. 1999; Wu et al. 2005; Tsesarsky and Hatzor 2006; Shi 2014; Chen et al. 2016). Due to 

the rigorous scheme that DDA uses, the difficulty for 3D DDA is the development of a complete 

contact theory that governs the interaction of many 3D blocks (Yeung et al. 2007). So far, a lot of 

studies have been performed on the establishment of an efficient contact detection strategy (Jiang 

and Yeung 2004; Wu et al. 2005; Yeung et al. 2007; Beyabanaki et al. 2008; Ahn and Song 2011). 

Even though the three-dimensional modeling has been successfully implemented in recent years 

for underground openings (Yeung et al. 2008; Shi 2014; Zhu et al. 2016), most of the problems 

being solved were simple cases; the complex behavior of discontinuities is difficult to be simulated. 

The discrete fracture network (DFN) method is a special discrete model to consider the fluid 

flow and transport processes in fractured rock masses where the heterogeneity is reflected by the 

connected fractures (Jing 2003). The fracture system is generated by using the stochastic 

distributions of the orientation, persistence and spatial location of the discontinuities (Elmo and 

Stead 2010). This approach assumes that the intact rock is in low permeability while the fractures 

provides major pathways for the fluids and gas. Many applications of DFN models can be found 

in the reservoir engineering (Araujo et al. 2004; Dershowitz et al. 2010; Meyer and Bazan 2011) 

to study the hydraulic or fracture associated behaviors. However, due to the computational 

complexities, the effects of the mechanical behavior and heat transfer in a rock mass on the 

fractures are usually ignored; the modeling is normally limited to near-field problems (Jing 2003). 

This may lead to the infrequent usage of DFN model in practical underground problems. Another 

application of DFN is to construct the fracture model based on the field mapping results (Elmo 

and Stead 2010; Follin et al. 2014).  

The hybrid method was developed to take advantage of the strength and to avoid the 

disadvantages of the multiple methods. The commonly used hybrid models in rock engineering 

include the BEM/FEM, DEM/BEM, and DEM/FEM models. As previously mentioned, the BEM 

involves discretization of the boundaries and may largely reduce the calculation time. It usually 

undertakes the role of modeling far-field medium, while the FEM or DEM is used to simulate the 

non-linear, anisotropic, or discontinuous domains. For example, the hybrid BEM/FEM was 

applied by Swoboda et al. (1987) and Eberhardsteiner et al. (1993) for the two- and three-

dimensional analyses of tunnel excavation; the near-field places where the stress concentrations 

and plastic deformations are likely to occur, such as interior of the tunnel, the shotcrete shell and 
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its outer vicinity, were discretized by the FEM; the far-filed rock masses, on the other hand, were 

simulated as elastic by the BEM. In a similar way, the DEM/BEM method aims at the problems 

where the explicit representation of discontinuities is needed in the interested region, surrounded 

by the elastic far-field rock masses (Lorig et al. 1986; Feng et al. 1998; Chen and Zhao 2002). The 

finite-discrete element method has been developed by some researchers to capture the fracturing 

process of rock masses (Munjiza et al. 1995, 1999; Klerck 2000; Klerck et al. 2004). Instead of 

simply discretizing problem domains with different elements, this method involves a different 

couple mechanism, where the system is comprised with a number of separate deformable bodies 

(discrete elements), and the discrete elements are discretized into finite elements (Munjiza et al. 

1999). The fracturing of continuum media (transition from continuum to discontinuum) and the 

interaction of the generated fragments can be modeled (Mahabadi et al. 2010). Some finite-discrete 

element codes, i.e. Y-Code (Munjiza et al. 1999), Y-Geo (Mahabadi et al. 2012), and ELFEN 

(Rockfield Technology Ltd. 2007), have been developed. The major applications of these codes 

fall in rock mechanics, i.e. modeling laboratory tests (Cai and Kaiser 2004; Karami and Stead 

2008). The engineering applications in engineering problems, such as rock slope and underground 

stability, have been implemented for simple cases (Eberhardt et al. 2004; Barla et al. 2011, Sellers 

and Klerck 2000; Vyazmensky et al. 2007). The major difficulties still exist in the computational 

demand for solving complex engineering problems (Mahabadi et al. 2012) and some unavailable 

aspects of rock mass modeling (Elmo 2006).  

In conclusion, each numerical method expertizes in specific rock problems while is limited to 

the others. To solve a problem properly using numerical modeling, the suitable means need to be 

determined by aware of its strengths and weaknesses. Coggan et al. (2012) summarized the 

capabilities and limitations of most of the above-mentioned numerical approaches, as given in 

Table 2.1. In general, the continuum method, which follows the continuous assumption, is suitable 

for the intact rock or highly fractured rock masses. The latter system where the discontinuities are 

ubiquitously distributed is normally solved using the equivalent continuum modeling. The 

discontinuum method, on the other hand, is preferred to handle problems in moderately jointed 

rock masses or where the behavior of the discontinuity is indispensable. The hybrid method, which 

seems to be promising, is still under development with challenges in adding new features and 

seeking proper algorithms. A more comprehensive description of the methods was given by Jing 

(2003). As pointed out by Jing (2003), the selection of an appropriate tool depends on the problem-



 50 

specific factors, i.e. problem scale, fracture system geometry, etc. Certainly, the experience and 

knowledge of the researcher are also important, determining what features are essential and should 

be incorporated with respect to the specific problem.  

 

Table 2.1 Capabilities and limitations of the numerical methods for the analysis of underground 

excavations (slightly changed from Coggan et al. 2012) 

Type of 

numerical 

method 

Capabilities Limitations 

BEM 

Capability of three-dimensional 

modeling; 

Rapid assessment of designs and 

stress concentrations 

Normally elastic analysis only (non-

linear and time dependent options are 

available) 

FEM and 

FDM 

Allow for material deformation and 

failure, can model complex behavior; 

Capability of three-dimensional 

modeling able to assess and simulate 

both saturated and unsaturated 

(multiphase) flow/water pressures; 

Recent advances in hardware mean 

that complicated models can now be 

PC-based and run in reasonable time 

periods; 

Can incorporate coupled 

dynamic/groundwater analysis, time 

dependent deformation readily 

simulated 

Must be aware of model/software 

limitations including effects of mesh 

size, boundaries, symmetry and 

hardware restrictions (i.e. memory 

and time constraints) and data input 

limitations (such as effects of 

variation of critical input parameters 

etc.);  

Deformations along discontinuities 

are restricted to small values; well 

trained and experience users and 

familiarity with numerical analysis 

methods essential;  

Validation through surface/subsurface 

instrumentation important 
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Discrete 

element 

method 

Able to model complex behaviors 

including both block deformation and 

relative movement of blocks 

(translation/rotation);  

Three-dimensional models possible;  

Effect of parameter variations on 

instability can be investigated easily; 

Dynamic loading, creep and 

groundwater simulated; 

Can incorporate synthetic rock mases 

to represent the fracture network;  

Use of Voronoi polygonal blocks 

allows simulation of rock fracture 

between blocks 

Must be aware of model/software 

limitations including effects of mesh 

size, boundaries, symmetry and 

hardware restrictions (i.e. memory 

and time constraints) and data input 

limitations (such as effects of 

variation of critical input parameters 

etc.);  

Scale-effects: simulate representative 

discontinuity geometry (spacing, 

persistence);  

Limited data on joint stiffness 

available; Validation through 

surface/subsurface instrumentation 

important 

Hybrid codes 

(finite-discrete 

element) 

Able to allow for extension of existing 

fractures and creation of new fractures 

through intact rock; 

Capable of three-dimensional 

modeling (although limited 

application to-date); 

Can incorporate dynamic effects 

Limited use and validation; 

State-of-the-art codes requiring in-

depth knowledge/experience of 

modeling methods/mechanics; 

Must incorporate realistic rock 

fracture network; 

Little data available for contact 

properties and fracture mechanics 

properties; 

Limited capability to simulate effects 

of groundwater; 

Extremely long run times will require 

use of parallel processing for large 

models 
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2.3 Previous studies on related topics to the stability analysis of underground excavations 

2.3.1 Representation of the discontinuities 

As a natural geological material, the rock masses contain different types of discontinuities, in 

terms of small-scale ones, such as fissures, fractures, joints, etc., or of large-scaled faults, bedding 

planes, shear zones, dikes, etc. These pre-existing defects make the rock mass discontinuous, 

anisotropic, inhomogeneous, and non-linear, and highly weaken with respect to the deformability 

and strength of the material (Aydan et al. 1997; Jing 2003). As an underground opening is made, 

these discontinuities make great contributions to the instabilities of surrounding rock masses. 

Hence, the knowledge of mechanical behavior of the discontinuities and of their influence on the 

rock mass stability is necessary for the analysis of underground problems. As explained in the 

previous section, the discrete element method is the numerical tool for the explicit representation 

of discontinuities. Two crucial issues related to joint representation are respectively the joint 

geometry data and joint material properties (Barla and Barla 2000). To incorporate realistic joints 

in the field, certain efforts have been made by previous researchers. Kulatilake (1998) developed 

the software package, FRACNTWK, to analyze the discontinuity data obtained from boreholes, 

rock cores, scanlines and 2-D exposures, such as rock outcrops, tunnel walls, tunnel roofs, etc.; by 

using this software, the number of joint sets, the density, orientation, size, and the location 

distribution of the joints can be estimated. Kulatilake et al. (2003) illustrated the detailed 

procedures to characterize the joint sets based on the scanline surveys for Arrowhead East Tunnel 

in California; a 3-D fracture system was formed and validated using the field mapping data. Using 

the same software package, Wu and Kulatilake (2012a) estimated the 3-D statistics of fracture size, 

orientation and intensity for a dam site in China, and performed the discontinuum analysis 

incorporating these fracture sets. Other efforts were made by Fekete and Diederichs (2013) to 

reconstruct the fracture network using the deterministic and statistical interpretations of the 

collected Lidar data. They pointed out that Lidar scanning provides data points rather than 

continuous data so that the joint persistence is difficult to estimate, and stressed the importance of 

discontinuum rock mass models for understanding the failure mechanisms and sensitivities of the 

practical problem. With respect to the joint persistent, it has been recognized as a critical factor 

affecting the deformation, strength, as well as failure modes of the jointed rock masses (Brown 

1970; Kulatilake et al. 1993; Kulatilake et al. 1997; Prudencio and Van Sint Jan 2007). Simulation 

of the realistic geometry of joints is essential for the stability analysis of rock structures. Kulatilake 
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et al. (1992) proposed a procedure to incorporate finite-sized joints into the numerical model, by 

dividing the problem domain into polygons in two dimensions or into polyhedral in three 

dimensions using the fictitious joints.  

Accurate estimation of joint properties is another critical and challenging task. The 

mechanical properties of joints can be influenced by a variety of factors, such as the joint contact 

area, the joint aperture, the roughness of the joint wall, the relevant properties of the filling 

material, etc. (Goodman et al. 1968). Reliable approximation of the joint properties can be obtained 

from large-scale in situ tests, whereas the cost is such expensive and the selection of the appropriate 

testing size remains questionable to a given problem (Barton 1972). On the other hand, a large 

quantity of studies has been carried out in the laboratory to investigate the mechanical behavior of 

the joints. The deformability and strength behaviors of the joints depend on the normal stress 

(Goodman 1974; Barton and Choubey 1977; Bandis et al. 1983); the magnitude of the 

deformability parameters, i.e. the joint normal and shear stiffness (Goodman et al. 1968), could 

vary in a range of several orders (Barton and Choubey 1977). Various models have been put 

forward to fit the variations of normal or shear stiffness with the normal stress (Bandis et al. 1983; 

Swan 1983; Malama and Kulatilake 2003; Kulatilake et al. 2016). Scale effects make in situ 

properties of the joints difficult to estimate (Bandis et al. 1981; Barton et al. 1985). The ultimate 

strength of the laboratory-size joints is higher than that of the joints exposed in the field (Bandis 

et al. 1981).  

Due to the above-mentioned difficulties and uncertainties, extensive numerical studies have 

been performed to investigate the influence of joint geometrical and mechanical properties on the 

stability of underground excavations. Shen and Barton (1997) investigated the effect of joint 

spacing on the size and shape of the disturbed zone around a tunnel; as the joint spacing decreases, 

blocks could be observed falling into the tunnel while difference between the two models with 

small joint spacing was minor; same phenomena could be obtained for the open zone, where joints 

are open. However, distinct increase of the shear zone (large shear displacement) can be seen with 

the decrease of joint spacing. Additionally, the varying joint orientation changed the shape of 

failure area around the tunnel. Bhasin and HØeg (1997) performed the sensitivity analysis on joint 

spacing and joint strength parameters. They found the rotational shear deformation is likely to 

occur for the large size blocks while inside highly fractured rock masses the stresses were built up, 

resulting in smaller displacements instead. With respect to the joint strength parameters, 
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insignificant difference existed in deformations around the opening by varying joint roughness 

coefficient and joint residual friction angle, however, a great reduction of displacements was 

caused by the larger joint wall compressive strength. Hao and Azzam (2005) assessed the stability 

of an underground cavern by considering the influence of the dip angle, shear strength, and location 

of a fault. According to the results, there existed a critical dip angle where the plastic zones and 

maximum displacement around the opening reached the peak values, and the critical dip changed 

with the location of the fault with respect to the excavation. The existence of fault resulted in the 

asymmetric distribution of plastic zones and deformations around the opening; the most unstable 

case seemed to be the one where the fault intersected with the right wall and caused sliding blocks. 

Results also showed that higher fault friction angle effectively reduced the rock mass failure and 

displacement and their asymmetrical distributions; besides, the critical fault dips were slightly 

changed. In the study of Wang et al. (2012), the joint stiffnesses and joint friction angle were varied 

independently in a range of typical values; according to the change of the maximum displacements 

around the tunnel, they evaluated the importance of the joint parameters for their model that joint 

shear stiffness was the most sensitive factor but joint friction angle the least. 

Additionally, investigations pertinent to the discontinuities also concentrated on the selection 

of appropriate joint constitutive laws (Souley et al. 1997; Cui et al. 2016; Sainsbury and Sainsbury 

2017). So far, efforts have still been making by numerous researchers to seek the realistic 

representation or modeling of discontinuities for practical problems. 

 

2.3.2 Equivalent continuum modeling of rock masses 

Although the explicit representation of rock joints can be achieved using the modern 

numerical techniques, equivalent continuum approach still undergoes wide applications in cases 

where sufficient information of discontinuities is always unavailable or that the problem is rather 

complex. A discontinuum-equivalent continuum approach has been applied by some researchers 

(Wang et al. 2012; Wu and Kulatilake 2012a; Shreedharan and Kulatilake 2016), where the large-

scale discontinuities were explicitly modeled yet the small-scale discontinuities were implicitly 

incorporated. In equivalent continuum modeling, the mechanical properties of jointed rock masses, 

which contain the effect of small scale discontinuities, have to be estimated by using direct or 

indirect methods.  
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Direct methods include laboratory and in-situ tests. To obtain the realistic property values for 

a jointed rock mass, the rock sample should contain enough discontinuity features to represent the 

overall behavior, which is difficult to be implemented in the laboratory. A variety of in-situ tests, 

such as compression, shear, plate-bearing, flat jack, borehole jacking, dilatometer tests, have been 

available to measure the deformability modulus and the strength of rock masses (Bieniawski and 

Van Heerden 1975; Bienwaski 1978). However, the results of in situ tests are site-dependent and 

are with uncertainties; the implementation is normally difficult, time consuming, and expensive.  

Under such condition, indirect methods, such as empirical relations, analytical method and 

numerical method, can be used (Kulatilake et al. 1992). Bieniawski (1978) complied the results of 

in situ tests for a number of projects and found great uncertainties in the obtained data; it was 

suggested that the in-situ tests should be performed with two or more methods for cross-checking; 

by correlating the in-situ results and the RMR values, an estimate of the rock mass modulus was 

obtained. Further investigations were made by Serafim and Pereira (1983), Grimstad and Barton 

(1993), Barton (2002), Hoek and Brown (1997), Hoek and Diederichs (2006), etc. to relate the 

rock mass modulus with RMR, Q, and GSI systems. Similarly, empirical equations were also 

derived to determine the strength of rock masses by scaling down the intact rock strength based on 

geological conditions (Hoek and Brown 1980; Kalamaris and Bieniwaski 1995; Barton 2002; 

Hoek et al. 2002). For instance, Hoek (1994) and Hoek et al. (1995) introduced the GSI system to 

account for the reduction of rock mass strength in different geological conditions, and was used to 

estimate the strength parameters. Hoek et al. (2002) proposed the equations to determine the Mohr 

Coulomb parameters c and 𝜙 for specific ranges of the confining stress for tunnels and slopes. 

Analytical solutions were given by some researchers to take into account the simple fracture 

patterns (Singh 1973; Amadei and Goodman 1981; Stephansson 1981; Gerrard 1982; Fossum 1985; 

Hu and Huang 1993). The global deformation moduli or compliances used for analysis were 

obtained by superimposing the compliance of intact rock and that of the fractures. In these analyses, 

the geometry of the fracture system was assumed to be regular and persistent; the interaction 

between the joints was not considered. 

The numerical method, which takes advantage of the high efficiency of computer technology, 

is another indirect way to estimate the rock mass properties. Kulatilake (1985) introduced a 

procedure to determine the elastic constants and strength of different sized blocks using the finite 

element analysis. The representative elementary volume (REV) is a certain minimum volume over 
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which the rock mass properties may not change significantly with respect to the effect of fractures.  

By generating the realistic fracture systems, Min and Jing (2003) and Wu and Kulatilake (2012b) 

obtained the sizes and property values of the REV for their models. In the subsequent study of Wu 

and Kulatilake (2012a), the REV properties were used to represent the combined rock mass 

properties of intact rock and four sets of minor discontinuities; the continuum/discontinuum stress 

analysis was performed by incorporating the major discontinuities explicitly. In addition, the back-

analysis based on the field measurements also provides a way to estimate the in-situ properties of 

rock masses (Sakurai and Takeuchi 1983; Cai et al. 2007b; Shreedharan and Kulatilake 2016). 

Another essential aspect of the equivalent continuum modeling is to select the appropriate 

constitutive relations for the rock masses. According to the practical experience of Hoek and 

Brown (1997), the post-peak characteristics of rock masses vary with the rock quality. For very 

good quality hard rock masses, the post-peak failure normally appears as brittle. For a such rock 

mass, the strength of the rock mass abruptly drops to the residual value. The average quality rock 

masses, however, exhibit a gradual strength-loss in the post-failure region, corresponding to the 

strain softening behavior. For very poor quality rock masses, the post-peak behavior can be 

represented typically as perfectly plastic which means the rock mass strength stays constant after 

yielding. The triaxial test data on marbles obtained by Wawersik and Fairhurst (1970) revealed 

that the post-failure behavior of the rock changes from brittle to ductile with the increasing 

confinement. Due to the low confinement around the excavation boundaries, the rock masses are 

subjected to the unfavorable softening scenario. In the article of Egger (2000), the importance of 

softening rate on the tunnel stability was stressed; he also discussed the needed support pressure 

for preserving the rock mass strength at the perfectly-plastic level. The role that post-failure 

behavior of rock masses play on the failed or plastic area and the deformations around underground 

excavations have been investigated by many other researchers (Hoek and Brown 1997; Cai et al. 

2007a; Alejano et al. 2009; Wang et al. 2011; Alejano et al. 2012). Determination of the post-

failure parameters can be achieved by the direct measurements at the site or in the laboratory. The 

large-scale tests in the field are too expensive to conduct. For most cases when the tests are not 

available, indirect approaches are generally used, such as the numerical back-analysis conducted 

by Crowder and Bawden (2006), the estimation based on the GSI system (Cai et al. 2007a), etc. 
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2.3.3 Effect of in situ stress and construction sequence 

The initial stress in rocks is normally described as three components, a vertical stress which 

is mainly caused by the overburden weight and two horizontal components which are contributed 

greatly by the tectonic stresses; the horizontal stresses could be larger or smaller than the vertical 

stress in a wide range (Stille and Palmström 2008; Stephansson and Zang 2012). To determine the 

in-situ stresses, field measurements, such as hydraulic fracturing, sleeve fracturing, borehole 

breakout, borehole relief methods, over-coring, etc. are available. The World Stress Map (WSM), 

which is a global compilation of the information of current stress field of the Earth’s crust, offers 

the orientations rather than the magnitudes of tectonic stresses (Zang et al. 2012). Because of the 

large-scale and limited data points, the WSM may be appropriately used as the preliminary check 

or consultation of the stress state for a region. The magnitude and orientation of regional stresses 

are complicated and may vary due to the topographical effect, geological unconformities, 

stratification and geological structures such as faults, dikes, joints, folds, etc. (Stephansson and 

Zang 2012). Stephansson and Zang (2012) illustrated the influence of lithology and structures on 

the distributions of in situ stresses, and suggested that the numerical stress modeling was a useful 

aid to predict the overall stress state for an area with great variations and uncertainties. Tan et al. 

(2014a and 2014b) investigated the influence of inclined strata and faults on the in-situ stress state 

for an open-pit mine; they concluded that to estimate the in-situ stresses as the numerical input for 

a complex geological system, the appropriate way is to perform stress analysis on this system with 

proper boundary stresses. 

Underground excavation disturbs the initial stress state in rock masses and causes stress 

redistributions. At low in situ stress level, the rock mass tends to be unstable due to the low normal 

stress acting on the joints (Stille and Palmstrom 2008). As in situ stress increases with depth, 

tangential stresses around the opening periphery would set up, of which the magnitudes depend 

upon the initial stress state and upon the excavation shape. Instabilities may arise once the stress 

is greater than the strength of rock masses. For competent rocks, failures such as buckling, 

rupturing, slabbing and rock burst are likely to occur, while the plastic behavior and squeezing are 

normally observed in the incompetent or weak rock masses (Bhasin and Grimstad 1996; 

Palmström and Stille 2007). As an important factor affecting the stability of underground 

excavations, the impact of in situ stress on the failure mechanism and displacements have been 

studied extensively.  
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Hoek and Brown (1980) provided the maximum stress values around the excavations with 

various excavation shapes and horizontal to vertical in situ stress ratios (lateral stress ratio); results 

showed that the maximum stress in the roof increased with the increasing lateral stress ratio, while 

the maximum stress in the sidewall decreased during the process. The 90 degrees’ rotation in the 

principal stress state around a square tunnel was observed as the lateral stress ratio changed from 

0.5 to 2.0 whilst the magnitude of the major principal stress was doubled. Martin et al. (1999) 

suggested that the brittle failure in massive rocks around the underground opening was initialized 

when the ratio of the maximum tangential boundary stress to the laboratory unconfined 

compressive strength exceeds 0.4. They also proposed an equation expressed with Hoek-Brown 

parameters to estimate the depth of the stress-induced failure; as the ratio of the maximum principal 

stress to the minimum principal stress increased, the shape of the damage region enlarged from the 

localization to a notched area. Jia and Tang (2008) studied the great influence of lateral stress ratio 

on the failure modes and deformations around the tunnel. For low lateral stress ratio case, cracks 

were observed in the sidewalls of the tunnel; flexure of the rock mass and sliding along the joints 

can be seen. For high lateral in situ stresses, the failures, however, concentrated on the roofs and 

floors. As the lateral stress ratio increases, deformations on the sidewalls were increased but 

decreased on the roof and floor. Using numerical results for an underground power house under 

various rock mass and geological conditions, Zhu et al. (2004) derived the empirical equations to 

predict the displacement at a key point on the sidewall, which increased with the rock mass 

modulus, overburden thickness, excavation height, as well as the lateral stress ratio. Eberhardt 

(2001) investigated the stress changes around a tunnel with the advancing excavation. The changes 

of stress magnitudes and directions at fixed roof and wall locations were addressed in detail; the 

variation patterns changed with the different initial stress field. The author also pointed out that 

the brittle fracture failure which begins with the initiation and propagation of microfractures is 

closely related to the magnitudes and orientations of the excavation-induced principal stresses.  

Stress redistribution around the excavations, on the other hand, depends on the construction 

methods, i.e. excavation method and supporting sequence, and hence influence the response of 

rock masses. In practice, the implemented excavation and supporting procedures are diverse, 

depending on the factors such as excavation geometry, excavation shape, rock mass condition, etc. 

(Kim et al. 1999; Barla 2001). For example, the conventional construction methods for tunneling 

in squeezing rock condition include the side drift method, the top heading and benching down 
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excavation method, as well as the full-face excavation method, as shown in Fig. 2.1; each 

excavation method may be associated with the suitable supporting strategy (Barla 2001). Cai 

(2008) pointed out the difference between the two computer codes, FLAC and Phase2, in 

simulating the tunnel excavation process, and stressed the influence of the stress paths on the 

plastic yielding zone distributions. Simulation of the realistic excavation and supporting sequences 

that implemented in the field is essential for accurate prediction of the rock mass behavior (Cai 

2008; Cantieni and Anagnostou 2009).  

Since the stress path of underground excavation or tunneling is three-dimensional (Eberhardt 

2001; Kaiser et al. 2001; Cai 2008; Cantieni and Anagnostou 2009), it should be included in the 

analysis. For two-dimensional modeling, the 3-D effects of excavation can be incorporated by 

using the methods such as field stress vector/average pressure reduction, excavation of concentric 

rings, and face replacement or destressing (Vlachopoulos and Diederichs 2014). In the first 

approach, an internal pressure/traction equal to in situ stress is applied to excavation boundary, 

and then the monotonic reduction of the pressure/traction is assumed to represent the excavating 

process (Vlachopoulos and Diederichs 2014). This method seems suitable for the progressive full-

face excavation. Zhao and Cai (2010) applied this gradual relaxation method to simulate the full-

face excavation which is likely driven by jackleg, hydraulic rock-splitting technique, or TBM 

tunneling. For the staged excavation, the excavation of each part is normally considered 

independently. However, the process of partial excavation in practice is complicated. 

Vlachopoulos and Diederichs (2014) performed the heading and bench excavation of a tunnel by 

the 3-D analysis; they found the timing of bench excavation played a critical role on the 

longitudinal displacement profiles (radial displacement distribution along the tunnel axis); if the 

top heading and bench excavation is not far enough, their excavation cannot be considered as 

isolated so that the relaxation excavation is difficult to be applied.  

With respect to the precise simulation of support installation, the deformation occurred prior 

to supporting needs to be considered. It can be estimated using the analytical methods for 

simplified cases, i.e. by constructing the longitudinal displacement profile in the convergence-

confinement method, or using the numerical back-analysis for complicated conditions (Barla 

2001). Vardakos et al. (2007) constructed the ground characteristic curve for the unsupported 

tunnel, which described the relation of decreasing internal pressure versus increasing displacement 

around the excavation surface; by assuming a proper displacement or internal pressure, the time 
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of support installation corresponded to a certain amount of stress loss. In their case, they assumed 

the stress loss factor of 0.5 for the installation of rock bolts and of 0.65 for the shotcrete. 

Shreedharan and Kulatilake (2016) adopted the same stress relaxation method for modeling the 

delayed supporting; they tried the multiple stress loss levels at every 10% gap.   

 

 

Figure 2.1 Conventional tunneling methods for squeezing rock masses (from Barla 2001) 

 

2.3.4 Summary 

For the stability analysis of underground openings, there are so many aspects that need to be 

addressed due to the complexity of the problem. The rock mass response around underground 

excavations is a function of the stiffness and strength of the intact rock, the geometrical and 

mechanical properties of the discontinuities, the orientations and magnitudes of in situ stress, the 

sequence of excavation and supporting, etc. Each of these factors has been studied surficially or to 

some extent by previous researchers. Nevertheless, the three-dimensional stress analysis of a real 

world system which combines multiple factors is rare to find. The work in this dissertation is trying 

to capture as much as realistic features and provide a reliable evaluation of the overall tunnel 

stability for an underground mine. 
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CHAPTER 3 DESCRIPTION OF THE SITE AND THE TUNNEL SYSTEM 

 

3.1 Geologic setting and structures 

The studied mine is an underground mine in USA and has a remaining life of more than 20 

years. The deposits are sediment hosted, and are generally controlled by the intersection of 

mineralized faults and stratigraphic units. The ore bodies are dipping approximately 25-45 degrees 

with a low rock mass quality in the ore zones. The stratigraphy of the mine area is formed of the 

units of Comus formation. The rocks include carbonaceous mudstones and limestone, tuffaceous 

mudstones and limestone, polylithic megaclastic debris flows, fine-grained debris flows, and 

basalts from the periods of Cambrian to Ordovician. All the units are intruded by the fine-grained 

to porphyritic granodiorite dikes. Above the stratigraphic units are more basalts, mudstones, and 

cherts with the thickness ranging from 366 to 457 m (1200 - 1500 feet). 

For this underground mine, one prominent fault structure that dominate mineralization and 

distribution of rock types strikes roughly N-S and dips 40-50 degrees to east. It extends more than 

2134 m laterally on the surface and the fault zone goes up to 30-60 m wide. In the hanging wall, 

some fault zones strike parallel to the prominent fault while dipping about 70 degrees to the west. 

Another set of fault zone, which is comprised of close and sub-parallel faults, is striking N 60-

70 E degrees and dipping 55-70 degrees to the northwest. The width of this fault zone ranges 

from 107 to 152 m. Some east-west striking fault sets with high dip angles exist locally. Limited 

drilling information showed that the local minor discontinuities are distributed with a mean spacing 

of 3-15 m and are filled with materials including gouge, breccia clay, calcite, and chlorite. 

Compared to the whole mine area, the two selected study regions are in a small area. Large-scale 

structures inside the area include the high angle faults striking NW-SE and dipping southwest, the 

sets that strike NE-SW and dipping northwest, and the low-angle faults dipping to the east with 

20-40 degrees. 

 

3.2 Rock mass classifications 

Both geotechnical core logging and geotechnical mapping have been carried out to collect the 

information of underground rock masses. The rock mass conditions were evaluated using the 1976 

version of Bieniawski’s (1976) RMR system where the input parameters have been described in 

chapter 2. Table 3.1 gives the RMR values and class description of the rock lithologies, intrusive 
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dikes, and ore lenses. Generally, the orebodies and dikes have low RMR values in the range of 20-

40; the rock masses out of the ore zone are in better conditions with the average RMR value around 

45. 

 

Table 3.1 RMR values for different geological units at the mine (Sandbak et al. 2012) 

 
Mean RMR (Std. 

dev.) 
RMR range (1Std. dev.) Class description 

Rock Lithologies    

Megaclastics 44(13) 31-57 Poor-fair 

Fragmental 48(13) 35-61 Poor-good 

Limestone 51(12) 39-63 Poor-good 

Power hill 49(13) 36-62 Poor-good 

Npillow basalt 51(12) 39-63 Poor-good 

Upillow basalt 43(15) 28-58 Poor-fair 

FW sediments 32(10) 22-42 Poor-fair 

Sillseds 42(14) 28-46 Poor-fair 

Intrusive Dikes    

Mn dike 33(8) 25-42 Poor-fair 

V dike 40(11) 29-51 Poor-fair 

Ore Lenses    

148 W 35(13) 22-48 Poor-fair 

148 lower 35(12) 23-47 Poor-fair 

FWpond 31(9) 22-40 Poor 

Bullion 31(9) 20-40 Very poor-poor 

Ldeep 31(10) 21-41 Poor-fair 

HGB 31(12) 19-43 Very poor-poor 
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HWdike 31(10) 21-41 Poor-fair 

 

3.3 In-situ stresses 

No in-situ stress measurement was carried out at the mine site. Hence, the empirical relation 

derived by Brown and Hoek (1978) (see Fig. 3.1) was used to determine the vertical in-situ stress. 

For the estimate of horizontal in-situ stresses, the equation given by Sheorey (1994) has been 

utilized, where the lateral stress ratio (K) was in relation with the elastic modulus (E in GPa) of 

the rock mass and the depth (H in m), given by 

 

 𝐾 = 0.25 + 7𝐸 (0.001 +
1

𝐻
) (3.1) 

 

Based on the available rock testing results of the elastic modulus and the depth range between 

700 and 1000 m, the lateral stress ratio of 0.5-1.0 has been estimated. This estimation yet is 

preliminary and more detailed analysis, i.e. sensitivity analysis, should be conducted. 

 

 

Figure 3.1 Vertical stress measurements from mining and civil engineering projects around the 

world (from Brown and Hoek 1978) 
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3.4 Tunnel geometry and excavation activities 

The target tunnel system is the development drifts which are utilized to extract and transport 

the ore from the mining area. Fig. 3.2 shows the selected tunnel system. It extends 2100 feet (640 

m) along east-west direction and 1000 feet (305 m) along the south-north direction (see the scale 

in Fig. 3.2a); the elevation of the tunnels, as shown in Fig. 3.2b, ranges from 3047 to 3693 feet 

(928.7 to 1125.6 m). The elevation of the surface is 5300 feet (1615.4 m) so that the depth of the 

tunnel system is about 489.8-686.7 m. The regions inside the yellow square and red square of Fig. 

3.2a are two selected areas of this study which have history of fast movements according to the 

field monitoring data. Most of the open drifts is in horseshoe shape with typical dimensions shown 

in Fig. 3.3a. Backfilling activities have taken place in the northern part of the interested area, as 

labeled in Fig. 3.2a. The backfilled area has been excavated in rectangular shape, given in Fig. 

3.3b. The tunnels have been driven using jackleg-drilling techniques by the conventional drilling 

and blasting method or by the underground load-haul-dump (LHD) method. The effect of blasting 

has been minimized during the construction. 

 

 

(30.5 m) 

N 

E 

Backfilled area 

(a) 
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Figure 3.2 The overall tunnel system: a Plan view; b Elevation view (seeing from the south) 

 

                 

Figure 3.3 Dimensions of the a horseshoe tunnel and b rectangular tunnel 

 

3.5 Rock and cable bolts 

In this underground mine, rock bolts including resin bolts, split set bolts and swellex bolts, 

and cable bolts have been installed to support the tunnels. The basic installation and operational 

principle of these bolts are introduced hereunder.  

 

3.5.1 Resin-grouted rock bolts 

The first step of the installation of resin-grouted rock bolts is to insert two component 

cartridges, which respectively contains the resin and the catalyst. The (rebar) bolt is then installed 

and spun by the installation drill, opening the cartridges and mixing the resin and catalyst. Once 

the resin hardens the drill spinning tightens the rebar bolt and holds the rock together. Pretension 

is realized by the installation of fast-setting and slow-setting resin cartridges, as presented in Fig. 

4.6 m

4
.0

 m

(a) (b)  

(b) 
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3.4 (Hoek et al. 1995). The resin-grouted dowel is an un-tensioned (passive) rock bolt, of which 

the reinforcing effect is activated by the rock movement. For the permanent supporting, fully 

grouted bolts are normally used. 

 

 

Figure 3.4 Typical set-up of the pre-tensioned resin-grouted bolt (Hoek et al. 1995) 

 

3.5.2 Split set stabilizer 

Fig. 3.5 shows the photo of a typical split set stabilizer. It includes a slotted steel tube with a 

tapered end and a domed bearing plate. By inserting into a drill hole which is slightly smaller than 

the tube, the radial force is generated providing the frictional anchorage along the entire length of 

the hole. Table 3.2 gives the specifications of the three commonly-used split set bolts. This type 

of support is simple and quick to install and has gained wide applications in mining engineering. 

Due to the possibility of corrosion, it is, however, more appropriate to be used as the short-term 

rather than long-term support (Hoek et al. 1995).  

 

rebar 

Slow-setting resin cartridges 
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Figure 3.5 Split set stabilizer (from Hoek et al. 1995) 

 

Table 3.2 Specification of Split set stabilizer (from Hoek et al. 1995) 

Description 
Bolt type 

SS-33 SS-39 SS-46 

Recommended nominal bit size (mm) 31 - 33 35 - 38 41 - 45 

Breaking capacity, average (KN) 107 125 160 

Breaking capacity, minimum (KN) 72 89 133 

Recommended initial anchorage 

(KN) 
26.5 - 53 26.5 - 53 44 - 80 

Tube length (m) 0.9 - 2.4 0.9 - 3.0 0.9 - 3.6 

Nominal outer diameter of tube (mm) 33 39 46 

Domed plate size (mm2) 
150*150 

125*125 

150*150 

125*125 
150*150 

Galvanised system available Yes Yes Yes 

Stainless steel model available No Yes No 

 

3.5.3 Swellex rock bolts 

Like split sets, the swellex rock bolts also offer the friction and mechanical interlocking with 

rock masses. The bolts are initially folded tubes, as shown in Fig. 3.6a, of which the dimension is 

smaller than that of the drill hole. By injecting water under pressure, the steel tube is then expanded 
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(Fig. 3.6b). The flat tube has a larger diameter than the hole so that it can be connected intimately 

with the rock masses. Table 3.3 provides the specifications of several swellex bolts from Atlas 

Copco. Quick installation is also an advantage of the swellex bolts. Coated bolts are now available 

(Table 3.3) to prevent the corrosion. With connectable bolts by two or three segments together, the 

length of swellex bolts is up to 12 m. 

 

 

Figure 3.6 Swellex steel tube: a folded tube b inflated tube (from Atlas Copco) 

 

Table 3.3 Specifications of typical swellex rock bolts (from Atlas Copco) 

Description 
Bolt type 

Pm12 Pm24 Pm24C Mn12 Mn24 

Minimum breaking load 

(KN) 
110 240 200 110 200 

Minimum yield load 

(KN) 
100 200 190 90 180 

Minimum elongation 

(%) 
10 10 10 20 20 

Inflation pressure (MPa) 30 30 30 30 30 

Folded tube, diameter 

(mm) 
27.5 36.0 36.0 27.5 36.0 

Flat tube, diameter (m) 41.0 54.0 54.0 41.0 54.0 

(a) (b) 
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Hole diameter (mm) 32 - 39 43 - 52 43 - 52 32 - 39 43 - 53 

Bolt length (m) 1.2 - 6.5 1.8 - 7.0 4.8 - 12.3 1.2 - 6.5 1.8 - 7.0 

Bitumen coated option Yes Yes Yes Yes Yes 

Plastic coated option Yes Yes Yes - - 

 

3.5.4 Cable bolts 

The cable bolt, which normally has a larger capacity than that of traditional rock bolts, has 

been developed and widely used in underground mining and civil engineering. Hoek et al. (1995) 

summarized the development of the different cable bolts (see Table 3.4). For underground hard 

rock mining, the plain seven strand cablebolt or modified cablebolt, i.e. birdcaged, bulbed, or 

ferruled strand, are generally applied (Hoek et al. 1995). Due to the high capacity of cables, the 

grout quality as well as the cement strength play important roles on the overall performance of the 

bolt.  
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Table 3.4 Development of the cable bolts in mining and civil engineering (from Hoek et al. 

1995) 
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3.5.5 Geometry and layout of the applied rock and cable bolts 

Three installations of the rock and cable bolts were applied for the tunnels at the mine, which 

are given as follows. 

The first installation, as shown in Figs. 3.7a and 3.7b, contains two arrangements. Roof bolts 

are the 2.44 m resin-grouted rebar bolts; the 1.83 m split set bolts were installed on the ribs. The 

difference between the two arrangements is the number of roof bolts, 3 and 4 respectively. The in-

plane spacing and layout of the bolts are shown in the two figures; the two arrangements were 

placed alternatively along the tunnel axis with the out-of-plane spacing of 1.2 m. The second 

installation include cable bolts on the roof (Fig. 3.7c and 3.7d). Similarly, two arrangements were 

installed and the out-of-spacing is 1.8 m. Finally, the third installation include the swellex bolts. 

Fig. 3.7e shows the in-plane configurations of the bolts; 6.10 m long swellex bolts were installed 

on the roof and 3.66 m long swellex bolts on the ribs. The out-of-plane spacing is 1.8 m. 

 

             

 

                  

(b)  (a) 

(c) (d) 
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Figure 3.7 Rock and cable bolts applied for the tunnels: a The first installation – arrangement 1 

(3 resin bolts on the roof; 8 split set bolts on the ribs) b The first installation – arrangement 2 (4 

resin bolts on the roof; 8 split set bolts on the ribs); c The second installation – arrangement 1 (3 

cable bolts on the roof); d The second installation – arrangement 2 (2 cable bolts on the roof); e 

The third installation (5 Swellex bolts on the roof; 2 Swellex bolts on the ribs) 

 

3.6 Field measurements 

Tape extensometers and multiple point borehole extensometers (MPBX) were installed at the 

mine to monitor the tunnel convergence and the movements inside surrounding rock masses, 

respectively. Fig. 3.8 shows the typical tunnel cross section with the instruments. The length of 

MPBXs is 6.10 m on the roof and is 3.66 m on the ribs. Various anchor points were placed to 

record the in-rock displacements (Fig. 3.8). The closure rate provides an indication of the rock 

mass response. In weak rock masses, the convergence rate of more than 1.3 mm per day is likely 

to cause unstable issues with new cracks observed in the field. Whereas the rate of 0.4-0.5 mm per 

day was considered as a sign of potential failure in stronger rock masses.  

The selected area always had rapid movements and was rehabbed several times. As shown in 

Fig. 3.9, tape extensometers (MT17 and MT18) and MPBXs (SITES 1, 2, and 3) were installed 

near the tunnel intersections. Fig. 3.10 provides the photo of the field monitoring point MT17, 

where the mesh and rehabbed shotcrete can also be seen. High tunnel closure rates (0.2-0.3 

mm/day) were recorded at locations MT17 and MT18. For the setup of MPBXs, H1 and H2 

represent the horizontal instruments on ribs and V3 is the vertical one on the roof. Monitoring data 

showed that large displacements (40-60 mm) occurred on the north ribs (H2s) at sites 2 and 3, and 

(e) 

3.66 m 
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that most of the movements were located within 1.2 m from the excavation surface. Slight 

deformations (1-7 mm) were observed on the roof of the two locations as well as on the ribs of site 

1. 

 

 

Figure 3.8 Typical tunnel cross section with instruments 

 

 

6.10 m long MPBX 
anchor points at 0.61 m, 1.22m, 
2.44 m, 3.66 m, 4.57 m, 6.10 m 

3.66 m long MPBX 
anchor points at 0.61 m, 1.22m, 
1.83 m, 2.44 m, 3.05 m, 3.66 m Tape extensometer 

points 
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Figure 3.9 Locations of tape extensometers and MPBXs inside the selected study areas (near the 

tunnel intersections) 

 

Locations of tape 

extensometers 

SITE2 
MT18 

MT17 
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Figure 3.10 Photo of the field monitoring point of MT17 

 

3.7 Available analysis and field surveys from mine reports 

3.7.1 Laboratory rock test results 

Geomechanical tests have been carried out for the rocks at the mine and the results are given 

in Table 3.5. It shows that the values are in a wide range. The limestone dominated rock (first two 

types: TLS, TLMS, and BLM1) are the strongest with high strength and Young’s modulus. The 

next two types (TM1, TCF, and BML2) are mudstone dominated rocks with moderate strength 

and deformability. The last two rock types (TFF, TM2), which are fragmental and mudstone matrix 

containing clasts, clays, and gouge, have extremely low strength and elastic modulus. 

 

 

 

Convergence 

monitoring point  

Wire mesh  

Shotcrete  
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Table 3.5 Previous rock testing results (Mining Company, personal communications) 

Rock 

name 
Rock type 

Young’s 

Modulus 

(GPa) 

Poisson’s 

ratio 

Uniaxial 

strength 

(MPa) 

Friction 

angle (°) 

Cohesion 

(MPa) 

TLS; 

TLMS 

Tuffaceous limestone > 

mudstone 
94.3 0.27 69.0 37 31.6 

BLM1 
Siliceous dark grey 

limestone > mudstone 
44.2 0.20 49.8 46 18.5 

TM1 

Tuffaceous fine 

mudstone; 

metamorphosed hornfels 

14.9 0.19 24.3 37 6.1 

TCF; 

BML2 

Tuffaceous coarse 

fragmental; mudstone > 

limestone 

6.0 0.40 13.1 32 3.6 

TFF 

Tuffaceous fine 

fragmental; muddy 

matrix with light clasts 

3.7 0.42 1.4 24 0.4 

TM2 
Tuffaceous mudstone; 

dark clays and gouge 
0.1 0.31 0.8 28 0.2 

 

3.7.2 Field surveys 

Field surveys at the mine site were conducted under the tour given by L. A. Sandbak. Several 

important locations, i.e. the tunnel intersection and the weak rock mass area, were visited. Fig. 

3.11 shows the major stops within the selected study areas. The corresponding photos are given in 

Figs. 3.12 and 3.13 which were taken by the author or provided by the mining company. The 

overall picture at Stop #1 (Fig. 3.12a) presents the highly-deformed rock masses, especially the 

roof of the intersection. With a higher RMR value, the north wall (Fig. 3.12c) at Stop #1 had 

undergone a lower damage level than the south wall (Fig. 3.12b). The rock mass was observed to 

be dry. Fig. 3.13 showed the rock mass condition at Stop #2 after the rehab of the tunnel. Rock 
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bolts were installed on the roof and on the left wall; also, can be seen are the mesh support and 

shotcrete which were used to prevent the falling of loose rocks. As previously mentioned, the 

backfilling activities took place on the right-side of this location (Fig. 3.2a). So, the right wall of 

the tunnel shown in Fig. 3.13 is the cemented rock fill.  

 

 

Figure 3.11 Field stops within the selected study areas 

 

 

Stop #2  

Stop #1  

(a) 
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Figure 3.12 Photos at Stop #1: a Overall view; b South wall; c North wall 

 

 

Figure 3.13 Photo of the rock mass condition and supports at Stop #2  

 

3.7.3 Stress analyses 

Both 2-D and 3-D stress analyses have been carried out by previous researchers using the 

FEM (Langston 2010) and BEM (Pakalnis 2010) software. Focus was concentrated on the 

intersection area (Fig. 3.9) due to the observed large displacements and damage. The FEM plastic 

analysis obtained tunnel convergence of 13.5 cm and 20.4 cm for the conditions with lateral stress 

ratios of 0.75 and 1.5, respectively; the maximum shear failure on the ribs were found to be 1.05 

South wall 
North wall 

(b) (c) 
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m and 1.5 m, respectively for the two cases (Langston 2010). It was claimed that the results of the 

case with the smaller lateral stress ratio (0.75) matched well with the field measurements. For the 

elastic 2-D analysis, the ratios of the induced stress to the uniaxial compressive strength of the 

rock (Sigma1/UCS) are given to account for the spalling of excavation surface. The ratios on the 

roof and on the ribs exceeded the value of 0.5, where the fracturing was considered to occur. The 

3-D elastic analysis was performed to investigate the tunnel stability adjacent to stope excavations 

(Pakalnis 2010). A displacement increment of 20-30 mm was observed, and the total displacement 

was predicted to be around 46 mm on the floor and on the north rib. Results also showed the 

movements were concentrated within the first meter from the surface of the excavation; the authors 

of the report have claimed agreement with that given by field measurements.  

Previous analyses confirmed the active movements near the tunnel intersections and partially 

indicated the possible rock failures. Together with the field measurements and observations, they 

highlighted the field problems and provided preliminary information of the rock mass response. 
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CHAPTER 4 CONDUCTED LABORATORY TESTS AND RESULTS 

 

4.1 Introduction 

Rock samples were collected by the mining company and sent to the Geomechanics 

Laboratory at the University of Arizona for testing. Fig. 4.1 shows the boreholes (yellow lines) 

where the rock cores were taken with respect to the tunnel system. Diverse locations and 

orientations of the boreholes can be observed, and detailed information is given in Table 4.1. Fig. 

4.2 presents the rock cores before testing as well as some prepared samples. The involved rock 

types include dacite, mudstone, and limestone. Geomechanical laboratory tests including 

Brazilian, uniaxial compression, ultrasonic, triaxial, uniaxial joint compression and small scale 

direct shear tests were carried out jointly by the author and Srisharan Shreedharan, who was a 

master student in the research group. The tests were performed as per American Society for Testing 

and Material (ASTM) standards. Detailed description of sample preparation, results and analyses 

of the tests are given in this chapter. 

 

 

Figure 4.1 Locations of boreholes and tunnel system 

 

 

 

 

N 

E 
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Table 4.1 Locations and orientations of the boreholes (from the mining company) 

Hole No. 

Collar location 
Trend 

(degrees) 

Plunge 

(degrees) 

Length of the 

hole (feet) 
East 

(feet) 

North 

(feet) 

Elevation 

(feet) 

TUO 2464A 68121 59778 3426 162.1 85.5 15 

TUO 2466 68123 59789 3428 96.5 74.7 295 

TUO 2504 68391 61492 2751 291 23.8 465 

TUO 2509 68397 61496 2749 309.45 50.5 394 

TUO 2866 68709.7 59635.1 3168.9 258 75 175 

TUO 2867 68708.6 59634.8 3169 258.5 61 125 

TUO 2596 66810 61050 2953.9 283 16 240 

TUO 2599B 66809 61047 2958 263.5 -14 350 

TUO 2882 68514 61192 2753 132 7 470 

TUO 2901 66807 61046 2953 261 19 310 

Note: The ranges of the selected study area in the three directions: E67800-E68200; N59900-

N60300; Elev: 2975-3375 feet 
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Figure 4.2 Rock samples prior to and after test preparation 

 

4.2 Experimental procedures 

The samples from the underground mine were tested with the aim of estimating the tensile 

strength, Uniaxial Compressive Strength (UCS), Young’s Modulus, Poisson’s ratio, Mohr-

Coulomb strength parameters (i.e. friction angle and cohesion) of the intact rock, and joint normal 

and shear stiffnesses and joint friction angle of the smooth joints. The experimental procedures of 

each test are introduced as follows. 

 

4.2.1 Brazilian test 

The Brazilian test is a simple indirect testing method to obtain the tensile strength of brittle 

material such as concrete, rock and the rock – like materials. In this test, a thin circular disc is 

diametrically compressed to failure. The indirect tensile strength is typically calculated based on 

the assumption that failure occurs at the point of maximum tensile stress, i.e., at the center of the 

disc. The samples were prepared as per ASTM standard D3967 (2008). Using the Allied Powercut 

10 saw, the samples were cut with an average value of 0.42 for length to diameter ratio, which lies 

between 0.2 and 0.75. The diameter and length of the sample were determined by averaging three 
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measurements for each sample. To minimize the influence of the pre-existing fractures, the 

fractures seen on the sample surface were highlighted and the loading directions were marked to 

ensure proper orientation in both sides of each sample. A layer of masking tape was wrapped 

around the edge of the sample to prevent the sample from separating after breakage. Two curved 

bearing blocks were used to load and reduce the contact stresses. The sample was placed into the 

center of the curved bearing blocks and this whole setup was placed into the Brazilian test device 

shown in Fig. 4.3. The loading rate calculated according to the sample dimensions, was entered 

into the computer. A continuous increasing load was applied until the specimen failed. Finally, the 

failure load was obtained from the computer data; photos of failed samples were taken to 

demonstrate the planes of failure (Fig. 4.4). 

 

 

Figure 4.3 Compression testing machine used for Brazilian test 
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Figure 4.4 Failed samples of Brazilian tests 

 

4.2.2 Uniaxial compression test 

For Uniaxial Compression Test, the ASTM standard D7012 (2014) was followed. According 

to the ASTM standard, the length to width ratio of the sample should not be more than 2.5 or less 

than 2. The ratio of 2 was used for testing. Chipping on end surfaces of samples and deviation 

from parallelism of two end surfaces in each sample are two typical errors that can occur during 

the cutting and they lead to errors in value of the strength obtained in this test. To overcome the 

potential for these errors, the two end faces of each sample were smoothened by a grinding 

machine (Fig. 4.5) as suggested in ASTM D4543 (2008). For each sample, the diameter and height 

were measured three times and average values were determined. The weight of the samples was 

measured and their densities were calculated. The electrician’s tape was wrapped around the 

samples to hold them together and prevent their explosive failure during testing. After placing in 

the testing apparatus (Fig. 4.6), a displacement rate of 0.0003 in/s was applied for the test.  

For measuring the Young’s modulus (E) and Poisson’s ratio (μ), two methods were followed. 

The first method is to use strain gages to calculate the axial and lateral strains and hence, to estimate 

the Young’s modulus and Poisson’s ratio. Fig. 4.7 provides the photos of the samples with attached 

strain gages, one vertical and one horizontal for each sample. After installation, the connections 

were checked to ensure that they formed a complete Wheatstone’s bridge circuit. Then, the sample 

was tested in the regular way with a displacement rate of 0.0003 in/s. After failure, the slope of 

the linear region of the stress-strain curve was used to estimate the Young’s modulus and the ratio 

of the lateral and axial strains to obtain the Poisson’s ratio. After failure, the photos were taken to 
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identify if the samples failed along a preexisting discontinuity or in an intact zone or both (Fig. 

4.8).  

 

 

Figure 4.5 Grinding machine used to smoothen the sample faces 

 

 

Figure 4.6 Compression testing machine used to conduct the uniaxial compression test 
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Figure 4.7 Uniaxial compression test samples with strain gauges 

 

 

Figure 4.8 Failed samples of uniaxial compression test 

 

4.2.3 Ultrasonic test 

The second method to determine E and μ is known as the ultrasonic or seismic test. In this 

method, the P & S waves (compression and shear waves) are used to measure the time taken for 

the wave to cover the length of the specimen to determine the wave velocity and subsequently, the 

dynamic Young’s modulus and Poisson’s ratio as described in ASTM standard D2845 (2008). The 

specimen was positioned horizontally and its cylindrical ends were cleaned and greased to provide 

cohesion between the rock and transducers. The time taken for the wave pulses to move from one 

end of the sample to another was recorded on an oscilloscope and the velocity was determined 
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using Newton’s laws of motion. After obtaining the wave velocities and density of specimen, the 

Young’s modulus (E) and Poisson’s ratio (µ) could be calculated by equations (4.1) and (4.2). 

 

 𝐸 = [𝜌𝑉𝑠
2(3𝑉𝑝

2 − 4𝑉𝑠
2)]/(𝑉𝑝

2 − 𝑉𝑠
2) (4.1) 

 

 𝜇 = (𝑉𝑝
2 − 2𝑉𝑠

2)/[2(𝑉𝑝
2 − 𝑉𝑠

2)] (4.2) 

 

Where Vp is the propagation velocity of the compression wave, Vs is the propagation velocity 

of the shear wave, and 𝜌 is the density of the rock sample.  

 

4.2.4 Triaxial test 

For the triaxial tests, the ASTM standard ASTM D7012 (2014) was followed. For some 

samples, the used length to width ratio was less than 2; for those samples, a correction was used. 

For each sample, the diameter and height were measured three times and an averaged value for 

each sample was determined. The samples were first prepared by cutting and grinding (see Fig. 

4.9) and then were placed in the triaxial cell shown in Fig. 4.10 for testing. A manually operated 

compression pump (see Fig. 4.11) was connected to supply compression to the oil inside the cell, 

and subsequently the confining stresses were applied by the lateral fluid pressure. The servo tester 

shown in Fig. 4.11 was used to provide the axial load. While keeping the confining stress constant, 

the axial compressive stress was increased until the rock sample failed. Each triaxial test would 

get a failure stress and a confining stress. The Mohr-Coulomb strength parameters, friction angle 

and cohesion, of the intact rock can be calculated through the obtained relation between the 

principal stresses σ1 and σ3 or Mohr-Coulomb circles. Fig. 4.12 shows the failed samples of the 

triaxial tests. 
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Figure 4.9 Used triaxial test samples 

 

 

Figure 4.10 Triaxial cell to place specimen for test 
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Figure 4.11 Compression testing machine and compression pump used for triaxial test 

 

 

Figure 4.12 Failed samples of triaxial tests 

 

4.2.5 Uniaxial joint compression test  

According to Goodman et al. (1968), the joint stiffnesses can be defined by 

 

 𝑑𝜎 = Kn𝑑𝑢 and 𝑑𝜏 = Ks𝑑𝜈 (4.3) 
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Where Kn and Ks are joint normal and shear stiffnesses, σ and τ are the normal and shear 

stresses acting on the joint, and u and v are respectively the normal and shear displacements. 

The uniaxial compression test with a horizontal joint is designed to estimate the joint normal 

stiffness (Kulatilake et al. 2016). Note that there is neither standard procedure in the ASTM nor in 

the International Society of Rock Mechanics (IRSM) for this performed test. The samples were 

prepared the same as those used for uniaxial compression test. A horizontal saw-cut joint was 

created at the mid-height of the sample, making it into two pieces with length to diameter ratio of 

1.0 for each. A layer of masking tape was wrapped around the horizontal joint to prevent the two 

pieces moving along the joint in the horizontal direction. To obtain the joint normal stiffness of 

bedding planes, joints among the same material, and interfaces and joints of two different 

materials, two halves from the same rock type and that from two different materials were prepared 

as shown in Fig. 4.13. The samples were placed in the test apparatus, shown in Fig. 4.6, and loaded 

until they failed. 

 

 

Figure 4.13 Samples used for uniaxial joint compression tests 

 

4.2.6 Small scale direct shear test 

The small scale direct shear test is generally used to estimate the mechanical properties, joint 

shear stiffness, joint friction angle and joint cohesion, for discontinuities such as joints and bedding 

planes. In this research, the ASTM standard D5607 (2008) was followed. Samples with saw cut 

joints were used. Each sample consists of two equal halves of cylindrical parts with a horizontal 
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saw-cut joint placed in the middle. The thickness of each half is one inch (2.5 cm). Each half of 

the sample was securely mounted in hydrostone with the joint surface appearing outside (see Fig. 

4.14). Testing machine shown in Fig. 4.15 was used with top half of the sample fixed and bottom 

half sliding along the joint. A calculated weight was applied to provide a normal stress in the 

vertical direction (perpendicular to the shear plane). Shear load was applied along the shear plane 

while keeping the normal stress constant until it reaches the maximum value, the peak shear 

strength. Joint shear stiffness can be calculated by the slope of shear stress versus shear 

displacement curve prior to peak shear strength; the Mohr-Coulomb criterion for joints was used 

to determine the joint friction angle. 

 

 

Figure 4.14 Samples used for small scale direct shear tests 
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Figure 4.15 Testing machine used for small scale direct shear tests 

 

4.3 Analysis and discussion of testing results 

For Brazilian tests, the samples that failed along pre-existing joints or chipped at the edges 

were ruled out; only the samples failed along the loading direction and the failure was initialized 

by the tension at the center of the disc were considered as valid (Fig. 4.4). Test results are given in 

Table 4.2. The numbers of the samples are respectively 3 for dacite, 5 for mudstone (mudstone > 

limestone), and 4 for limestone (limestone > mudstone). It can be seen that dacite has the lowest 

average tensile strength of 3.82 MPa while the other two have higher values around 8.5 MPa. Due 

to the fact that the rock samples were taken from different depths and locations, as shown in Fig. 

4.1 and Table 4.1, moderate level deviations can be observed in the results for each rock type. 

 

Table 4.2 Brazilian test results 

Rock type Sample No. 
Tensile strength 

(MPa) 

Mean value 

(MPa) 

Coefficient of 

variation 

Dacite 

DB1 2.85 

3.82 0.40 DB2 3.02 

DB3 5.59 



 93 

Mudstone > 

Limestone 

MB1 7.47 

8.53 0.19 

MB2 10.01 

MB3 6.18 

MB4 9.63 

MB5 9.34 

Limestone > 

Mudstone 

LB1 9.31 

8.51 0.41 
LB2 5.53 

LB3 6.04 

LB4 13.09 

 

Based on the condition of original cores and the dimensional requirement of the test sample, 

the number of rock samples for uniaxial compression test was less than that for Brazilian test. After 

weighing and measuring the samples, the average density of each rock type was calculated and 

given in Table 4.3, which is 2380 kg/m3 for dacite and about 2740 kg/m3 for mudstones and 

limestones. The uniaxial compressive strength (UCS) of the rocks are also presented in Table 4.3. 

A high deviation exists between the two dacite samples, which is likely caused by the different 

fracture distributions and failure modes. Both intact failure and shear failure along joints were 

observed for sample DU1, while a total joint shear failure took place in sample DU2. Moderate 

variations of the results for mudstone and limestone rock samples can be noticed (Table 4.3). The 

factors such as different depths and locations of the rocks are mainly responsible for these 

deviations. Strain gages were installed on five rock samples to determine the elastic constants, 

Young’s modulus (E) and Poisson’s ratio (μ), and the results are given in Table 4.4. Dacite has the 

smallest Young’s modulus and Poisson’s ratio, 17.5 GPa and 0.2, respectively; mudstones and 

limestones have close results of 70 GPa and 0.25. In fact, these values need more verification due 

to the small number of tests. The ultrasonic tests were hence conducted and are introduced in the 

next sub-section. Fig. 4.16 shows the stress-strain curve for dacite sample DU1. Similar plots of 

the other samples are shown in Figs. A.1 – A.4 in Appendix A. Since the axial and lateral strain in 

these curves were obtained by the strain gages, which were placed at the mid-height of the sample, 

the nonlinear part at low-stress level caused by pores and voids can hardly be observed. 
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Table 4.3 Results of uniaxial compressive strength of the samples 

Rock type 
Sample 

No. 

Average density 

(kg/m3) 
UCS (MPa) 

Mean value 

(MPa) 

Coefficient 

of variation 

Dacite 
DU1 

2380 
75.22 

49.7 0.72 
DU2 24.26 

Mudstone 

> 

Limestone 

MU1 

2746 

116.63 

136.7 0.22 MU2 122.81 

MU3 170.61 

Limestone 

> 

mudstone 

LU1 

2740 

192.73 

151.4 0.29 
LU2 106.43 

LU3 122.61 

LU4 183.98 

 

Table 4.4 Results of elastic constants from uniaxial compression tests 

Rock type 
Sample 

No. 

Young’s modulus, 

E (GPa) 

Poisson’s 

ratio, μ 

Mean value 

E (GPa) µ 

Dacite DU1 17.46 0.20 17.5 0.20 

Mudstone 

> 

Limestone 

MU1 62.95 0.26 

73.0 0.25 
MU3 83.01 0.24 

Limestone 

> 

mudstone 

LU1 59.03 0.27 

68.2 0.26 
LU4 77.27 0.24 
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Figure 4.16 Stress-strain curve for DU1 

 

Table 4.5 provides the ultrasonic test results for the rock samples. The densities of the samples 

are close to the values given in Table 4.3. The Young’s modulus values are slightly higher than 

that estimated by the strain gages (Table 4.4), and the results for each rock type are consistent. For 

Poisson’s ratio, the results of mudstones and limestones show a small variation, and close to the 

static values (Table 4.4). An exception was obtained for dacite with an average value of 0.09. 

Inspection of the dacite samples showed many fractures and joints, which might have affected the 

traveling velocities of the waves. 

 

Table 4.5 Ultrasonic test results 

Rock type 
Sample 

No. 

Average 

Density 

(kg/m3) 

E (GPa) μ 
Mean values 

Coefficient of 

variation 

E (GPa) µ E μ 

Dacite 
DJKN1T 

2430 
26.30 0.06 

25.0 0.09 0.08 0.48 
DJKN2B 23.60 0.12 

Mudstone > 

Limestone 

MJKN1T 
2749 

70.10 0.27 
73.4 0.25 0.06 0.08 

MJKN1B 78.00 0.23 
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MT1 72.00 0.27 

Limestone 

> Mudstone 

LJKN1T 

2742 

65.30 0.22 

68.7 0.25 0.05 0.10 LJKN2T 68.90 0.26 

LT3 71.80 0.26 

 

Triaxial tests were carried out to estimate the strength parameters of the intact rock. A series 

of the maximum axial stress σ1 (major principal stress) versus confining stress σ3 (minor principal 

stress) were obtained for each rock type. Linear relations were assumed based on the Mohr-

Coulomb failure criterion, which is given by Eqs. (4.4) and (4.5). After fitting the laboratory test 

results with linear regression as shown in Figs. 4.17 and A.5-A.6, the friction angle and cohesion 

were determined. The significant scatters in test results (Figs. 4.17 and A.5-A.6) are probably 

caused by the material heterogeneity, different locations and depths of the rock cores. Table 4.6 

provides the triaxial test results for all the samples. The obtained UCS (intercept with σ1 axis in 

Fig. 4.17) for dacite is 77.6 MPa, close to the value given by sample DU1 (75.22 MPa) in the 

uniaxial compression test (Table 4.3). The UCS of mudstones and limestones are between 100 

MPa and 130 MPa (Table 6.6), smaller than that in Table 4.3. The estimated friction angle and 

cohesion for all rock types are within the ranges of 30-40 degrees and of 22-37 MPa, respectively. 

The values of dacite are slightly lower than that of mudstones and limestones. 

 

 𝜎1 = UCS + tan2 (45 +
𝜙

2
) ∙ 𝜎3 (4.4) 

 

 UCS = 2 ∙ 𝑐 ∙ tan (45 +
𝜙

2
) (4.5) 

 

Where σ1 is the maximum principal stress (axial stress), σ3 is the minimum principal stress 

(confining stress), is the friction angle, and c is cohesion. 
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Figure 4.17 Linear regression of triaxial test results for dacite 

 

Table 4.6 Traxial test results 

Rock type Sample No. σ3 (MPa) σ1 (MPa) UCS (MPa) 
Friction 

angle (°) 

Cohesion 

(MPa) 

Dacite 

DT1 7.59 132.7 

77.6 30.0 22.40 DT2 15.17 142.1 

DT3 22.76 122.5 

Mudstone 

> 

Limestone 

MT1 4 166.97 

127.79 29.7 37.10 

MT2 8.28 106.2 

MT3 10.34 121.7 

MT4 13.79 185.3 

MT5 17.93 228.8 

MT6 16.55 150.7 

LT1 4.83 77.6 
108.34 39.1 25.78 

LT2 8.28 122.5 

σ1 = 3.001σ3 + 77.603

R² = 0.487
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Limestone 

> 

Mudstone 

LT3 12 143.9 

LT4 13.79 193.4 

LT5 22.76 222.5 

 

In the uniaxial joint compression test, the axial stress and displacement for each sample were 

recorded and plotted. This displacement is the total deformation of intact rock and joint. Taking 

sample DJKN1 as an example, a plot of normal stress versus total deformation was drawn (blue 

curve in Fig. 4.18), which is nonlinear initially, but becomes linear after a certain point. Intuitively, 

by drawing a line passing through the origin point and parallel to the straight-line portion of the 

total deformation-normal stress curve, the deformation-stress curve of intact rock is obtained (see 

orange line in Fig. 4.18). Fig. 4.19 shows the plot of joint deformation (Dj) versus normal stress 

(σn) for sample DJKN1 by subtracting intact deformation from the total deformation. A fitted 

exponential regression curve for the experimental results is shown in Fig. 4.20. After getting the 

regression equation (𝜎𝑛 = 0.202𝑒18.987Dj), the joint normal stiffness, Kn, can be estimated using 

the mathematical procedures given in Kulatilake et al. (2016): 

 

 𝜎𝑛 = 0.202𝑒18.987Dj (4.6) 

 

 ln 𝜎𝑛 = ln 0.202 + 18.987Dj (4.7) 

 

 𝐷𝑗 =
ln 𝜎𝑛−ln 0.202

18.987
 (4.8) 

 

 
𝑑𝐷𝑗

𝑑𝜎𝑛
=

1

18.987𝜎𝑛
 (4.9) 

 

 Kn =
𝑑𝜎𝑛

𝑑𝐷𝑗
= 18.987𝜎𝑛 (4.10) 

 

Linear correlations were obtained between the joint normal stiffness and normal stress as 

shown in Eq. (4.10), and the coefficients (Kn/σn) of all the tests are summarized in Table 4.7. Under 

the same normal stress, the dacite joint has a higher Kn than the mudstone and limestone joints. 
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Moderate variation of the results can be seen for limestone (Limestone > Mudstone) joints. The 

stiffness coefficient of the interface between dacite and limestone gives the highest value 

(23.74103/m), which seems within a reasonable range with respect to the values of the two rocks 

(20.68 and 12.71103/m). Similar to Figs. 4.18-4.20, the diagrams that used to estimate the 

exponential functions for other rock samples are given in Figs. A.7-A.30. 

 

 

Figure 4.18 Diagram of total deformation versus normal stress and intact rock deformation 

versus normal stress for DJKN1 
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Figure 4.19 Diagram of joint deformation versus normal stress for DJKN1 

 

 

Figure 4.20 Diagram of normal stress versus joint deformation and the fitted exponential curve 

for dacite joint (DJKN1) 
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Table 4.7 Results of uniaxial joint compression tests 

Rock type Sample No. Kn/σn (×103 /m) 
Mean values 

(×103 /m) 

Coefficient of 

variation 

Dacite 
DJKN1 18.99 

20.68 0.12 
DJKN2 22.37 

Mudstone > 

Limestone 

MJKN1 17.58 

14.58 0.18 MJKN2 12.70 

MJKN3 13.47 

Limestone > 

Mudstone 

LJKN1 15.48 

12.71 0.31 LJKN2 14.39 

LJKN3 8.28 

Dacite, 

Limestone 
DLJKN 23.74 23.74 - 

 

In the small scale direct shear tests, four normal loads were applied for each sample. Fig. 4.21 

shows the shear stress versus shear displacement curves at different normal stress levels for sample 

DS-1. By taking the slope of the curves, the joint shear stiffness (Ks) was determined. A linear 

relation was found between Ks and normal stress (σn) (Fig. 4.22). After obtaining the plot of normal 

stress versus peak shear strength (Fig. 4.23), the joint friction angle and joint cohesion were 

estimated by using the Mohr-Coulomb criterion for joints (Eq. (4.11)). 

 

 𝜏 = 𝜎𝑛 tan 𝜙𝑗 + 𝑐𝑗 (4.11) 

 

Where τ is joint shear strength; σn is joint normal stress; j is joint friction angle; and cj is 

joint cohesion. 

For smooth joints, the joint cohesion (cj) is nearly zero. Tables 4.8 and 4.9 summarize all the 

test results. The coefficient of joint shear stiffness over normal stress (Ks/σn) is in the range of 1.5-

2.0; it is one seventh to one fifteenth of the value of Kn/σn (12-25103/m). The mudstone and 

limestone joints have lower shear stiffness coefficients than the dacite joints. The results of 
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mudstones (Mudstone > Limestone) show higher variations than that of others, which may be due 

to the man-made errors during sample preparation, such as slightly inclined joint surface and the 

uneven edge of the samples, or by the internal factors of samples, such as different joint patterns 

and different grain compositions. The interface between the dacite and limestone provides 

reasonable shear stiffness values. With respect to the joint friction angle listed in Table 4.9, the 

average value of dacite joint is 28.6° and about 30° for the other two rock joints; small deviations 

of the results are observed for dacite, mudstone, and limestone joints, but a relatively high 

deviation for the interface. Besides the afore-mentioned reasons, the breakage of hydrostone cast 

of some samples, i.e. DS-1, MS-1, and DSL-2, as shown in Fig. 4.24, could have impacted the test 

results. Fig. 4.25 shows the edge failure of some samples. The rest of the plots of test results are 

given in Figs. A.31-A.69.  

 

 

Figure 4.21 Diagram of shear stress versus shear displacement curves for dacite joint (DS-1) 
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Figure 4.22 Diagram of Ks versus normal stress and the fitted regression curve for dacite joint 

(DS-1) 

 

 

Figure 4.23 Diagram of shear strength versus normal stress and the fitted regression curve for 

dacite joint (DS-1) 
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Table 4.8 Summary of joint shear stiffness for all samples 

Rock type 
Sample 

No. 

Ks (GPa/m) at different normal 

stresses (σn expressed in MPa) Ks/ σn 

(×103/m) 

Mean 

value 

(×103/m) 

Coefficient 

of 

variation 
σn = 

0.17 

σn = 

0.34 

σn = 

0.69 

σn = 

1.38 

Dacite 
DS-1 0.45 1.10 1.68 2.57 2.04 

2.02 0.03 
DS-2 0.60 1.18 1.74 2.42 2.00 

Mudstone > 

Limestone 

MS-1 0.61 0.89 1.36 1.93 1.59 

1.50 0.37 

MS-2 0.37 0.69 1.06 1.83 1.38 

MS-3 0.4 0.93 1.41 2.01 1.75 

MS-4 0.38 0.75 1.4 2.27 1.87 

MS-5 0.23 0.44 0.85 1.01 0.92 

Limestone > 

Mudstone 

LS-1 0.32 0.56 1.18 2.34 1.70 

1.72 0.16 

LS-2 0.59 0.96 1.53 2.29 1.84 

LS-3 0.23 1.08 1.33 2.01 1.87 

LS-4 0.82 0.94 1.17 2.28 1.47 

LS-5 0.45 1.1 1.13 1.63 1.74 

Dacite, 

Limestone  

LDS-1 0.37 0.66 1.54 1.99 1.62 
1.58 0.04 

DLS-2 0.19 0.43 1.03 2.18 1.54 
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Table 4.9 Summary of joint friction angle for all the samples 

Rock type Sample No. j (°) Mean value (°) 
Coefficient of 

variation 

Dacite 
DS-1 25.56 

28.6 0.15 
DS-2 31.54 

Mudstone > 

Limestone 

MS-1 27.01 

31.4 0.13 

MS-2 27.73 

MS-3 32.38 

MS-4 33.76 

MS-5 36.14 

Limestone > 

Mudstone 

LS-1 39.30 

30.1 0.19 

LS-2 27.30 

LS-3 26.48 

LS-4 31.29 

LS-5 25.99 

Dacite, 

Limestone 

LDS-1 29.75 
29.75 0.49 

DLS-2 14.35 

 

   

Figure 4.24 Broken hydrostone casts during tests 
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Figure 4.25 Failure at the edges of the direct shear samples 

 

4.4 Summary 

Laboratory tests were carried out to estimate the physical and mechanical properties of intact 

rock and smooth joints. Three types of rocks were tested and the results were presented and 

analyzed in Section 4.3. In summary, the dacite seems to be the weakest rock with the lowest 

tensile and shear strength, and the smallest Young’s modulus. Due to the pre-existing fractures 

and joints inside test samples, the dynamic Poisson’s ratio of dacite is difficult to estimate. In 

addition, the dacite joint has the higher stiffness coefficients (Kn/σn and Ks/σn) but lower basic 

friction angle (j) than mudstone and limestone joints. The mudstone and limestone rocks have 

close values in densities, elastic constants and strengths, and similar results for joint properties. 

The joint stiffness and joint friction angle of the interface between dacite and limestone are in 

reasonable ranges. Variations can be observed in the test results. Although the ASTM international 

standards were followed to prepare the samples and to execute the experiments, some operating 

deviations are unavoidable. Most importantly, since the rock samples were collected from 

boreholes at various depths and orientations, they are highly different in the number and 

distributions of fractures, grain compositions, etc., causing different failure patterns of the samples. 
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CHAPTER 5 THEORY AND BACKGROUND OF 3D DISTINCT 

ELEMENT CODE 

 

5.1 Introduction 

For a better understanding of the 3D Distinct Element Code (3DEC), some aspects on the 

background and theory will be introduced in this chapter. As mentioned in Chapter 2, the DEM is 

an explicit discrete element method to model the discontinuous systems. The discontinuities in 

rock masses are explicitly represented and assigned with constitutive laws. Cundall (1988) and 

Hart et al. (1988) proposed the numerical formulations of the three-dimensional code (3DEC), 

where the contacts were treated as deformable, and the blocks can be modeled as both rigid and 

deformable. In Section 5.2, the scheme of contact detection is firstly introduced. Subsequently, the 

mechanical calculation cycle is briefly described. Following that are the formulations of block and 

joint constitutive models, and the rock support model relevant to the dissertation study. 

 

5.2 Scheme of contact detection 

As an essential characteristic of the discrete element code, the automatic recognition of new 

contacts needs to be realized. Unlike the two-dimensional situation, the identification and detection 

of contacts in a 3-D system composed of polyhedral blocks are more difficult due to the various 

contact types, i.e. vertex-to-vertex, vertex-to-edge, edge-to-face, and face-to-face. A robust and 

rapid scheme was developed by Cundall (1988) to simplify the detection calculations. This scheme 

involves the identification of whether the blocks are touching, the determination of the maximum 

gap between the blocks if not touching, the contact type and the direction of potential sliding 

(Itasca 2007).  

In the scheme, a common plane (c-p) has been introduced, located at the middle of the two 

blocks (Fig. 5.1) (Itasca 2007). The plane is kept at the maximum distance from each block if the 

blocks are not touching; the gap between the blocks can be determined by adding the block-to-

plane distances. If the blocks are overlapping (penetrating), the position of the plane is determined 

by minimizing the distance between the c-p and the vertex of blocks. Fig. 5.2 shows some 

examples of the common-plane between two blocks in two-dimensions; the c-p could be touched 

by different components of the blocks (i.e. vertex, edge, or face). The unit normal vector of the 
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contact, which defines the plane along which sliding can occur, agrees with the unit normal of the 

c-p.  

 

Figure 5.1 Conceptual model of the common-plane between two blocks (Itasca 2007) 

 

 

Figure 5.2 2-D examples of the common-plane between two blocks (Itasca 2007) 

 

The introduction of c-p largely simplifies the detecting procedures of contacts. Once the gap 

between two blocks is equal to or less than CTOL (a present tolerance), a contact is created. On 

the contrary, if an existing contact is separated more than CTOL, the contact is deleted. If the two 

blocks touch the c-p, they are touching each other; otherwise, they are not. The contact type can 

be simply determined by counting the number of vertices of each block touching the c-p, as listed 

in Table 5.1.  
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Table 5.1 Determination of the contact type 

Number of vertices touching the c-p 
Contact type 

Block A Block B 

0 0 null 

1 1 vertex-vertex 

1 2 vertex-edge 

1 >2 vertex-face 

2 1 edge-vertex 

2 2 edge-edge 

2 >2 edge-face 

>2 1 face-vertex 

>2 2 face-edge 

>2 >2 face-face 

 

In 3DEC, if a block face is in contact with the c-p, it is automatically discretized into sub-

contacts, which are used to transfer the interaction forces between blocks and to deal with sliding 

and separation (Itasca 2007). 

    

5.3 Mechanical calculation cycle 

In 3DEC, the block system is controlled by the law of motion. Based on the dynamic 

algorithm, the equations are solved using the explicit finite difference method. For rigid blocks, 

the translational and rotational velocities of block centroid are calculated at each time step. The 

deformable blocks, on the other hand, are discretized into finite-difference tetrahedral elements. 

The velocities of gridpoints (vertices of the element) are calculated, and the constitutive relations 

are used to update the strains and stresses of the element. After obtaining the sub-contact velocities 

from block motion, the sub-contact forces are determined using the force-deformation relation and 
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hence applied to the next calculation step. Fig. 5.3 presents the described calculation procedures 

(Itasca 2007).  

 

 

 

Figure 5.3 Mechanical calculation cycle in 3DEC (modified from Itasca 2007) 

 

5.4 Block constitutive models 

In this section, the details of two block constitutive models, Mohr Coulomb plasticity and 

strain-hardening/softening models, in 3DEC are introduced.  

 

5.4.1 Mohr-Coulomb (M-C) model 

The M-C model in 3DEC is a conventional constitutive model to represent shear failure of 

soils and rocks. In this model, the mechanical behavior of deformable blocks is prescribed by a 

linear-elastic, perfectly plastic relation (Fig. 5.4) with the Mohr Coulomb failure criterion (𝑓𝑠 =

0), including a tension cutoff (𝑓𝑡 = 0) (Itasca 2007). The expressions of fs and ft are given by  

 

 𝑓𝑠 = 𝜎1 − 𝜎3𝑁𝜙 + 2𝑐√𝑁𝜙 (5.1) 

 

 𝑓𝑡 = 𝜎3 − 𝜎𝑡 (5.2) 

 

Where σ1 is the major principal stress; σ3 is the minor principal stress;  is the friction angle; 

c is the cohesion; σt is the tensile strength; and 

Law of motion 

Sub-contact force-

displacement relation 

Block constitutive relations for 

deformable blocks 
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 𝑁𝜙 = (1 + sin 𝜙) (1 − sin 𝜙)⁄  (5.3) 

 

The shear failure is detected if 𝑓𝑠 < 0 and the tensile failure occurs when 𝑓𝑡 > 0 (compressive 

stresses are negative). Fig. 5.5 shows the failure envelope. The maximum tensile strength is 

expressed as 

 

 𝜎𝑡𝑚𝑎𝑥
=

𝑐

tan 𝜙
 (5.4) 

 

 

Figure 5.4 Typical stress-strain curve of Mohr-Coulomb model 

 

 

Figure 5.5 Mohr-Coulomb failure criterion in 3DEC (Itasca 2007) 
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5.4.2 Strain-hardening/softening model 

The strain-hardening/softening model in 3DEC is an extended constitutive model based on 

the Mohr-Coulomb failure criterion. Being different from M-C model, the strain-

hardening/softening model is able to describe the non-linear behavior, i.e. softening and hardening, 

after peak failure. Fig. 5.6 shows the typical stress-strain curve of the strain-softening material. In 

this model, the softening or hardening behaviors, in terms of the variations of Mohr-Coulomb 

parameters (cohesion, friction angle, dilation, tensile strength), can be expressed as functions of 

the deviatoric plastic strain (Itasca 2007). Fig. 5.7 presents the conceptual models of the softening 

variations of the strength parameters, cohesion, friction angle, and tensile strength. They are 

approximated as linear segments in 3DEC. The eps and ept are respectively the deviatoric plastic 

shear and tensile strains; of which the increments are defined by Eqs. (5.5) and (5.6) (Itasca 2007). 

 

 ∆𝑒𝑝𝑠 =
1

√2
√(∆𝜀1

𝑝𝑠 − ∆𝜀𝑚
𝑝𝑠)

2
+ (∆𝜀𝑚

𝑝𝑠)
2

+ (∆𝜀3
𝑝𝑠 − ∆𝜀𝑚

𝑝𝑠)
2
 (5.5) 

 

 ∆𝑒𝑝𝑡 = |∆𝜀3
𝑝𝑡| (5.6) 

 

Where ∆𝜀1
𝑝𝑠

, ∆𝜀3
𝑝𝑠

, ∆𝜀3
𝑝𝑡

 are respectively the plastic-strain increments and can be obtained 

based on the flow rule, ∆𝜀𝑚
𝑝𝑠

 is the volumetric plastic shear strain increment, given by 

 

 ∆𝜀𝑚
𝑝𝑠 =

1

3
(∆𝜀1

𝑝𝑠 + ∆𝜀3
𝑝𝑠) (5.7) 
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Figure 5.6 Typical stress-strain curve for strain-softening behavior 

 

         

 

Figure 5.7 Variation of Mohr-Coulomb parameters with deviatoric plastic strain: a cohesion (c) 

and friction angle (); b tensile strength (σt) 

 

5.5 Joint constitutive models 

5.5.1 Coulomb-slip joint model 

The Coulomb-slip joint model is a basic constitutive model in 3DEC used for joints (Itasca 

2007). Constant joint stiffnesses, Kn and Ks, are specified to describe the linear behavior of joints 

prior to failure. The maximum tensile and shear forces, Tmax and Fs
max, of joints are respectively 

given by (Itasca 2007) 

 

 𝑇𝑚𝑎𝑥 = −𝑇𝐴𝑐 (5.8) 

 

Peak strength 

 

c 
σt 

Peak strength 

eps ept 

(a) (b) 
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 𝐹𝑚𝑎𝑥
𝑠 = 𝑐 ∙ 𝐴𝑐 + 𝐹𝑛tan 𝜙 (5.9) 

 

Where T is the joint tensile strength, Ac is the area of the contact (sub-contact), c is the joint 

cohesion, Fn is the joint normal force, and  is the joint friction angle.  

Once failure occurs (the maximum forces are reached) in either tension or shear, the Tmax and 

c are set to zero. For shear failure, the joint shear force decreases and stays constant at 𝐹𝑛tan 𝜙. 

For tensile failure, both the joint normal and shear forces reduce to zero.  

 

5.5.2 Continuously yielding joint model 

Continuously yielding joint model in 3DEC can simulate more realistic behaviors of joints, 

such as joint shearing damage, normal stiffness dependence on normal stress, and decrease in the 

dilation angle with plastic shear displacement (Itasca 2007).  

In this model, the joint normal and shear stress increments are obtained by 

 

 ∆𝜎𝑛 = 𝑘𝑛∆𝑢𝑛 (5.10) 

 

 ∆𝜏 = 𝐹𝑘𝑠∆𝑢𝑠 (5.11) 

 

Where n is the joint normal stress;  is the joint shear stress; un and us are the joint normal 

and shear displacements; F is a factor related to the stress history, current stress state, joint peak 

and basic friction angle, and the joint roughness parameter; and kn and ks are joint normal and shear 

stiffnesses that can be expressed as functions of the normal stress according to Eqs. (5.12) and 

(5.13).  

 

 𝑘𝑛 = 𝑎𝑛𝜎𝑛
𝑒𝑛 (5.12) 

 

 𝑘𝑠 = 𝑎𝑠𝜎𝑛
𝑒𝑠 (5.13) 

 

Where an and as are the coefficients of the equations; and en and es are the joint stiffness 

exponents. 

The strength equation for this joint model is given by 
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 𝜏 = 𝜎𝑛 tan(𝜙 + 𝑖) (5.14) 

 

Where  is the joint basic friction angle; and i is dilation angle. 

 

5.6 Cable structural model 

The Cable structural model is one of the available models for simulating rock bolts in 3DEC. 

It provides the restraint along the length for the surrounding rock mass to support itself. The 

support structure is assumed as one-dimensional element and divided into several segments with 

nodal points at each segment end. The mass of each segment is lumped at the nodal point. Fig. 5.8 

shows the conceptual mechanical model of the structure (Itasca 2007). The axial stiffness of the 

steel is represented by the spring between the two adjacent nodes; the bond resistance, offered 

between the grout and steel and between the grout and rock mass, is represented by the springs 

and sliders between the structural nodes and the block nodes. The formulations of this support 

element are illustrated as follows. 

 

 

Figure 5.8 Conceptual mechanical representation of the cable element reinforcement (Itasca 

2007) 
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For each segment, the axial force increment of the reinforcement, Ft, can be determined by 

the axial displacement increment 

 

 ∆𝐹𝑡 = −
𝐸𝐴

𝐿
∆𝑢𝑡 (5.15) 

 

Where E is the Young’s modulus of the reinforcement; A is the reinforcement cross-sectional 

area; ut is the relative axial displacement of the two nodes of the segment; and L is the length of 

the segment. 

Tensile failure occurs if the tensile force, Ft, reaches the yield limit (tensile yield force), and 

the maximum tensile force has been set, as shown in Fig. 5.9. 

 

 

Figure 5.9 Reinforcement axial behavior of the Cable element in 3DEC (Itasca 2007) 

 

The shear behavior of the grout annulus (spring-slider system in Fig. 5.8) is described by 

 

 
𝐹𝑠

𝐿
= 𝐾𝑏𝑜𝑛𝑑(𝑢𝑐 − 𝑢𝑚) (5.16) 

 

Where Fs is the shear force in the grout; Kbond is the grout shear stiffness; uc is the axial 

displacement of the reinforcement; and um is the axial displacement of the rock mass. 

The maximum shear force per length (Sbond),  
𝐹𝑠

𝑚𝑎𝑥

𝐿
 , has been assigned to prescribe the grout (bond) 

failure, as shown in Fig. 5.10.  
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Figure 5.10 Bond shear behavior of the Cable element in 3DEC (Itasca 2007) 

 

In general, the material properties of the grout (bond), i.e. Kbond and Sbond, can be estimated 

from the pull-out tests. Under the circumstance where the pull-out test results are unavailable, Eqs. 

(5.17) and (5.18) can be used as suggested by the 3DEC manual (Itasca 2007) to estimate the Kbond 

and Sbond.  

 

 𝐾𝑏𝑜𝑛𝑑 =
2𝜋𝐺

10 ln(1+2𝑡 𝐷⁄ )
 (5.17) 

 

 𝑆𝑏𝑜𝑛𝑑 = 𝜋(𝐷 + 2𝑡)𝜏𝑝𝑒𝑎𝑘 (5.18) 

 

Where G is the grout shear modulus; D is the reinforcement diameter; and t is the annulus 

thickness. The parameter τpeak in Eq. (5.18) is the peak shear strength of the grout, which is related 

to the uniaxial compressive strength of the rock and grout, and the quality of the bond between the 

grout and the rock. In the cases where failure takes place at the reinforcement/grout interface, the 

(D+2t) in Eq. (5.18) should be substituted by (D). 
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CHAPTER 6 NUMERICAL MODELING OF TUNNEL STABILITY ON 

MODEL 1 

 

6.1 Introduction 

In this dissertation, the 3DEC Version 4.1 software package (Itasca 2007) was used to build 

the numerical model and to perform stress analysis. In the early stage of the investigation, the 

available information on lithologies and structures was limited. No laboratory test had been 

conducted to obtain the rock or joint properties. Insufficient information on rock supports and field 

monitoring data was provided. Nevertheless, a small area shown in Fig. 3.2a (yellow square) was 

selected to assess the tunnel stability by numerical modeling (MODEL 1). Only open tunnels were 

modeled because the backfilling activities were located near the boundaries of the selected region. 

Results are obtained on the distributions of stress, displacement, and yielded zones around the 

tunnels to understand the effect of different boundary conditions, block constitutive models and 

lateral stress ratios (K0). The performance of installed rock bolts is evaluated by the rock mass 

behavior and the safety of the bolts. Finally, numerical predictions are compared with the field 

measurements from multiple point borehole extensometers (MPBXs). In the following sections, 

modeling details including the development of numerical model, analyses and discussions on 

numerical results, as well as conclusions are given. 

 

6.2 Development of the numerical model (MODEL 1) 

6.2.1 Model geometry and geological features 

To model the selected small area (Fig. 3.2a), a cubic numerical model was set up as shown in 

Fig. 6.1. The length of the model is 61 m (200 feet). The origin of the coordinates (x=0, y=0, z=0) 

is located at the center of the model. Positive y and x axes correspond to the north and east 

directions in the field; positive z axis directs vertically up.  

Three lithologies with inclined interfaces were included in the model, as presented in Fig. 

6.1a. Discontinuity interface 1 is the one between lithologies 1 and 2, and discontinuity interface 

2 is between lithologies 2 and 3. Both interfaces are dipping about 35 degrees to the northeast. In 

Fig. 6.1b, a large-scale fault striking N53W and dipping 60 to southwest terminates inside the 

model. This non-persistent fault was generated by firstly cutting the model with a fictitious joint 
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(Kulatilake et al. 1992, 1993). Table 6.1 gives the orientations of the discontinuity interfaces and 

the non-persistent fault. The meshed model with all the features is shown in Fig. 6.2. 

 

         

 

Figure 6.1 Geological features built in MODEL 1: a Lithologies; b Non-persistent fault 

 

Table 6.1 Orientations of the discontinuity interfaces and fault 

Features Dip angle (degree) Dip direction (degree) 

Discontinuity interface 1 35.0 69.0 

Discontinuity interface 2 34.1 69.7 

Non-persistent fault 60.0 217.3 

 

Lithology 1 

Lithology 2 

Lithology 3 

Discontinuity 

interface 1 

Discontinuity 

interface 2 

-30.5 m 

-30.5 m 

30.5 m 

30.5 m 

-30.5 m 

30.5 m 

(N) 
(E) 

Non-persistent fault 
Fictitious joint (a) 

(b) 

-30.5 m 

-30.5 m 

-30.5 m 

30.5 m 30.5 m 

30.5 m 
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Figure 6.2 Meshed model with all the features 

 

6.2.2 Tunnel system and rock supports 

According to the construction information, the tunnels at the mine were driven in different 

directions and with intersections, as plotted in Fig. 6.3. Accordingly, the complex tunnel system 

was built in the numerical model as shown in Fig. 6.4. The tunnel was idealized as horseshoe shape 

with a semicircular arch and the dimensions of the cross section were shown in Fig. 3.3a. The 

tunnels extend to the side boundaries of the model while located at the central part of the model in 

the vertical direction as seen in Fig. 6.2. To help the tunnel support itself, the 2.44 m resin bolts 

and 1.83 m split set bolts (Figs. 3.7a and 3.7b) were installed on the roof and the ribs for the whole 

tunnel system; for the red portion shown in Fig. 6.5, additional cable bolts with the length of 6.1 

m (Figs. 3.7c and 3.7d) were applied on the roof. In the numerical model, the tunnel excavation 

was simulated in one step and the rock supports were installed instantaneously. 

 

Tunnels 
Tunnel 

Lithology 1 

Lithology 2 

Lithology 3 

Non-persistent fault 

-30.5 m 

-30.5 m 

30.5 m 

30.5 m 

-30.5 m 

30.5 m 
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Figure 6.3 Plots of the tunnels in Auto CAD file from mining company: a Plan view; b Vertical 

view (seeing from south) 

 

        

Figure 6.4 Tunnel system built in MODEL 1: a Plan view; b Vertical view (seeing from south) 

 

 

Figure 6.5 Diagram of the part of the tunnels with additional cable bolts for MODEL 1 

N 

E 

(a) 

(b) 

(a) 

(b) 

X=0 
X=0 

Additional cable bolts 

installed 



 122 

 

6.2.3 Boundary conditions 

The top boundary of the model is located at a depth range of 590 – 680 m due to the non-

horizontal ground surface. Based on the average depth of 635 m and the overburden material 

density of 2250 kg/m3, a vertical stress of 14 MPa was applied at the top boundary of the model to 

simulate the gravitational loading of overburden strata. Roller boundary condition was applied at 

the bottom boundary (no displacement or velocity is allowed in the vertical direction). For lateral 

boundaries, two kinds of conditions were prescribed. The first situation, as shown in Fig. 6.6a, is 

applied with rollers for all lateral sides (no horizontal displacement or velocity is allowed in the x- 

and y-directions). Because of the asymmetric faults, lithologies, and tunnels, stress boundaries 

cannot be specified at all the four side boundaries. Hence, the combined boundary conditions 

illustrated in Fig. 6.6b are applied for both x- and y-directions. The vertical stress along the side 

boundary is increased according to the gravity gradient. The horizontal stresses are calculated from 

the lateral stress ratio (K0) * vertical stress (σv). Since no in situ stress measurement has been 

performed at the mine, different K0 values were assigned for MODEL 1 (assuming the same K0 

values in the x- and y-directions). 

 

 

     

Figure 6.6 Boundary conditions applied for MODEL 1: a Velocity (displacement) boundary 

condition; b Combined boundary condition 

 
 

(a) (b) σv=14 MPa σv=14 MPa 

σh=K0*σv 
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6.2.4 Material properties for lithologies, discontinuities and rock supports 

For the rock masses in MODEL 1, both the Mohr-Coulomb (M-C) and strain-softening (s-s) 

models have been applied. The details of the two models were introduced in Chapter 5. To estimate 

the rock mass properties, available average RMR values and the input material property values in 

previous stress analysis were used. Table 1 provides the physical and mechanical property values 

used to represent the rock masses in MODEL 1. The values represent the combined properties of 

intact rock and minor discontinuities. Lithologies 1 and 3 have the same average RMR value of 40 

and the same property values, which are higher than that of lithology 2 (RMR=30). The strength 

parameters, σcrm, c, and , represent the peak values.  

In 3DEC, the two parameters, bulk modulus K and shear modulus G, are used and given by 

 

 𝐾 =
𝐸

3(1−2𝜇)
 (6.1) 

 

 𝐺 =
𝐸

2(1+𝜇)
 (6.2) 

 

Where E is Young’s modulus; and μ is Poisson’s ratio. 

 

Table 6.2 Physical and mechanical property values used to represent the rock mass for different 

lithologies in MODEL 1 

Material property Lithologies 1 & 3 Lithology 2 

Average RMR 40 30 

Density (kg/m3) 2600 2600 

Elastic modulus (GPa) 15.08 2.58 

Poisson’s ratio 0.25 0.27 

Uniaxial compressive strength, σcrm (MPa) 31.63 16.72 

Cohesion, c (MPa) 8.55 4.72 

Friction angle,  () 33.2 31.1 
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Tensile strength (MPa) 2.25 1.50 

 

In the strain-softening model, the post-failure parameters have to be estimated. For MODEL 

1, the friction angle was assumed to be constant and the cohesion and tensile strength were reduced 

in terms of plastic shear and tensile strain parameters (Eqs. (5.5) and (5.6)). Based on the results 

from some references (Hajiabdolmajid et al. 2002; Ray 2009; Wang et al. 2011), the cohesion and 

tensile strength in the post-failure region were estimated as a percentage of the peak values (Table 

6.2), as given in Fig. 6.7. 

 

 

Figure 6.7 The cohesion and tensile strength as a percentage of the peak strength after post-

failure 

 

The Coulomb-slip joint model was specified for the fault, discontinuity interfaces, and 

fictitious joints in the numerical model. As described in Section 6.2.1, the fictitious joint was used 

to discretize the numerical model domain into polyhedral prior to the generation of the non-

persistent fault. As far as the mechanical behavior is concerned, the fictitious joint should behave 

as the respective rock masses of the lithologies (Kulatilake et al. 1992). Thus, appropriate 

mechanical property values of the fictitious joint need to be estimated. Using the method suggested 

by Kulatilake et al. (1992), the value of 0.008 was assigned to G/Ks, and 2.5 to the ratio Kn/Ks; the 

same strength parameter values were used for the rock masses and the fictitious joint. The 
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mechanical property values of the discontinuity interfaces were obtained by first calculating the 

average values between the two lithologies and then using the aforementioned method suggested 

by Kulatilake et al. (1992). By using this procedure, the interfaces were considered as well-bonded 

interfaces with gradual transition of material properties rather than weakness planes (Xing et al. 

2017). Because lithologies 1 and 3 have the same property values, the mechanical property values 

of the two discontinuity interfaces are identical. The fault was considered as close and smooth 

without filling material so that typical joint properties were specified according to the experience 

of our research group. Table 6.3 gives the mechanical property values for all the discontinuities. 

 

Table 6.3 Mechanical property values used for discontinuities in MODEL 1 

Discontinuity type 

(see Fig. 6.1) 

Normal stiffness 

(GPa/m) 

Shear stiffness 

(GPa/m) 

Friction 

angle () 

Cohesion 

(MPa) 

Tensile strength 

(MPa) 

Fault 5 1 25.0 0 0 

Discontinuity 

interfaces between 

lithologies 1 & 2 

and 2 & 3 

1099.2 439.7 32.2 6.63 1.87 

Fictitious joint in 

lithologies 1 & 3 
1882.2 752.9 33.2 8.55 2.25 

Fictitious joint in 

lithology 2 
316.3 126.5 31.1 4.72 1.50 

 

The Cable element in 3DEC was used to simulate the rock bolts in the numerical model. As 

mentioned in Section 5.6, the support elements are discretized into segments during the 

calculation. For MODEL 1, the number of support segments for resin bolts, split set bolts, and 

cable bolts are respectively 5, 3 and 8. Table 6.4 summarizes the mechanical parameter values 

used for the rock supports in the numerical model. They were estimated based on the information 

provided by the mining company and the suggestions from 3DEC manual (Itasca 2007). 
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Table 6.4 Mechanical parameter values used for the rock supports in the numerical model 

Mechanical parameter Resin bolts (roof) Split sets (wall) Cable bolts (roof) 

Young’s modulus of bolt (GPa) 200 200 100 

Bolt diameter (mm) 22 39 12.7 

Cross-sectional area of bolt (m2) 3.8e-4 1.19e-3 1.27e-4 

Tensile yield capacity of bolt (KN) 230 140 188 

Bond shear stiffness (MN/m/m) 1350 100 5440 

Bond strength (KN/m) 200 50 800 

 

6.2.5 Conducted analyses 

For MDOEL 1, stress analyses have been performed to study the effect of boundary condition, 

lateral stress ratio (K0), block constitutive model, and the rock support system. With different 

combinations of these factors, fourteen cases in total were run and summarized in Table 6.5. Cases 

9-14 are the supported conditions of Cases 3-8. 

 

Table 6.5 Summary of the performed stress analysis cases 

Case No. Boundary condition K0 value 
Block constitutive 

model 

Support system 

included or not (Y/N) 

1 Ra - M-Cc N 

2 Cb 0.4 M-Cc N 

3(9) Cb 0.5 M-Cc N(Y) 

4(10) Cb 1.0 M-Cc N(Y) 

5(11) Cb 1.5 M-Cc N(Y) 

6(12) Cb 0.5 s-sd N(Y) 

7(13) Cb 1.0 s-sd N(Y) 

8(14) Cb 1.5 s-sd N(Y) 
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a R stands for roller (Velocity) boundary condition (see Fig. 6.6a); b C stands for combined 

boundary condition (see Fig. 6.6b); c M-C represents the Mohr-Coulomb model; d s-s represents 

the strain-softening model. 

 

6.3 Numerical modeling results and discussions 

In this section, numerical modeling results are presented and discussed. All the plots are given 

on the vertical cross section X=0. The vertical plane intersects with one tunnel on the left-side and 

another tunnel on the right-side as shown in Fig. 6.4. In addition, the two open tunnels are in 

lithology 2; the non-persistent fault goes between them (Figs. 6.8a and 6.8b). 

 

6.3.1 Preliminary checking on model behavior 

Before starting the analyses for various cases, the preliminary results on model behavior were 

checked using the results of Case 3 (see Table 6.5). Fig. 6.8 shows the stress distributions around 

the tunnels on the vertical plane of X=0. Negative values represent the compressive stresses. It can 

be seen that the vertical stress (ZZ-stress) concentrates at the ribs of the tunnels while reaches zero 

on the roofs and floors (Fig. 6.8a); the far field stress has not been affected by the excavation, and 

the stress value at the top boundary agrees with the applied boundary stress (=14 MPa). Similarly, 

the horizontal stress (YY-stress) at the right side boundary (Fig. 6.8b) equals to the assigned lateral 

boundary stress, which is about 7MPa (K0=0.5 for Case 3). High horizontal stresses, however, 

appear on the roofs and the corners near the floor. The existence of discontinuity interface 1 affects 

the stress distributions; large stress values are in the stronger lithology 1 (see Fig. 6.8b and Table 

6.2). Fig. 6.8c presents the principal stress vectors around the tunnels; the directions of the major 

principal stress around the tunnels follow the tunnel shape, and stresses perpendicular to the tunnel 

surface reach zero. High major principal stress values can be observed on the ribs and at the nearby 

corners. Stress relaxations take place on the roofs and the floors. 

All the results are in accord with the intuitions, which indicate the numerical model reacts 

correctly under the applied inputs. 
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Figure 6.8 Stress distributions for Case 3 on the vertical plane of X=0 (unit: Pa): a Vertical stress 

(ZZ-stress); b Horizontal stress (YY-stress); c Principal stress vectors 

 

6.3.2 Effect of different boundary conditions on tunnel stability 

The results of the roller and combined boundary conditions are compared in this part using 

Cases 1, 2, and 3. All the plots are given with the same color legend to make clear comparisons. 

Fig. 6.9 shows the vertical stress distributions for the three cases. Cases 1 and 2 have almost 

identical distributions in both shape and magnitude; a slight difference can be noticed between the 

two cases and Case 3. Similar findings appear for the YY-stress (horizontal) distributions shown 

in Fig. 6.9. It indicates that the stress field appearing in the model by applying the roller boundaries 

(Case 1) is nearly the same as that in the model by applying the stress boundaries with K0 of 0.4 

(Case 2). In fact, the lateral stress ratio (σh/σv) at the boundaries for roller boundary condition can 

be calculated approximately by 𝜇 (1 − 𝜇)⁄  (where μ is the Poisson’s ratio). For MODEL 1, the 

values of 0.25 and 0.27 were assigned to the Poisson’s ratio of the rock masses (see Table 6.2). 

Non-persistent fault  

Lithology 1  

Lithology 2  

Lithology 3 

(a) (b) 

(c) 
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Hence, the range of lateral stress ratio for Case 1 is between 0.33 and 0.37, close to 0.4. Note that 

the aforesaid calculation is strictly applicable for a medium with no faults and no inclined layers. 

Perfect matching for K0, thus, cannot be expected for the model presented in this research. If 

matching occurs approximately, then it is a positive indicator. 

 

   

Figure 6.9 Vertical stress distributions around the tunnels for different boundary conditions on 

the vertical plane of X=0 (unit: Pa): a Case 1; b Case 2; c Case 3 

 

   

Figure 6.10 Horizontal stress distributions around the tunnels for different boundary conditions 

on the vertical plane of X=0 (unit: Pa): a Case 1; b Case 2; c Case 3 

 

Figs. 6.11 and 6.12 respectively show the distributions of vertical (Z-) and horizontal (Y-) 

displacements around the tunnels for the three cases. The vertical displacements above the tunnels 

for Case 2 are higher than that for Case 1 while the vertical deformations on the floor are less in 

the former case (Figs. 6.11a and 6.12b). The results of Case 3 (Fig. 6.11c), however, seem to be 

closer to that of Case 1. For horizontal displacements shown in Fig. 6.12, the three cases have 

comparable but slightly different results. 

(a) (b) (c) 

(a) (b) (c) 
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Figure 6.11 Vertical displacement distributions around the tunnels for different boundary 

conditions on the vertical plane of X=0 (unit: m): a Case 1; b Case 2; c Case 3 

 

   

Figure 6.12 Horizontal displacement distributions around the tunnels for different boundary 

conditions on the vertical plane of X=0 (unit: m): a Case 1; b Case 2; c Case 3 

 

Fig. 6.13 shows the yielded zones around the tunnels for the three cases. Similar to the results 

of displacements, the failed area around the tunnels for Case 1 is comparable to that of Case 2 and 

3. For all three cases, the ribs of the tunnels are failing in shear while tensile failures occur on the 

roofs and the floors. 

In conclusion, even though Cases 1 and 2 are similar in stress state, difference exists in the 

distributions of displacement and yielded zones. The lateral roller boundaries impose no 

displacement in the horizontal directions, while displacement takes place at the stress boundaries. 

This will cause some influences on the deformations around the tunnels because the distance 

between the boundaries and tunnels is not far enough. On the other hand, the in-situ stress field is 

difficult to apply for a model having inclined lithologies and fault (Tan et al. 2014a and 2014b). 

(b) (c) 

(c) (b) (a) 

(a) 
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Appropriate boundary stresses are should be applied to obtain in situ stress distributions, which 

cannot be achieved by the roller boundaries. Stress boundaries (combined boundary condition 

shown in Fig. 6.6b) are hence more appropriate and accurate to apply for the numerical model. 

 

   

Figure 6.13 Yielded zone distributions around the tunnels for different boundary conditions on 

the vertical plane of X=0: a Case 1; b Case 2; c Case 3 

 

6.3.3 Effect of block constitutive models on tunnel stability 

The results of the cases with M-C and s-s models are shown in this section. Figs. 6.14 and 

6.15 present the distributions of vertical and horizontal displacements for Cases 4 (M-C) and 7 (s-

s). It can be seen that the displacements around tunnels have increased significantly when the post 

failure softening of the rock masses is considered. The maximum vertical deformation on the left-

side tunnel roof and the right-side floor have increased from 19.5 to 31.1 mm and from 33.7 to 

40.6 mm, respectively as summarized in Appendix B (Table B.1). At the same time, the maximum 

horizontal displacement on the ribs has increased from 19.7 (Fig. 6.16a) to 43.5 mm (Fig. 6.16b). 

For both cases, the maximum vertical deformations on the roofs (19.0 and 24.7 mm) of the right-

side tunnel are smaller than that on the floors (33.7 and 40.6 mm). The reason is that the rock 

masses above the right-side tunnel are stronger with higher elastic modulus and strengths (see Fig. 

6.8b and Table 6.2). 

The yielding conditions of the surrounding rock masses for Cases 4 and 7 are shown in Fig. 

6.16. Much higher shear failure can be observed on the ribs in the s-s case than in the M-C case; 

slightly larger yielded area occurs on the roof and floor of the right-side tunnel for the s-s case. 

The yielded zone thicknesses around tunnels for the two cases can be found in Table B.2, where 

the values on ribs increase from 0.66 and 0.78 m to 2.0 and 1.82 m for the left-side tunnel, and 

from 1.10 and 1.52 m to 2.05 and 2.62 m for the right-side tunnel. 

(a) (b) (c) 
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Figure 6.14 Vertical displacement distributions for the two constitutive models on the vertical 

plane of X=0 (unit: m): a Case 4; b Case 7 

 

  

Figure 6.15 Horizontal displacement distributions for the two constitutive models on the vertical 

plane of X=0 (unit: m): a Case 4; b Case 7 

 

 

(a) (b) 

(a) (b) 
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Figure 6.16 Yielded zone distributions for the two constitutive models on the vertical plane of 

X=0: a Case 4; b Case 7 

 

In 3DEC, the plastic indicator is a way used to assess the failure state of the numerical model 

for a static analysis (Itasca 2007). It indicates that the plastic flow is occurring in those zones where 

the stresses exceeded the yield criterion; and a failure mechanism is indicated for the zones. 

However, the strain softening behavior of the rock mass implies that the material still has the ability 

to support load after the onset of the plastic failure until reaching the residual strength. The unstable 

elements denoted by the plastic indicators do not properly represent the failed area. Thus, in Fig. 

6.16b the failed area around the tunnels is overestimated. In this research, the accumulated plastic 

shear/tensile strain as well as residual strengths are used to provide a better evaluation of the failed 

rock mass around the tunnels. 

Fig. 6.17 shows the distributions of accumulated plastic shear and tensile strains for Case 7. 

Most of the plastic shear strain occurs on the ribs of the tunnels with the maximum value around 

3.84% (Fig. 6.17a). The plastic tensile strain, as shown in Fig. 6.17b, is observed on the floors and 

the ribs in small regions. The distributions of cohesion and tensile strength values are plotted in 

Figs. 6.18a and 6.18b.  Low strength values are located near the tunnel surface and the distributions 

coincide respectively with that of the plastic shear and tensile strains shown in Fig. 6.17. The area 

with the residual strength values (0.94 MPa for cohesion and 0.30 MPa for tensile strength) can be 

considered as the failed regions. This failed region is smaller than that presented directly by the 

3DEC in Fig. 6.16b. 

In summary, because the strength of the material reduces as a function of the plastic strains 

rather than staying constant at the post failure stage as in the M-C model, the case with the s-s 

(a) (b) 
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model suffers more deformations and failures around the tunnels. In both cases, the heave of the 

floor is severer than the roof sag for the right-side tunnel. For the s-s case, the ribs of the tunnels 

are especially unstable with a large area failed in shear. The failure area predicted by the residual 

strengths is smaller than that defined by the 3DEC, and seems to be more proper to use.  

 

   

Figure 6.17 Accumulated plastic strain distribution around the tunnels for Case 7 on the vertical 

plane of X=0: a Plastic shear strain; b Plastic tensile strain 

 

  

Figure 6.18 Post failure strength distribution around the tunnels for Case 7 on the vertical plane 

of X=0 (unit: Pa): a Cohesion; b Tensile strength 

 

6.3.4 Effect of K0 on tunnel stability  

The effect of horizontal in situ stress on tunnel stability is investigated using the results of 

Cases 3-8 (see Table 6.5), as presented in this section.  

Fig. 6.19 shows the principal stress vectors for the six cases. For K0=0.5 (Figs 6.19a and 

6.19d), stress concentrations occur on the ribs or at a corner near the rib; the stresses on the roofs 

and the floors are low. For K0=1.0 (Figs. 6.19b and 6.19e), the highest major principal stresses 

(a) (b) 

(a) (b) 
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rotate to the corners close to the roofs and floors. For K0=1.5 (Figs. 6.19c and 6.19f), the largest 

stresses are mainly located above the roof of the right-side tunnel. The maximum value of the 

major principal stress increases with the increase of K0 value. Additionally, as the horizontal in 

situ stress increases, high stresses are building up in lithology 1 (above the tunnels) rather than in 

the weaker lithology 2 (containing the tunnels), as shown in Figs. 6.19b, 6.19c, 6.19e, and 6.19f. 

Comparisons between the M-C (Figs. 6.19a-6.19c) and the s-s (Figs. 6.19d-6.19f) conditions show 

that the latter cases have more stress relaxations around the excavations. 

 

 

  

  

Figure 6.19 Distributions of the principal stresses for different K0 values on the vertical plane of 

X=0 (unit: Pa): a Case 3; b Case 4; c Case 5; d Case 6; e Case 7; f Case 8 

 

(a) 

(b) 

(d) 

(e) 

(f) (c) 
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Figs. 6.20-6.23 provide the displacement distributions for Cases 3-8 with the same color 

legend. For the M-C cases, Figs. 6.20 and 6.21 show that the vertical displacements on the roofs 

and floors decrease but the horizontal movements of the walls increase with increasing K0 value. 

The s-s cases (Cases 6-8), on the other hand, exhibit different variation patterns (Figs. 6.22-6.23). 

To clearly show the varying trends, the maximum deformations around the tunnels for all the cases 

are plotted in Figs. 6.24 and 6.25. In these plots, the solid lines represent the results of the M-C 

model while the dashed lines represent that of the s-s model. The two tunnels are distinguished by 

the letters ‘L’ and ‘R’ for the left- and right-side ones, respectively. Fig. 6.24 shows that the 

maximum vertical displacements on the roofs and floors for the s-s cases reduce slightly at first 

but then increase. The same phenomenon can be observed for the maximum horizontal 

displacement of the right rib of the right-side tunnel (yellow, dashed line in Fig. 6.25). The 

deformation values on the roofs and the floors for the s-s cases are 1.1-2 times of that for the M-C 

cases; the displacement values on the ribs for the s-s cases are 1.8-5.1 times of that for the M-C 

cases. 

 

     

Figure 6.20 Vertical displacement distributions around the tunnels for different K0 values on the 

vertical plane of X=0 (unit: m): a Case 3; b Case 4; c Case 5 

 

(a) (b) (c) 
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Figure 6.21 Horizontal displacement distributions around the tunnels for different K0 values on 

the vertical plane (unit: m): a Case 3; b Case 4; c Case 5 

 

   

Figure 6.22 Vertical displacement distributions around the tunnels for different K0 values on the 

vertical plane of X=0 (unit: m): a Case 6; b Case 7; c Case 8 

 

   

Figure 6.23 Horizontal displacement distributions around the tunnels for different K0 values on 

the vertical plane (unit: m): a Case 6; b Case 7; c Case 8 

 

(a) (b) (c) 

(a) (b) (c) 

(a) (b) (c) 
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Figure 6.24 Maximum displacements on the roofs and the floors for Cases 3-8 on the vertical 

plane of X=0 

 

 

Figure 6.25 Maximum displacements on the ribs for Cases 3-8 on the vertical plane of X=0 

 

The yielded zones and the yielded zone thicknesses obtained around the tunnels for all the 

cases are given in Figs. 6.26-6.29. For the M-C cases, the case with K0=1.0 (Case 4) seems to be 

the most stable with the smallest yielded area as shown in Fig. 6.26. Cases 3 and 5 provide the 
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comparable results. Whereas the yielded zones on the roof and the floor of the right-side tunnel 

are pronounced in Case 5 (Fig. 6.26c), and the thicknesses are respectively 2.56 and 2.0 m (Table 

B.2). For the s-s models, Case 8 has the largest yielding area on the roofs and floors while less 

unstable ribs (Figs. 6.27c) and the yield zone thicknesses are listed in Table B.2. Unlike 

displacements, the varying pattern of yielded zone thicknesses, as shown in Figs. 6.28 and 6.29, 

are not consistent and monotonic. For the yielded zone on ribs (Fig. 6.29), the M-C cases exhibit 

different variations on the two left ribs and the two right ribs. Majority of the yielded zone 

thicknesses on the ribs for the s-s cases (dashed lines in Fig. 6.29) decrease with K0 and the values 

are 1.1-2.7 times of that for the M-C cases. In general, the tunnels in K0=1.0 cases are the most 

stable while having sever roof and floor problems in K0=1.5 cases. 

 

   

Figure 6.26 Yielded zone distributions around the tunnels for different K0 values on the vertical 

plane of X=0: a Case 3; b Case 4; c Case 5 

 

   

Figure 6.27 Yielded zone distributions around the tunnels for different K0 values on the vertical 

plane of X=0: a Case 6; b Case 7; c Case 8 

 

(a) (b) (c) 

(a) (b) (c) 
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Figure 6.28 Yielded zone thicknesses on the roofs and the floors for Cases 3-8 on the vertical 

plane of X=0 

 

 

Figure 6.29 Yielded zone thicknesses on the ribs for Cases 3-8 on the vertical plane of X=0 

 

The joint shear displacements along the non-persistent fault (see Fig. 6.8a) due to tunnel 

excavation are given in Fig. B.1. It shows that the fault is mostly inactive, and most of the shear 
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movements occur around the excavations. The maximum value slightly increases as the K0 value 

increases. Meanwhile, the s-s cases provide greater values than the M-C cases. 

 

6.3.5 Effect of the rock support system 

Tables 6.6 and 6.7 show the maximum displacements and yielded zone thicknesses around 

the tunnels for Cases 7 (unsupported) and 13 (supported). The deformations around the tunnels 

under supported condition are slightly less than that of the unsupported case (Table 6.6). The major 

improvements of the yielded area around the tunnels due to supporting occur on the ribs of the 

right-side tunnel (Table 6.7), where the thicknesses are 1.93 and 2.32 m for Case 13 while 2.05 

and 2.61 m for Case 7. It can be noticed that the yielded zone thicknesses on the ribs for Case 7 

are between 1.82 and 2.61 m (Table 6.7), exceeding the length of the split set bolts on the ribs (bolt 

length=1.83 m). Slight difference can be found between other supported and unsupported cases, 

as given in Table B.1 and B.2.  

Fig. 6.30 shows the bond failure (shear) of the rock supports, which is evaluated within 

segments (see Section 5.6). Most bonds of the wall bolts (split sets) and a large amount of the roof 

bolts (resin bolts) have failed. The long (6.1 m) additional cables on the roof are safe in shear. The 

plot in Fig. 6.31 presents the axial force magnitude of the bolts. The axial forces of the split sets 

on walls have low values, less than 60 KN; the forces of the resin bolts, however, are higher with 

certain bolts reaching the tensile yield capacity of 230 KN. The cable bolts are still safe under this 

condition, which may be because stronger (see Table 6.4) and more bolts have been installed on 

the roof. As long as one segment of the bolt element reaches the tensile yield capacity, the bolt is 

considered failing in tension. Table 6.8 summarizes the percentage of the bond and bolt tensile 

failures for Case 13. 87.1% of the bond of split sets and 45.1% of the bond of resin bolts have 

failed; about 4% of the resin bolts are failing in tension. The failure condition for other supported 

cases are given in Table B.3. The fact that a large quantity of the supports fail in shear is probably 

responsible for their poor effectiveness in controlling the deformations and yielded zones of the 

rock masses. 
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Table 6.6 Displacements around tunnels for Cases 7 and 13 on the vertical plane of X=0 

 Case 7 (unsupported) Case 13 (supported) 

Max. horizontal disp. on left rib-L (mm) -28.6 -28.3 

Max. horizontal disp. on right rib-L (mm) 30.1 28.9 

Max. vertical disp. on roof-L (mm) -31.1 -29.8 

Max. vertical disp. on floor-L (mm) 28.6 28.5 

Max. horizontal disp. on left rib-R (mm) -33.6 -32.3 

Max. horizontal disp. on right rib-R (mm) 43.5 42.9 

Max. vertical disp. on roof-R (mm) -24.7 -23.8 

Max. vertical disp. on floor-R (mm) 40.6 40.4 

 

Table 6.7 Yielded zone thicknesses around tunnels for Cases 7 and 13 on the vertical plane of 

X=0 

 Case 7 (unsupported) Case 13 (supported) 

Left rib-L (m) 2.00 1.98 

Right rib-L (m) 1.82 1.82 

Roof-L (m) 0.44 0.44 

Floor-L (m) 1.63 1.63 

Left rib-R (m) 2.05 1.92 

Right rib-R (m) 2.61 2.32 

Roof-R (m) 1.56 1.54 

Floor-R (m) 0.88 0.87 

 



 143 

 

 

Figure 6.30 Bond failure condition of the rock supports for Case 13 

 

 

Figure 6.31 Axial force distribution of the bolts for Case 13 

 

Table 6.8 Bond and bolt tensile failure condition of the rock supports for Case 13 

 Bond shear failure (%) Bolt tensile failure (%) 

Split sets on walls 87.1 0 

Resin bolts on roof 45.1 4.2 

Additional cable bolts on roof 0.2 0 

Bonds of additional 

cable bolts on the roof 

Bonds of split sets on walls 

Bonds of resin bolts 

on the roof 
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6.3.6 Comparisons between the numerical predictions and field measurements from MPBXs 

In this section, the numerical modeling results are compared with the field monitoring data 

measured by MPBXs at SITE 2 (see Fig. 3.9). The maximum relative movements monitored by 

each MPXB is the relative displacement between the head and the remotest anchor of the 

instrument (Fig. 3.8). Because of the combined boundary condition applied on the model, it is 

more reasonable to evaluate the horizontal movements on the two ribs together (addition of the 

results at H1 and H2 in Fig. 3.9). The predictions of the supported cases (except for Case 8) and 

the field measurements are given in Table 6.9. The Case 8 results are used because the 

corresponding supported Case 14 has not reached the equilibrium. Considering that there is no big 

difference between the results of unsupported and supported cases as listed in Table B.1, the 

deformations of Case 8 are in acceptable range. 

Table 6.9 shows that the results of Cases 12 and 13 (s-s model, K0=0.5 and 1.0) agree very 

well with the field measurements; the M-C cases (9-11) provide much less deformations, and the 

s-s case with K0 value of 1.5 (Case 8) gives higher results. 

 

Table 6.9 Comparisons between numerical modeling results and field measurements 

 
Relative horizontal displacementa 

(mm) 

Relative roof displacementb 

(mm) 

Case 8 63.3 16.6 

Case 9 12.0 1.1 

Case 10 18.7 4.4 

Case 11 29.1 5.2 

Case 12 53.9 5.5 

Case 13 51.8 6.0 

Field measurement 51.0 5.9 

a corresponding to the summation of the measurements at locations H1 and H2; b corresponding 

to the measurement at V3  
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CHAPTER 7 NUMERICAL MODELING OF TUNNEL STABILITY ON 

MODEL 2 

 

7.1 Introduction 

In this chapter, the area inside the red square in Fig. 3.2a is numerically simulated. Laboratory 

results of intact rock and rock joints obtained in Chapter 4 were used to estimate the rock mass 

properties and fault properties. Detailed information on lithologies and structures provided by the 

mining company was used to build a more sophisticated numerical model (MODEL 2). The built 

three-dimensional model includes a weak, thin layer, persistent and non-persistent faults, a 

complex tunnel system, as well as the backfilling activities. A strain-softening block model and a 

continuously yielding joint model are respectively specified for the rock masses and the faults in 

MODEL 2. Sequential constructions are implemented and delayed installation of rock supports is 

invoked. Parametric studies are carried out on the lateral stress ratios, rock mass conditions, rock 

mass softening parameters, fault properties, and the delayed time of supporting. A support system 

with longer bolts and stronger properties is proposed and its performance is compared with that of 

the current support system. The overall tunnel stability is assessed using the distributions of 

stresses, displacements, and failed zones around excavations, and the shear behavior of the major 

fault. The effectiveness of rock support system is evaluated based on the rock mass behavior and 

the safety of the supports. Field measurements from tape extensometers are used to make 

comparisons with the numerical predictions. 

In section 7.2, the equations for estimating the rock mass properties are given. Sections 7.3 

and 7.4 describe the details of the numerical model and the performed stress analyses. The 

numerical results are elaborated in section 7.5. 

 

7.2 Estimation of the rock mass properties 

The selected region consists two lithologies, OC5 and Dike. The major lithology OC5 is 

formed of limestone with thinly laminated to thinly bedded mudstones. Dike is an intrusive dacite 

layer with dip angles of 25-45 degrees. The properties of intact rock and minor discontinuities are 

combined and represented as rock mass properties. The rock masses in OC5 have a wide range of 

RMR values, from 25-55 (poor to fair); the rock masses belonging to the dike is in a relatively 

poor condition with RMR values in the range of 25-40. The average RMR values for the two 
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lithologies are respectively 40 and 32.5. The rock mass properties were estimated using the 

empirical formulas proposed by Hoek et al. (2002), and Hoek and Diederichs (2006). According 

to Hoek and Brown (1997), the GSI (Geological Strength Index) (Hoek 1994) can be estimated 

from the 1976 version of the RMR values (Bieniawski 1976) with the ground water rating set to 

10 (dry) and the adjustment for joint orientation set to 10 (very favorable). Laboratory testing 

results were available for the intact rock.  

The deformation modulus of the rock mass was determined by the following equation (Hoek 

and Diederichs 2006): 

 

 𝐸𝑟𝑚 = 𝐸𝑖 (0.02 +
1−𝐷 2⁄

1+𝑒((60+15𝐷−𝐺𝑆𝐼)/11)
) (7.1) 

 

Where Ei is the Young’s modulus of the intact rock; D is a factor describing the disturbance 

degree of the rock mass subjected by blast damage and stress relaxation. It varies from 0 for 

undisturbed rock masses to 1 for very disturbed rock masses. In this research, D was set to 0.1, 

representing the situation of low disturbance from blasting. 

The rock mass strength parameters in the Hoek-Brown criterion are respectively given by 

 

 𝑚𝑏 = 𝑚𝑖exp (
𝐺𝑆𝐼−100

28−14𝐷
) (7.2) 

 

 𝑠 = exp (
𝐺𝑆𝐼−100

9−3𝐷
) (7.3) 

 

 𝑎 =
1

2
+

1

6
(e−𝐺𝑆𝐼 15⁄ − e−20 3⁄ ) (7.4) 

 

Where mi is the intact rock parameter and can be obtained from the triaxial tests (Hoek and 

Brown 1997). 

By fitting the Hoek-Brown criterion with the Mohr-Coulomb envelope in a range of stress 

values, the equivalent Mohr-Coulomb parameters can be calculated by Eqs. (7.5) and (7.6) (Hoek 

et al. 2002). 
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 𝜙 = sin−1 [
6𝑎𝑚𝑏(𝑠+𝑚𝑏𝜎3𝑛)𝑎−1

2(1+𝑎)(2+𝑎)+6𝑎𝑚𝑏(𝑠+𝑚𝑏𝜎3𝑛)𝑎−1
] (7.5) 

 

 𝑐 =
𝜎𝑐𝑖[(1+2𝑎)𝑠+(1−𝑎)𝑚𝑏𝜎3𝑛](𝑠+𝑚𝑏𝜎3𝑛)𝑎−1

(1+𝑎)(1+2𝑎)√1+(6𝑎𝑚𝑏(𝑠+𝑚𝑏𝜎3𝑛)𝑎−1)/(1+𝑎)(1+2𝑎)
 (7.6) 

 

Where  is friction angle; c is cohesion; ci is the uniaxial strength of the intact rock; and 3n 

is a factor related to the maximum confining stress, for which the estimating guidelines were given 

by Hoek et al. (2002). 

There are no available empirical equations suggested for the estimation of rock mass Poisson’s 

ratio. However, Kulatilake et al. (2004) found that the Poisson’s ratio increased about 21% from 

intact rock for rock masses due to the existence of discontinuities. The Poisson’s ratio (r) of the 

rock mass in this research is assumed to be 1.2-1.4 times of that of the intact rock. Additionally, 

several references were reviewed to estimate reasonable rock mass tensile strength values. 

According to Wu and Kulatilake (2012b), the achieved rock mass tensile strength is about 35% of 

the intact rock. Shreedharan and Kulatilake (2016) concluded in their research that the estimated 

rock mass strength is between 38 and 44% of the intact rock. For MODEL 2, the rock mass tensile 

strength is scaled down to 30% of the intact value.  

The calculated Hoek-Brown constants and the estimated rock mass property values are given 

in Tables 7.1 and 7.2, respectively. The backfilling material is made of waste rock with 5.8% 

cement, 1.95% fly ash, 7.8% binder, and 0.42 ratio of water/binder. The material property values 

used for the backfilling material in the numerical model are also included in Table 7.2 according 

to the laboratory testing results of the backfill cylinders. 

The bulk and shear moduli given in Table 7.2 were calculated based on the deformation 

modulus and Poisson’s ratio of the rock masses using Eqs. (6.1) and (6.2). 

 

Table 7.1 Estimated Hoek-Brown constants for the rock masses 

Lithology GSI mi D mb s a 

OC5 40 8.94 0.1 0.937 1.0e-3 0.511 

Dike 32.5 5.03 0.1 0.398 4.3e-4 0.519 
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Table 7.2 Physical and mechanical property values to represent the rock masses in MODEL 2 

 OC5 Dike Backfilling 

Density (kg/m3) 2743 2380 2146 

Deformation modulus (GPa) 9.72 1.46 1.31 

Poisson’s ratio 0.3 0.28 0.2 

Bulk modulus, K (GPa) 8.11 1.11 0.73 

Shear modulus, G (GPa) 3.74 0.57 0.55 

Friction angle () 35.5 25.6 44.0 

Cohesion (MPa) 1.96 1.20 0.69 

Tensile strength (MPa) 2.56 1.15 0.61 

 

7.3 Development of the numerical model (MODEL 2) 

As shown in Fig. 7.1, MODEL 2 is a three-dimensional cubic model with the dimensions of 

122 m in the three perpendicular directions. The origin of the coordinates is located at the center 

of the model; z axis is vertical with the positive direction upward; positive y and x axes are in 

accord with the north and east directions in the field. Lithologies OC5 and Dike are built in the 

model. The dacite dike is a thin, non-linear layer dipping to east, as presented in Fig. 7.1b. Fig. 7.2 

shows the faults and tunnel system built inside the numerical model. The major non-persistent 

fault, striking N53°W and dipping 60 degrees to southwest, terminates inside the model and 

intersects with the tunnel system. Several persistent faults cut the model either in the left upper 

part or in the bottom of the model (Fig. 7.2a). The built tunnel system includes both open (in color 

blue) and backfilled (in color red) ones. It extends to the side boundaries of the model, and ranges 

from -10 m to 12 m in z-direction. Fig. 7.2b presents the view seeing from the upper northeast; 

most of the backfilling activities took place on the footwall of the major fault. Majority of the open 

tunnels are in horseshoe shape (see Fig. 3.3a); most of the backfilled tunnels in the northern part, 

as shown in Fig. 7.2b were excavated in the rectangular shape (see Fig. 3.3b). 
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Figure 7.1 Lithologies built in MODEL 2: a Lithologies; b Dike layer 

 

     

Figure 7.2 Faults and tunnel system built in MODEL 2 (represented by the outline box) seeing 

from views of a upper southwest and b upper northeast 

 

The three rounds of support installation described in Section 3.5.5 are numerically simulated 

for all the open tunnels in MODEL 2. The rock bolts were simulated using the “Cable” structure 

element, and the material property values used for these supports are given in Table 7.3. They were 

estimated based on the information provided by the mining company and by the manufactures, and 

the suggestions given in the manual of 3DEC (Itasca 2007). The geometry and spacing of the bolt 
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supports for the rectangular tunnels are similar to that applied for the horseshoe tunnels (see 

Section 3.5.5).  

For MODEL 2, the full-face tunneling method was assumed and the sequential excavation, 

backfilling, and support installation were numerically simulated. The open tunnels were excavated 

and supported in 9 steps. The backfilled tunnels were excavated and backfilled step by step. 

Theoretically, the physical time of the excavation or supporting in the field is difficult to simulate 

by the numerical modeling. Nevertheless, it is related to the accumulated deformations of the 

unsupported rock mass. In other words, the moment when the supports are installed corresponds 

to a certain amount of occurred deformation or of the stress relaxation. Similar approaches to that 

used by Vardakos et al. (2007) and Shreedharan and Kulatilake (2016) were adopted to take care 

of the delayed installation of supports. Detailed procedures were developed by incorporating a 

FISH function to 3DEC and are described as follows:  

1. After excavation, the excavation boundaries were applied with the equivalent interior boundary 

tractions exerted by the excavated part, simulating the balance of unexcavated situation; 

2. Reduced the interior boundary tractions by multiplying with the parameter 1-, where  is the 

stress relaxation factor, and then cycled the model to equilibrium; 

3. Installed the supports and removed the interior boundary tractions;  

4. Cycled the model to equilibrium.  

Procedures 1-4 were applied for each of the excavation-supporting steps. With respect to 

assuming a proper stress relaxation factor, the above two studies provided some advices. In this 

study, the factor was varied from 0 to 80% at every 20% increment to assess the effects of delayed 

supporting on the rock mass behavior and on the safety of the supports.  

 

Table 7.3 Material property values used for rock supports in the numerical model 

Material property Split sets Resin bolts Cable bolts Swellex bolts 

Young’s modulus of bolt (GPa) 200 200 100 200 

Bolt Diameter (mm) 39 22 12.7 45 

Cross-sectional area of bolt (m2) 1.19e-3 3.8e-4 1.27e-4 1.59e-3 
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Tensile yield capacity of the bolt 

(KN) 
140 230 188 220 

Bond shear stiffness (MN/m/m) 100 1350 5440 200 

Bond strength (KN/m) 50 200 800 300 

 

Fig. 7.3 shows the applied boundary condition for MODEL 2. Based on the depth of 647.7 m 

and overburden density of 2700 kg/m3, a vertical stress of 17.5 MPa was applied at the top 

boundary of the model to simulate overburden gravitational loading. The bottom boundary was 

specified with roller boundary condition (no vertical velocity or displacement). The combined 

boundary condition mentioned in Section 6.2.3 was applied for the side boundaries. The horizontal 

stresses were prescribed on the side (vertical) boundaries of X=61 and Y=-61 (see Fig. 7.1); the 

values were determined from the lateral stress ratio (K0) * vertical stress (σv). For MODEL 2, K0 

was assigned with 0.5, 0.75, 1.0, 1.25, 1.5, and 2.0 (assuming the same K0 value in the x and y 

directions). 

 

 

 

Figure 7.3 Boundary conditions applied for MODEL 2 

 

Results of MODEL 1 showed that the deformations and yielded zones around the tunnels are 

significantly different between the M-C and s-s cases due to the different post-failure behavior of 

the rock masses. Hoek and Brown (1997) and Egger (2000) also claimed that the softening 

Roller 

boundary 

Roller boundary 

σh=K0*σv 

v =17.5 MPa 
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behavior of the material governed the rock mass response around excavations. Based on the RMR 

values (25-55), the rock masses in this research are in the category of average quality (25 < GSI < 

75), which normally shows a strain softening behavior in the post-failure region (Hoek and Brown 

1997). As a result, the strain-softening constitutive model was assigned for the rock masses in 

MODEL 2. Table 7.4 provides the post-failure property values for the rock masses, which were 

estimated by reviewing some references (Hajiabdolmajid et al. 2002; Ray 2009; Alejano et al. 

2012). 

 

Table 7.4 Strain-softening property values used for the rock masses in MODEL 2 

Post-failure parameter OC5 Dike 

Residual friction angle, r () 28.4 (80% of the peakb) 21.8 (85% of the peakb) 

Residual cohesion, cr (MPa) 0.78 (40% of the peakb) 0.60 (50% of the peakb) 

Residual tensile strength, tr (MPa) 1.02 (40% of the peakb) 0.58 (50% of the peakb) 

eps (ept)a (milli strain) 3 5 

a eps, ept are the plastic strain parameters defined by Eqs. (5.5) and (5.6); b Peak represents the 

strength values given in Table 7.2 

 

Laboratory results of smooth joints showed that the joint normal (Kn) and shear (Ks) 

stiffnesses are linearly related to the normal stress (n). The continuously yielding joint model was 

hence applied for the faults to describe this kind of behavior. Due to the influence of filling material 

and aperture, the faults in the field could be significantly weaker than the smooth joints in the 

laboratory. The property values used for the faults in the model were taken as the half of the 

property values obtained for the smooth joints (Table 4.7-4.9) and given in Table 7.5.  

The presence of the non-persistent fault and the non-planar lithology interfaces requires 

addition of fictitious joints (Kulatilake et al. 1992) to discretize the numerical model domain into 

polyhedral prior to performing stress analyses using 3DEC version 4.1 code. As far as the 

mechanical behavior is concerned, the fictitious joints should behave like the rock masses. The 

coulomb slip joint model was prescribed for fictitious joints and discontinuity interfaces. The 
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mechanical properties for the fictitious joints and discontinuity interfaces were estimated following 

the same procedures presented in Section 6.2.4. 

 

Table 7.5 Mechanical property values used for discontinuities for MODEL 2 

Joint type 

Normal 

stiffness 

(GPa/m) 

Shear 

stiffness 

(GPa/m) 

Friction 

angle () 

Cohesion 

(MPa) 

Tensile 

strength 

(MPa) 

Fault in OC5 6.82*n
a 0.81*n

a 14 0 0 

Fault in Dike 10.34*n
a 1.01*n

a 15 0 0 

Discontinuity interfaces 

between OC5 and Dike 
673.8 269.5 30.6 1.58 1.86 

Fictitious joint in OC5 1169.5 467.8 35.5 1.96 2.56 

Fictitious joint in Dike 178.2 71.3 25.6 1.20 1.15 

a σn is the normal stress in MPa 

 

7.4 Stress analyses performed for MODEL 2 

Comprehensive investigations of the tunnel stability are conducted on MODEL 2. Detailed 

descriptions of the stress analysis cases are summarized in Table 7.6. Six K0 values, three RMR 

systems (average, soft, and stiff), five residual strength levels, and three fault property conditions 

are included. The average values for each factor represent those given in the above sections and 

are explained in a foot note of Table 7.6. For the support system, ‘N’ represents the unsupported 

cases; “Current” indicates the current support system that applied at the mine, which was 

introduced in Section 3.5.5. A support system with longer bolts and higher strength is suggested, 

of which the geometrical and mechanical parameters are given in Table 7.7. They are determined 

based on the obtained rock mass behavior, support failure condition, and available specifications 

from the manufactures. The support elements for the stronger support system are discretized in the 

same segment length (see Section 5.6) as it was done for the current support system. Five stress 

relaxation factors are applied for the two support systems as listed in Table 7.6, where the value 

of 0 represents the instantaneous supporting. 
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Table 7.6 Summary of the performed stress analyses for MODEL 2 

Case 

No. 

K0 

value 

RMR 

value 
Residual strength Fault property 

Support 

system 

Stress 

relaxation 

factor 

1(15) 0.5 Averagea Averaged Averagee N(Current) - (0f) 

2(16) 0.75 Averagea Averaged Averagee N(Current) - (0f) 

3(17) 1.0 Averagea Averaged Averagee N(Current) - (0f) 

4(18) 1.25 Averagea Averaged Averagee N(Current) - (0f) 

5(19) 1.5 Averagea Averaged Averagee N(Current) - (0f) 

6(20) 2.0 Averagea Averaged Averagee N(Current) - (0f) 

7(21) 1.0 Softb Averaged Averagee N(Current) - (0f) 

8(22) 1.0 Stiffc Averaged Averagee N(Current) - (0f) 

9(23) 1.0 Averagea 

OC5: cr/tr=0.6*peak; 

r=0.9*peak 

Dike: cr/tr=0.7*peak; 

r=0.95*peak 

Averagee N(Current) - (0f) 

10(24) 1.0 Averagea 

OC5: cr/tr=0.5*peak; 

r=0.85*peak 

Dike: cr/tr=0.6*peak; 

r=0.9*peak 

Averagee N(Current) - (0f) 

11(25) 1.0 Averagea 

OC5: cr/tr=0.3*peak; 

r=0.75*peak 

Dike: cr/tr=0.4*peak; 

r=0.8*peak 

Averagee N(Current) -(0f) 

12(26) 1.0 Averagea 
OC5: cr/tr=0.2*peak; 

r=0.7*peak 
Averagee N(Current) - (0f) 
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Dike: cr/tr=0.3*peak; 

r=0.75*peak 

13(27) 1.0 Averagea Averaged 

Joint stiffness = 

5*average stiffness; 

joint friction angle 

= 21 

N(Current) - (0f) 

14(28) 1.0 Averagea Averaged 

Joint stiffness = 

0.1*average 

stiffness; joint 

friction angle =7 

N(Current) - (0f) 

29 1.0 Averagea Averaged Averagee Current 20% 

30 1.0 Averagea Averaged Averagee Current 40% 

31 1.0 Averagea Averaged Averagee Current 60% 

32 1.0 Averagea Averaged Averagee Current 80% 

33 1.0 Averagea Averaged Averagee Stronger 0f 

34 1.0 Averagea Averaged Averagee Stronger 20% 

35 1.0 Averagea Averaged Averagee Stronger 40% 

36 1.0 Averagea Averaged Averagee Stronger 60% 

37 1.0 Averagea Averaged Averagee Stronger 80% 

a RMR(OC5)=40, RMR(Dike)=32.5; b RMR(OC5)=36.5, RMR(Dike)=29; c RMR(OC5)=43.5, 

RMR(Dike)=36; d Residual strength values given in Table 7.4; e Fault property values given in 

Table 7.5; f Instantaneous installation of the supports 
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Table 7.7 Geometrical and mechanical parameter values of the stronger support system 

Parameter Split sets Resin bolts Cable bolts Swellex bolts 

Length (m) 3 4 6.1 6.1(roof)/6.1(wall) 

Young’s modulus of bolt (GPa) 200 200 100 200 

Bolt Diameter (mm) 46 25 23.5 45 

Cross-sectional area of bolt 

(m2) 
1.66e-3 4.9e-4 4.34e-4 1.59e-3 

Tensile yield capacity of the 

bolt (KN) 
180 300 610 220 

Bond shear stiffness 

(MN/m/m) 
100 1350 5440 200 

Bond strength (KN/m) 100 400 800 300 

 

7.5 Results and discussions 

In this section, numerical modeling results on MODEL 2 are given and discussed. Two 

vertical planes, X=0 and Y=-20 shown in Fig. 7.2a, were selected to show the representative 

results. The distances between the tunnels on the planes and the model boundaries are more than 

eight times of the tunnel dimensions; that means long enough to avoid the boundary effects. 

 

7.5.1 Preliminary results on model behavior 

The model behavior is firstly checked using the results of Case 3 (see Table 7.6). Figs. 7.4 

and 7.5 show the stress distributions on the two selected planes. The negative stress values 

represent compression. On the vertical plane of X=0 (Fig. 7.4), two tunnels exist; the major non-

persistent fault goes in between the tunnels; the weak dike layer is located below the two tunnels; 

the backfilling activities occurred at the left of the left-side tunnel. The two tunnels are labeled as 

numbers 1 and 2 (Fig. 7.4b). As shown in Fig. 7.4a, high vertical stresses (ZZ stress) are 

concentrated on the walls and peaks near the fault; stress relaxation can be observed on the roof 

and the floor. The horizontal stresses (YY stress) (Fig. 7.4b), however, are nearly zero on the ribs 

but high on the roof and the floor; the highest stresses tend to distribute near the dike and the fault. 
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Low horizontal stresses can be seen in the dike layer. On the vertical plane of Y=-20 (Fig. 7.5), 

there is only one tunnel (Tunnel 3) with the dike underneath. Under this condition, the stress 

distributions are less asymmetric compared to that presented in Fig. 7.4, and the maximum stress 

values are lower. Low horizontal stresses can also be observed in the dike layer, as shown in Fig. 

7.5b. All figures showed that far field stresses have not been affected by the excavations. The 

vertical stress at the top boundary is around 18 MPa (see Figs. 7.4a and 7.5a); the horizontal 

stresses at side boundaries (Y=-61 and X=61) are in the range of 17.5-21 MPa (see Figs. 7.4b and 

7.5b), agreeing with the applied boundary stresses, 17.5 MPa at the top and 17.5-20.5 MPa on side 

boundaries, for Case 3 (K0=1.0). 

 

 

Major non-persistent fault 

Dike 

(a) 

Backfilled 
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Figure 7.4 Stress distributions for Case 3 on the vertical plane of X=0 (unit: Pa): a Vertical stress 

(ZZ stress) distribution; b Horizontal stress (YY stress) distribution 
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Figure 7.5 Stress distributions for Case 3 on the vertical plane of Y=-20 (unit: Pa): a Vertical 

stress (ZZ stress) distribution; b Horizontal stress (XX stress) distribution 

 

Figs. 7.6a and 7.6b show the vertical (Z-) and horizontal (Y-) displacement distributions on 

the vertical plane of X=0. The rock masses in the footwall of the fault suffer high vertical 

displacements, and the variation pattern is parallel with the fault trace (Fig. 7.6a). The maximum 

roof sag of 7.94 cm can be observed for Tunnel 1. In addition, the maximum horizontal 

displacement (+6.62 cm) occurs on the right rib of Tunnel 1 (Fig. 7.6b), close to the major fault. 

These high values and distribution pattern of the displacement are caused by the nearby frequent 

excavation activities, backfilling and the existence of the fault. Fig. 7.7 present the deformation 

distributions on the vertical plane of Y=-20. By contrast, the deformations around the tunnel are 

smaller due to the less disturbance. Slight asymmetric distribution of the vertical displacement 

above the tunnel is noticed (Fig. 7.7a), probably due to the existence of the weak layer. Note that 

this is a three-dimensional model, and the plane of Y=-20 is not isolated. Thus, the displacement 

distribution can also be affected by the nearby out-of-plane activities. 

 

Tunnel 3 

(b) 
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Figure 7.6 Distributions of the displacements around the tunnels for Case 3 on the vertical plane 

of X=0 (unit: m): a Vertical (Z-) displacement; b Horizontal (Y-) displacement 
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Tunnel 1 

Tunnel 2 
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Figure 7.7 Distributions of the displacements around the tunnels for Case 3 on the vertical plane 

of Y=-20 (unit: m): a Vertical (Z-) displacement; b Horizontal (X-) displacement 

 

To show the rock mass behavior interior to the excavation surfaces, vertical displacements are 

given above the roofs and floors, and horizontal movements for the side walls. Figs. 7.8-7.10 plot 

the variation of displacements with the distance from tunnel surface for the three tunnels. Due to 

the backfilling activities occurred on the left-side of Tunnel 1 (see Fig. 7.4a), the results for this 

(a) 

(b) 

Tunnel 3 
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location are not given in Fig. 7.8. Fig. 7.8 shows that the vertical displacement maximizes on the 

roof surface and gradually reduces to the value of 4 cm for the far field rock masses, in accord 

with the phenomenon observed in Fig. 7.6a. The displacements of the right wall and floor rock 

masses also peak at the surfaces but then decrease to a small value. Slight rise of the wall 

displacement can be observed at a distance of 12 meters (red results in Fig. 7.8), which is caused 

by the existence of the fault and Tunnel 2. Similarly, the fault and Tunnel 1 also have impact on 

the left-side rock masses of Tunnel 2, as shown in Fig. 7.9. For Tunnel 3 (Fig. 7.10), general trends 

are observed. In summary, most of the displacements around the tunnels are concentrated within 

a distance of 2 or 3 meters from the tunnel surfaces, and as the distance exceeds 5 m, the 

displacements decrease to small values for the wall rock masses along the horizontal direction but 

to certain values above the roofs.  

 

 

Figure 7.8 Diagram of displacement versus distance from tunnel surface for Tunnel 1 in Case 3 
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Figure 7.9 Diagram of displacement versus distance from tunnel surface for Tunnel 2 in Case 3 

 

 

Figure 7.10 Diagram of displacement versus distance from tunnel surface for Tunnel 3 in Case 3 
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Instead of using the conventional failure index that is given for the strain-softening model in 

3DEC, the rock masses that reach their residual strengths, in either compression or tension, are 

considered as failed. Figs. 7.11 and 7.12 show the distributions of cohesion and tensile strength on 

the two vertical planes. The weakened area for both cohesion and tensile strength can be seen 

around the tunnels. As illustrated in Figs. 7.11a and 7.12a, most of the rock masses within the 

cohesion degradation area are around the residual value of 0.78 MPa (see Table 7.4). While the 

tensile strength (Figs. 7.11b and 7.12b) of the surrounding rock masses is in the range of 1.35-1.5 

MPa, greater than the residual tensile strength (1.02 MPa). It indicates that most of the failure 

around the tunnels is shear failure. Figs. 7.11a and 7.12a also show that more shear failures are 

taking place on the ribs than on the roofs and floors. In the former plot, the area of low cohesion 

is pronounced on the two ribs close to the major fault; potential failure connection between the 

two tunnels is likely to occur. 

 

  

(a) 
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Figure 7.11 Distributions of the rock mass strengths for Case 3 on vertical plane of X=0 (unit: 

Pa): a Cohesion; b Tensile strength 

 

 

(b) 

(a) 
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Figure 7.12 Distributions of the rock mass strengths for Case 3 on vertical plane of Y=-20 (unit: 

Pa): a Cohesion; b Tensile strength 

 

In summary, the rock mass behavior for Case 3 has been presented through the distributions 

of the stress, displacement, and strength values. The results were found to be reasonable intuitively, 

indicating that the numerical model reacts correctly. On the other hand, the fault and the weaker 

layer have caused the asymmetrical distribution of stress and deformation and the stress 

concentrations and relaxations. The frequent excavation activities in the middle northern part of 

the model (see Fig. 7.2b) make the rock masses in the footwall of the fault unstable; the open 

tunnel (Tunnel 1) in the area undergoes more deformations and failures. The rock masses within a 

distance of 2 or 3 meters from the excavation surface show active movements, and those of 5 m 

away are stable with low displacements.  

 

7.5.2 Effect of horizontal in situ stress (K0) on tunnel stability 

The effect of the horizontal in situ stress on rock mass behavior is investigated using the results 

of Cases 1-6 (see Table 7.6). Figs. 7.13a-f show the principal stress distributions for these cases 

on the plane of X=0. For the low horizontal stress conditions (K0=0.5, 0.75), the stress 

concentrations occurred near the walls of the two tunnels (Figs. 7.13a and 7.13b). Maximum stress 

values are located at the left rib of the left-side tunnel. The stresses on the roof and floor are small 

with a few positive values (tension). For Cases 3 and 4 (Figs. 7.13c and 7.13d), the maximum 

(b) 
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stress has moved to locations near the fault. As K0 increases to 1.5 and 2.0 (Figs. 7.13e and 7.13f), 

the high compressive stresses are appearing on the roofs and the floors, and at multiple locations 

near the fault and the dike. Stress relaxation can be observed in the dike layer. The weak material 

is less likely to sustain high stresses, which then is transferred to the adjacent stronger rock masses. 

The maximum major principal stress reduced at first, to the minimum of 53.1 MPa in Case 3 

(K0=1.0), and then increased to the maximum of 77.6 MPa in Case 6 (K0=2.0). On the plane of 

Y=-20 (Figs. 7.14a-f), the distribution of principal stresses is close to symmetric for low K0 values 

(Figs. 7.14a-c) but less symmetric for high K0 values (Figs. 7.14d-f) due to the existence of the 

weak layer. The maximum principal stress also minimizes at K0=1.0 and peaks at K0=2.0.  

With increasing K0 values, the maximum major principal stress rotates from the ribs to the 

roofs and floors of the tunnels; the fault plays a role on the stress in low K0 cases, while the 

influence of the fault and the dike is more pronounced for high K0 cases. 

 

  

(a) 
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Figure 7.13 Principal stress distributions for cases with different K0 values on the vertical plane 

of X=0 (unit: Pa): a Case 1; b Case 2; c Case 3; d Case 4; e Case 5; f Case 6  
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Figure 7.14 Principal stress distributions for cases with different K0 values on the vertical plane 

of Y=-20 (unit: Pa): a Case 1; b Case 2; c Case 3; d Case 4; e Case 5; f Case 6 

 

Plots in Figs. 7.15 and 7.16 show the variations of the horizontal and vertical convergences of 

the tunnels, respectively. Different colors represent the results of different tunnels on the two 

planes. The displacements used to calculate the convergence were taken from the middle of the 

roof, ribs, and floor of the tunnels. Results show that most of the convergences, in both directions, 

increase slightly from K0=0.5 to K0=1.25 but distinctly from K0=1.25 to K0= 2.0. The increase of 

vertical convergence is more than that of wall convergence. For instance, the vertical convergence 

(e) 

(f) 
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of the tunnel on plane of Y=-20 (grey results in Fig. 7.16) increased from 6.5 cm at K0=0.5 to 22.1 

cm at K0=2.0. The varying trend of the vertical convergence is diverse with what presented in Fig. 

6.25 for M-C cases (decreasing). It indicates that the rock mass behavior is complicated and 

different from case to case; it is important to select the appropriate constitutive model as well as 

the numerical model.  

 

 

Figure 7.15 Horizontal convergence of the tunnels for cases with different K0 values 

 

 

Figure 7.16 Vertical convergence of the tunnels for cases with different K0 values 
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To appropriately describe the failed area, measurements were taken at three locations on each 

surface and then averaged as the failure zone thicknesses. Results are given in Figs. 7.17 and 7.18. 

Since the failing rock masses on the left side of Tunnel 1 includes the backfilling area (see Fig. 

7.11), measurements are taken at this location. As presented in Fig. 7.17, the change of failure 

zone thicknesses on the ribs is not monotonic with K0, but most of them slightly reduced from 

K0=0.5 to K0=2.0. However, Fig. 7.18 shows significant increase of the failure zone thicknesses 

on the roofs and floors of the tunnels when the K0 value increases. These changes seem to coincide 

with the results of the stress variations presented in Figs. 7.13 and 7.14; the cases with high K0 

values have unfavorable roof and floor conditions but relatively stable ribs. Conversely, for low 

K0 cases, i.e. 0.5 and 0.75, more failures are taking place on the ribs than on the roofs and floors 

(see Figs. 7.17 and 7.18). The two locations, the right rib of Tunnel 1 and the left rib of Tunnel 2 

(green and red results in Fig. 7.17), have higher values than other places. It might be ascribed for 

the close distance to the major fault (Fig. 7.4). For Tunnel 3, the rock masses on the floor are 

undergoing more failure than that on the roof (blue and yellow results in Fig. 7.18), which is likely 

due to the influence of the dike located below the floor (Fig. 7.5). 

 

 

Figure 7.17 Average failure zone thicknesses on the ribs of the tunnels for cases with different 

K0 values 
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Figure 7.18 Average failure zone thicknesses on the roofs and floors of the tunnels for cases with 

different K0 values 

 

Figs. 7.19 shows the joint shear behavior along the major non-persistent fault with different 

K0 values. The vectors represent the shear displacements of the hanging wall plane of the fault 

(Fig. 7.2a). Three representative cases were selected to present results. For Case 1 where K0 value 

is 0.5 (see Fig. 7.19a), the fault hanging wall moves downwards; displacements are mainly 

occurring at the lower half plane; the maximum value of 8.1 cm is located at the backfilled region. 

For Case 3 (K0=1.0), the displacement values become much smaller; slight movements toward up 

can be observed at the upper part while the lower part is moving down; the maximum value of 5.8 

cm is still near the backfilled region (see Fig. 7.19b). As K0 value increases to 2.0 (Fig. 7.19c), the 

fault plane, however, shows distinct movements to up; the maximum displacement is 10.4 cm, 

above the backfilled area. The plots of joint shear displacement for other cases are given in Fig. 

C.1. Fig. 7.20 shows the maximum values of the fault shear displacement for Cases 1-6; Cases 3 
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displacement of the major non-persistent fault in both the direction and magnitude. This change 
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would result in totally different reactions on the rock mass in the numerical model, contributing to 

the deformations and failures of the surrounding excavations.  
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Figure 7.19 Joint shear displacement vectors along the fault for cases with different K0 values 

(unit: m) (observed from the hanging wall direction): a Case 1; b Case 3; c Case 6 

 

 

Figure 7.20 Maximum shear displacement on the fault plane for cases with different K0 values 
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the numbers 1, 2, and 3 represent the different tunnels labeled in Fig. 7.4b and Fig. 7.5b. It is 

obvious that Case 7 (Soft) with the lowest rock mass properties results in the largest deformations 

(Fig. 7.21), approximately three times that of Case 8 (Stiff). Because of the more disturbances, 

backfilling activities and major faults, existing on the plane of X=0, the deformations around 

Tunnels 1 and 2 are larger than that around Tunnel 3. The phenomenon is more distinct in the soft 

case (blue results in Fig. 7.21). Fig. 7.22 shows that the soft system has the largest failed area 

around the tunnels as almost twice that of the stiff system. High values can be observed at the two 

locations close to the major fault (right wall of Tunnel 1 and left wall of Tunnel 2). The influence 

of rock mass properties on the shear displacement of the fault is shown in Fig. C.2. It indicates 

some moderate effect. 

 

 

Figure 7.21 Maximum displacements around the tunnels for different rock mass systems 
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Figure 7.22 Average failure zone thicknesses around the tunnels for different rock mass systems 
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Figure 7.23 Maximum displacements on the ribs of the tunnels for Cases 3, and 9-12 

 

 

Figure 7.24 Maximum displacements on the roofs and the floors of the tunnels for Cases 3, and 

9-12 
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roofs and floors; while for Case 12, the failed area extends to 6.7-8.9 m on the ribs and to 3.2-4.4 

m on the roofs and floors. The values also proved that more failures have occurred on the ribs than 

on the roofs and floors. 

 

 

Figure 7.25 Average failure zone thicknesses on the ribs of the tunnels for Cases 3, and 9-12 

 

 

Figure 7.26 Average failure zone thicknesses on the roofs and the floors of the tunnels for Cases 

3, and 9-12 
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The plots of the joint shear displacement for the five cases are given in Fig. C.3; the major 

difference is the magnitude of the displacements around the tunnels. The maximum values are 

plotted in Fig. 7.27. As the post-failure strengths decrease, the fault shear displacement near the 

excavations increase distinctly. 

 

 

Figure 7.27 Maximum shear displacement on the major fault for Cases 3, and 9-12 
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(a) 

(b) 
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Figure 7.28 Joint shear displacement distributions on the major fault for a Case 13; b Case 3; c 

Case 14 (unit: m) 

 

Figs. 7.29 and 7.30 show the deformations around the tunnels for the three cases. As the fault 

property values reduce, the maximum displacements of the rock masses increase slightly. Similar 

phenomenon can be observed for the failure zones around the tunnels as shown in Figs. 7.31 and 

7.32.  
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Figure 7.29 Maximum displacements on the ribs of the tunnels for Cases 3, 13 and 14 

 

 

Figure 7.30 Maximum displacements on the roofs and the floors of the tunnels for Cases 3, 13 

and 14 
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Figure 7.31 Average failure zone thicknesses on the ribs of the tunnels for Cases 3, 13 and 14 

 

 

Figure 7.32 Average failure zone thicknesses on the roofs and the floors of the tunnels for Cases 

3, 13 and 14 
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to simulate the different delayed time of supporting, as given in Table 7.6. The effectiveness of 

the current support system (Cases 17, and 29-32) is evaluated using the reductions of the 

deformations and of the failure zone thicknesses around tunnels from the unsupported situation 

(Case 3). Results are given in Figs. 7.33-7.36. For the instantaneous supporting (Case 17), the 

reduction of the maximum displacements is about 3-8% on the ribs (Fig. 7.33) and 2-7% on the 

roofs and floors (Fig. 7.34). As the installation is delayed at a stress relaxation of 20% (Case 29), 

the deformations around the tunnels are well controlled, especially on the roofs and floors, with 

the maximum reduction up to 24% (see Fig. 7.34). As longer delayed periods are considered (Cases 

30-32), the reductions of the deformation keep increasing with small fluctuations at several 

locations. For reductions of the failure area around the tunnels (Figs. 7.35-7.36), more 

improvements can also be seen in the delayed cases (Cases 29-32) than in the instantaneous 

situation (Case 17). Yet the reductions are not distinct as that of the displacements; constant values 

can be observed at some locations.  

 

 

Figure 7.33 Reduction of the maximum displacements on the ribs of the tunnels for Cases 17, 

and 29-32 
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Figure 7.34 Reduction of the maximum displacements on the roofs and the floors of the tunnels 

for Cases 17, and 29-32 

 

 

Figure 7.35 Reduction of the average failure zone thicknesses on the ribs of the tunnels for Cases 

17, and 29-32 
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Figure 7.36 Reduction of the average failure zone thicknesses on the roofs and the floors of the 

tunnels for Cases 17, and 29-32 
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swellex bolts have failed, fitting what is shown in Fig. 7.38. Again, the number of failing bolts 

reduces slightly with the increasing delayed time. 

 

 

Figure 7.37 State of bond failure of the applied bolt supports in Case 17 

 

 

Figure 7.38 Axial force of the applied supports in Case 17 (unit: N) 
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Figure 7.39 Bond shear failure of the supports for Cases 17, and 29-32 

 

 

Figure 7.40 Bolt tensile failure of the supports for Cases 17, and 29-32 
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supporting, which may be connected to the fluctuations presented in Figs. 7.33-7.36. With respect 

to the safety condition of the current supports, a large amount of the bond of split sets and resin 

bolts has failed; some resin and swellex bolts underwent tensile failure. It may indicate that the 

bond and bolt tension strengths of the supports are insufficient. Considering the average failure 

zone thickness of 2-4 m at ribs and of 1.2-3.0 m on the roofs for the supported cases given in Table 

C.2, and the fact that rapid movements are located within a distance of 2 or 3 meters from the 

tunnel surface, the split sets on the walls (length=1.83 m) and the resin bolts on the roofs 

(length=2.44 m) seem to be short in length. Hence, a support system with longer bolts and higher 

support strengths is proposed in Table 7.7 and its performance is evaluated. 

Fig. 7.41 compares the reductions of the maximum displacements around the tunnels after 

applying the two instantaneously supporting systems (Cases 17 and 33). More deformation 

reductions can be seen for the stronger system than for the current system, particularly for the two 

tunnels on the plane of X=0 (Tunnels 1 and 2). With respect to the failure zone reductions (Fig. 

7.42), big differences can be observed at two locations, the right rib of Tunnel 1 and the left wall 

of Tunnel 2. It is known from previous sub-sections that the tunnels on the plane of X=0 suffer 

more disturbances, and the two ribs close to the major fault are unstable with more deformations 

and failure zones than other places. The results given in Figs. 7.41 and 7.42 suggest that the 

unfavorable situations can be well improved by installing adequate rock supports. 

 

 

Figure 7.41 Reduction of the maximum displacements around tunnels for Cases 17 and 33  
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Figure 7.42 Reduction of the average failure zone thicknesses around tunnels for Cases 17 and 

33  

 

The results for the delayed cases with stronger support system are given in Tables C.1-C.2. 
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the cable bolts are safe. With respect to swellex bolts on the walls, the bond failure at the bolt end 

(Fig. 7.37) could be associated with the increasing length. Fig. 7.44 shows that the swellex bolts 

have high axial forces compared to the yield capacity of 220 KN; the bolt tensile failure is in a 

close range (52%-60%) with that in Fig. 7.40.  

 

 

Figure 7.43 State of bond failure of the applied bolt supports in Case 33 

 

 

Figure 7.44 Axial force of the applied supports in Case 33 (unit: N) 
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Table 7.8 Bond and bolt tensile failure of the cases with stronger support system 

Case No. 

Bond failure (%) Bolt tensile failure (%) 

Split sets 
Resin 

bolts 

Cable 

bolts 

Swellex 

bolts 
Split sets 

Resin 

bolts 

Cable 

bolts 

Swellex 

bolts 

33 87.6 29.4 5.4 11.7 0 43.2 0 52.2 

34 86.9 27.1 4.6 11.6 0 47.2 0.6 59.6 

35 86.0 25.2 3.9 11.2 0 45.0 0.2 59.3 

36 85.1 22.9 3.4 10.9 0 41.3 0.2 56.4 

37 83.1 20.9 2.7 10.5 0 38.3 0 54.2 

 

In conclusion, with longer and higher strength bolts installed, the rock masses around tunnels 

have become more stable with less deformations and failures. Although different failure conditions 

of the bolts are obtained, the overall safety of bolts has improved. The lengths of resin, swellex, 

and cable bolts seem fine because majority of the support failure, in either tension or shear, have 

occurred within the bolts and near the excavation boundaries. Based on the thickness of the rock 

masses having active movements and the failure zone thicknesses on walls, the bolt length might 

need to be longer than 4 or 5 m. After satisfying the bolt length, a denser arrangement of bolts 

might be needed to further improve the failure condition (either in tension or shear) of the bolts. 

On the other hand, considering the increasing cost for more bolts, compromise may be needed to 

allow for a certain amount of failure. In practice, the shotcrete and wire mesh were applied, which 

also helped to improve the rock mass and bolt conditions. Under such a circumstance, a denser 

arrangement of bolts can be considered according to the field observation. 

Bieniawski (1989) provides guidelines for selecting supports based on the RMR values, as 

given in Table 7.9. It suggests fully grouted rock bolts of length 4 m at a spacing of 1.5-2 m for 

the excavations in fair rock masses (41<RMR<60). For the excavations in poor rock masses 

(21<RMR<40), it suggests fully grouted rock bolts of length 4-5 m at a spacing of 1-1.5 m. 

Although the suggestions are applied for the tunnels with width of 10 m, it indicates that the above-

mentioned conclusions are reasonable.  
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Table 7.9 Guidelines for support of rock tunnels in accordance with the rock mass rating systema 

(from Bieniawski 1989) 

Rock mass class 
Rock bolts (20-mm Dia, fully 

grouted) 
Shotcrete Steel sets 

Very good rock 

RMR: 81-100 
Generally, no support required except for occasional spot bolting 

Good rock 

RMR: 61-80 

Locally, bolts in crown 3 m 

long, spaced 2.5 m, with 

occasional wire mesh 

50 mm in crown 

where required 
None 

Fair rock 

RMR: 41-60 

Systematic bolts 4 m long, 

spaced 1.5-2 m in crown and 

walls with wire mesh in 

crown 

50-100 mm in 

crown and 30 mm 

in sides 

None 

Poor rock 

RMR: 21-40 

Systematic bolts 4-5 m long, 

spaced 1-1.5 m in crown and 

wall with wire mesh 

100-150 mm in 

crown and 100 mm 

in sides 

Light to medium ribs 

spaced 1.5 m where 

required 

Very poor rock 

RMR: <20 

Systematic bolts 5-6 m long, 

spaced 1-1.5 m in crown and 

walls with wire mesh. Bolt 

invert 

150-200 mm in 

crown, 150 mm in 

sides, and 50 mm 

on face 

Medium to heavy ribs 

spaced 0.75 m with 

steel lagging and 

forepoling if required. 

Close invert 

a Shape: horseshoe; width: 10 m; vertical stress: <25 MPa; construction: drilling and blasting 

 

7.5.7 Comparisons between the numerical modeling results and field measurements 

In this section, the numerical modeling results are compared with the field measurements from 

tape extensometers at two locations, MT-17 and MT-18 shown in Fig. 3.9. Due to the geometry 

difference between the tunnels built in the numerical model and that in the field, the convergence 

strain (tunnel convergence over tunnel dimension) is utilized. Table 7.10 summarizes the results 

for Cases 15-32 and of the field measurements. It shows that the obtained strains for Cases 15-18, 

and 27-32 are in good agreement with the field measurements. They are the situations with K0 
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values of 0.5-1.25, with average rock mass condition, and with the current support system (see 

Table 7.6). The results of the cases with different fault property values (Cases 17, 27 and 28) are 

not in significant difference compared to the field measurements; the ranges are respectively 1.94-

2.36 % at MT-17 (note the field value is 1.96%) and 1.12-1.33% at MT-18 (note the field value is 

1.27%). The cases with high K0 of 1.5 and 2.0 (Cases 19 and 20), with low RMR values (Case 21) 

and with low residual strengths (Cases 25-26), have greater strain values than that of the field 

measurements. Conversely, the strain values of the cases with high RMR values (Case 22) and 

high residual strengths (Cases 23-24) are less than that of the field measurements.  

 

Table 7.10 Comparisons between the field measurements and numerical modeling results 

Case No. 
Convergence strain at 

location MT-17 (%) 

Convergence strain at 

location MT-18 (%) 

Field measurement 1.96 1.27 

15 2.23 1.29 

16 2.25 1.03 

17 2.01 1.20 

18 2.21 1.29 

19 2.79 1.58 

20 4.26 2.09 

21 3.15 2.19 

22 1.16 0.67 

23 0.96 0.55 

24 1.31 0.79 

25 3.41 2.25 

26 6.55 3.71 

27 2.36 1.33 

28 1.94 1.12 
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29 1.96 1.13 

30 1.94 1.09 

31 1.97 1.09 

32 1.92 1.06 
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CHAPTER 8 SUMMARY, CONCLUSIONS AND RECOMMENDATIONS 

FOR FUTURE WORK 

 

8.1 Summary and conclusions 

This dissertation study started with a review of major methodologies for the investigation of 

rock mass stability for underground excavations. Compared to the rock mass classifications, 

analytical methods, and field instrumentation methods, the numerical method is low-cost but has 

capabilities of revealing internal mechanisms of the rock masses and of solving problems including 

complex geometries, geological conditions, and multiple impact factors. The most distinct 

characteristic of the discontinuum modeling is to represent the discontinuities explicitly so that 

large displacements and rotations, including total detachment, of the discrete blocks are allowed. 

In Chapter 2, some discontinuum computer codes were introduced as well as their applications; 

also discussed are the strengths and limitations of each code. For a specific problem, it is important 

to be aware of the objectives and the particular characteristics, and hence to select a suitable tool. 

Some important issues pertinent to the discontinuum modeling of underground rock problems 

include the representation of joint features, i.e. joint geometries, orientations, property values, and 

constitutive relations, the estimation of rock mass properties and selection of rock mass 

constitutive models, and the simulation of in situ stress and construction sequence.  

The geological conditions at the selected mine site are complex, including the inclined 

orebodies, many fault zones, and the intrusive dike. The rock mass condition is in a wide range 

where the rock masses in ore zones and in dikes have low RMR values. The tunnel system is 

spatially complicated, heading in different directions and reaching various levels. The installed 

rock supports for the tunnels include split sets, resin bolts, cable bolts, and swellex bolts. Since no 

in situ stress measurement was conducted, an empirical equation was used by the mining company 

to estimate the lateral stress ratio at the mine, and the values have turned out to be between 0.5 and 

1.0. Tape extensometers and multiple point borehole extensometers have been installed at the mine 

to monitor the rock mass response. Field survey to the site showed that the rock masses at some 

locations, i.e. tunnel intersections and weak rock areas, suffered high deformations and failures. 

Previous studies at the mine proved the rapid movements and failure situations at some related 

locations. 
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Laboratory tests were carried out on the rock types of limestone, mudstone, and dacite. Similar 

physical and mechanical property values were obtained for the former two rocks, which are higher 

than that of the dacite rock. For smooth joints, linear relations were obtained between the joint 

stiffnesses and normal stress. Small to moderate variations were observed in the test results. Due 

to the fact that the rock samples were taken from widely spatially distributed boreholes, the grain 

components and the number and distribution of fractures could be very different from sample to 

sample. Besides, the unavoidable man-made errors or unexpected failure of the sample 

(hydrostone cast in direct shear test, for example) also led to uncertainties of the results.  

Three-dimensional numerical simulations were performed to investigate the tunnel stability at 

the mine using the 3DEC distinct element code. Because limited geological and geotechnical 

information was available, first, a small area was selected for modeling. The built numerical model 

(MODEL 1) consists of three lithologies with inclined interfaces, a non-persistent fault, and the 

open tunnel system. Rock supports, including split sets and resin bolts, were installed for all the 

tunnels; additional cable bolts were applied for a part of the tunnels. The geomechanical property 

values used for the rock masses and the discontinuities were estimated from the available studies 

at the mine, some references and the experience of the research group. Fourteen cases in total were 

included to investigate the effect of multiple factors on the rock mass behavior. Major conclusions 

on MODLE 1 are made as follows. 

 Two boundary (roller and combined) conditions were applied for the model and the results 

were compared. The case with the roller boundary condition provided a stress field close to 

that applied with stress boundaries where K0=0.4. Because the distances between the tunnels 

and model boundaries are not far enough, the displacements and yielded zones around the 

excavations under different boundary conditions were different; but the results were 

comparable. To obtain the in-situ stress field for a complex geological system, the proper 

way is to apply appropriate boundary stresses and then to perform stress analysis. This cannot 

be achieved by roller boundaries. Hence, the combined boundary condition was applied for 

the subsequent analyses. 

 Both the M-C and s-s constitutive models were prescribed for the rock masses. The post-

failure degradation of the strength parameters resulted in more deformations and yielded 

zones around tunnels. The deformations and yielded zone thicknesses on the ribs for the s-s 

cases were up to 5.1 times and 2.7 times of that for the M-C cases. The rock masses with the 
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lowest (residual) cohesion and tensile strength values in the s-s cases matched with that 

having high plastic strains, and they can be treated as failed elements. 

 Different lateral stress ratios were assigned to study the effect of horizontal in situ stress. The 

results of the M-C and s-s cases presented different variations in the deformations and yielded 

zones around the tunnels. For the former model, as the K0 value increases, the horizontal 

displacements on the walls increased but the vertical displacements on the roofs and floors 

decreased. The latter model, however, showed non-monotonic changes; the displacements on 

one rib, the roofs and the floors minimized at K0=1.0 and maximized at either K0=0.5 or 

K0=1.5. The results of yielded zones indicated that K0=1.0 was the most stable situation while 

K0=1.5 was the worst scenario with distinct roof and floor problems. On the other hand, the 

low horizontal in situ stress caused high failures on the ribs for the s-s cases. Additionally, it 

was observed that the deformation and stress distributions were affected by the lithologies 

with different material properties; the stronger rock masses underwent higher stresses but less 

deformations than the weaker rock masses. The influence of the non-persistent fault was 

insignificant. 

 The performance of rock supports was evaluated using the rock mass behavior and support 

failures. The deformations and yielded zones around the tunnels improved a little bit by 

applying the support system. The low effectiveness of supports could be ascribed to the 

extensive bond failure and the insufficient bolt length on ribs. 

 Comparison between the numerical modeling results and the field measurements showed that 

the cases with K0 of 0.5 and 1.0 and the s-s model provided reasonable predictions. 

MODEL 2 covered a larger area, where the backfilling activities and more faults were 

included; the dacite dike was generated as a thin and non-planar interlayer. The rock mass and 

fault property values used in the numerical model were estimated based on the laboratory test 

results obtained in Chapter 4 for the intact rock and smooth joints. Strain softening block model 

was assigned to describe the post-failure behavior of the average quality rock masses. 

Continuously yielding joint model was prescribed for the faults to simulate the linear relations 

between the joint stiffnesses and normal stress. Sequential construction and delayed supporting 

procedures were implemented numerically. Different periods of the support installation were 

simulated based on multiple stress relaxation levels. Comprehensive analyses were performed to 

take into account the influence of horizontal in situ stress, rock mass and fault property values, and 
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the time of support installation on the tunnel stability. The current and a stronger support systems 

were evaluated using the quantified rock mass behavior and support failures, and suggestions were 

made to design appropriate rock supports. Conclusions on MODEL 2 are given below. 

 The rock mass behavior was firstly studied by the distributions of stress, displacement, and 

the reduced strength parameter values. It showed that the major fault, the weak dike layer and 

the backfilling activities resulted in asymmetric distributions of stresses and displacements, 

stress concentrations near the fault while relaxations in the dike, and high deformations for 

the rock masses in the footwall of the fault. The movements of interior rock masses indicated 

that relatively large displacements occurred within a distance of zero to 2 or 3 meters from 

the tunnel surface and the values reduced to certain constant values after 5 m away. The rock 

masses that reach residual strengths were considered as failing; majority of the failures were 

in shear mode rather than in tension.  

 The lateral stress ratio was varied to investigate the effect of horizontal in situ stress on tunnel 

stability. As K0 increases, the maximum major principal stress rotates from the ribs to the 

roofs and floors; the value decreased at first but then increased. The influence of the major 

fault and weak layer on the stress distributions can be observed. Both horizontal and vertical 

convergences of the tunnels increased with the increasing K0 with small fluctuations. The 

increasing vertical convergence is opposite to the trend presented by the M-C cases in 

MODEL 1, indicating the possibility of a different response of the rock masses due to 

different post-failure behaviors. The failure zone thicknesses on the ribs improved slightly 

from K0=0.5 to K0=2.0, while increased significantly on the roofs and floors. The shear 

behavior of the major fault was greatly affected by K0 values, in both the magnitude and 

direction. In general, the tunnels in the cases with K0=1.0 are the most stable, with the lowest 

stresses and small deformations along the fault; K0=1.5 and K0=2.0, however, are the most 

unstable cases having severe roof and floor problems, similar to the results obtained in 

MODLE 1. 

 By varying the RMR values, three cases with different rock mass property values were 

analyzed. Intuitive results have been obtained; the soft system is the most unstable case while 

the stiff system caused the least deformations and failure zones. Additionally, the soft case 

resulted in more deformations and failures for the two tunnels on the plane of X=0 than that 

for the tunnel on the plane of Y=-20. 
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 Even though the peak strength of the rock masses is the same, great differences were observed 

in the results as the residual strength changed. The impact of the residual strength can be seen 

from the increasing deformations and failure zones around the tunnels. The instability of 

tunnels was much sensitive to low residual strengths. The growth of the movement along the 

fault was observed near the open and backfilled excavations. 

 The varying fault properties largely changed the magnitudes of the shear displacement along 

the major fault. High values can be observed near the backfilled or open excavations. 

Nevertheless, the rock mass behavior was also slightly affected. 

 The current support system improved the stability of the tunnels, and the deformations and 

failures further reduced along with the delayed supporting. The fluctuations in the variations 

of rock mass deformations and failures could imply that the delayed time is critical to the 

function of the supports. If they are installed too early, they would fail to do the proper job. 

However, if the supports are installed too late, they cannot work effectively as well. 

Evaluation of the supports showed that large amount of the bonds of split sets and resin bolts 

failed; certain amount of the resin and swellex bolts failed in tension. The safety conditions 

of the bolts were slightly enhanced with the extended time of delayed supporting. The in-

rock movements and failure zone thicknesses indicate that the split sets on the walls and the 

resin bolts on the roofs are insufficient in length.  

 The stronger support system was proved to be more effective in controlling the deformations 

and failure zones around the tunnels than the current system. Whereas most of the bonds of 

split sets are still failing; the major concern of resin and swellex supports is the high tensile 

force developed in bolts. The length of the bolts, except for split sets, seemed to be sufficient. 

Suggested by the thicknesses of the failure zones and of the rock masses having active 

movements, the length of bolts on walls should be 4 to 5 m. If further improvement of the 

supporting effectiveness is needed, the bolt spacing should be reduced. The suggestions of 

bolt length were in accord with the guidelines provided by Bieniawski (1989) for selecting 

the supports based on the rock mass ratings. 

 Finally, numerical modeling results were compared with the field measurements at two 

locations. The cases where the rock masses are in average rock mass condition and in average 

residual strength and with K0 values in the range of 0.5-1.25 provide well-matched results. 

The predictions of the other cases are in reasonable ranges. 
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In summary, by performing the three-dimensional modeling on MODEL 1 and MODEL 2, 

the stability of the tunnels at the underground mine has been successfully assessed. As a 

preliminary study, the simulations on MODLE 1 provided useful insights to select the appropriate 

boundary condition and block constitutive model. The influence of K0 and support system on the 

tunnel stability was investigated to a certain degree. On the other hand, MODEL 2 incorporated 

the realistic geological, geotechnical, and construction features; a reliable picture of the rock mass 

behavior was presented, as well as the suggestions of selecting appropriate rock supports. In 

MODEL 2, the fault behaves more actively, and hence makes the nearby tunnels less stable. The 

current rock supports installed at the mine are insufficient in length and in strength. Considering 

the overall cost, a denser arrangement of the rock bolts may be needed for the locations having 

safety issues, such as the tunnel interactions, the poor rock mass areas, etc. Based on the results 

obtained on MODEL 2, the shear failure on the ribs and the thickness of the rock masses with rapid 

movements predicted by previous analyses at the mine, which are respectively 1-1.5 m and 1 m 

(see Section 3.7.3), seemed to be underestimated. Close results were obtained with respect to the 

applicable lateral stress ratio for the mine, which is between 0.5 and 1.25. For these cases, the 

walls of the tunnels have more problems than the roofs and floors, and measures should be taken 

to control the plastic failures on the walls. 

Finally, the supplemental laboratory test results and numerical model results that helped to 

illustrate the analysis in previous chapters are given in Appendices A-C. Appendix D provides the 

abstracts of accepted and submitted manuscripts resulting from this research. 

 

8.2 Recommendations for future work 

As summarized above, an elaborate study was carried out to investigate the tunnel stability 

for the underground mine. Nevertheless, if more resources and time are given, improvements or 

further work can be performed on the following aspects: 

(1) To provide more reliable input parameters for the rock masses and faults, it is suggested to 

collect rock samples and the samples containing natural joints from or close to the selected study 

area. The rock mass residual strength can be determined using the indirect methods based on GSI 

values, which can be obtained from field observations of the rock mass condition. 

(2) The minor discontinuities can be explicitly represented in the numerical model. However, this 

will cost a large amount of computational time for a three-dimensional model including complex 
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features as presented in this research, and probably cause numerical instabilities. Careful 

considerations or trial calculations may be needed in the first place. 

(3) Since the failure zone thickness is sensitive to the element size, finer meshes for near field can 

be used to provide more precise results. Yet, this will also result in the increase of computational 

time. 

(4) More sensitivity analyses could be performed for the rock supports by varying bolt length, 

bond strength, bolt diameter, bolt tensile yield capacity and bolt spacing in certain ranges. 

Simulation of other supports applied at the mine, such as shotcrete and steel sets, may be needed. 

The installation time of the supports can be determined by performing back analysis from field 

deformation measurements. 

(5) It would be better to incorporate the time-dependent behavior of the rock masses in the 

investigation of tunnel stability. 

  



 206 

APPENDIX A –  Supplementary of laboratory test results 

 

 

Figure A.1 Stress-strain curve for MU1 

 

 

Figure A.2 Stress-strain curve for MU3 
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Figure A.3 Stress-strain curve for LU1 

 

 

Figure A.4 Stress-strain curve for LU4 
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Figure A.5 Linear regression of triaxial test results for mudstone > limestone 

 

 

Figure A.6 Linear regression of triaxial test results for limestone > mudstone 
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Figure A.7 Diagram of total deformation versus normal stress and intact rock deformation versus 

normal stress for DJKN2 

 

 

Figure A.8 Diagram of joint deformation versus normal stress for DJKN2 
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Figure A.9 Diagram of normal stress versus joint deformation and the fitted exponential curve 

for dacite joint (DJKN2) 

 

 

Figure A.10 Diagram of total deformation versus normal stress and intact rock deformation 

versus normal stress for MJKN1 
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Figure A.11 Diagram of joint deformation versus normal stress for MJKN1 

 

 

Figure A.12 Diagram of normal stress versus joint deformation and the fitted exponential curve 

for mudstone joint (MJKN1) 
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Figure A.13 Diagram of total deformation versus normal stress and intact rock deformation 

versus normal stress for MJKN2 

 

 

Figure A.14 Diagram of joint deformation versus normal stress for MJKN2 
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Figure A.15 Diagram of normal stress versus joint deformation and the fitted exponential curve 

for mudstone joint (MJKN2) 

 

 

Figure A.16 Diagram of total deformation versus normal stress and intact rock deformation 

versus normal stress for MJKN3 
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Figure A.17 Diagram of joint deformation versus normal stress for MJKN3 

 

 

Figure A.18 Diagram of normal stress versus joint deformation and the fitted exponential curve 

for mudstone joint (MJKN3) 
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Figure A.19 Diagram of total deformation versus normal stress and intact rock deformation 

versus normal stress for LJKN1 

 

 

Figure A.20 Diagram of joint deformation versus normal stress for LJKN1 
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Figure A.21 Diagram of normal stress versus joint deformation and the fitted exponential curve 

for mudstone joint (LJKN1) 

 

 

Figure A.22 Diagram of total deformation versus normal stress and intact rock deformation 

versus normal stress for LJKN2 
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Figure A.23 Diagram of joint deformation versus normal stress for LJKN2 

 

 

Figure A.24 Diagram of normal stress versus joint deformation and the fitted exponential curve 

for mudstone joint (LJKN2) 
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Figure A.25 Diagram of total deformation versus normal stress and intact rock deformation 

versus normal stress for LJKN3 

 

 

Figure A.26 Diagram of joint deformation versus normal stress for LJKN3 

 

0

0.5

1

1.5

2

2.5

3

0 30 60 90 120 150 180 210

D
ef

o
rm

at
io

n
 (

m
m

)

Normal stress, σn (MPa)

Intact rock + joint

Intact rock

0

0.2

0.4

0.6

0.8

0 40 80 120 160 200 240

N
o
rm

al
 s

tr
es

s,
 σ

n
(M

P
a)

Joint deformation, Dj (mm)



 219 

 

Figure A.27 Diagram of normal stress versus joint deformation and the fitted exponential curve 

for mudstone joint (LJKN3) 

 

 

Figure A.28 Diagram of total deformation versus normal stress and intact rock deformation 

versus normal stress for DLJKN 
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Figure A.29 Diagram of joint deformation versus normal stress for DLJKN 

 

 

Figure A.30 Diagram of normal stress versus joint deformation and the fitted exponential curve 

for dacite-limestone interface (DLJKN) 
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Figure A.31 Diagram of shear stress versus shear displacement curve for dacite joint (DS-2) 

 

 

Figure A.32 Diagram of Ks versus normal stress and the fitted regression curve for dacite joint 

(DS-2) 
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Figure A.33 Diagram of shear strength versus normal stress and the fitted regression curve for 

dacite joint (DS-2) 

 

 

Figure A.34 Diagram of shear stress versus shear displacement curve for mudstone joint (MS-1) 

 

τ = 0.6138σn + 0.0107

R² = 0.99988

j = 31.54 º

0

0.2

0.4

0.6

0.8

1

0 0.4 0.8 1.2 1.6

S
h
ea

r 
st

re
n
g
th

, 
τ

(M
P

a)

Normal stress, σn (MPa)

0

0.3

0.6

0.9

1.2

0 1 2 3 4

S
h
ea

r 
st

re
ss

 (
M

P
a)

Shear displacement (mm)

0.17 MPa 0.34 MPa

0.69 MPa 1.38 MPa



 223 

 

Figure A.35 Diagram of Ks versus normal stress and the fitted regression curve for mudstone 

joint (MS-1) 

 

 

Figure A.36 Diagram of shear strength versus normal stress and the fitted regression curve for 

mudstone joint (MS-1) 
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Figure A.37 Diagram of shear stress versus shear displacement curve for mudstone joint (MS-2) 

 

 

Figure A.38 Diagram of Ks versus normal stress and the fitted regression curve for mudstone 

joint (MS-2) 
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Figure A.39 Diagram of shear strength versus normal stress and the fitted regression curve for 

mudstone joint (MS-2) 

 

 

Figure A.40 Diagram of shear stress versus shear displacement curve for mudstone joint (MS-3) 
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Figure A.41 Diagram of Ks versus normal stress and the fitted regression curve for mudstone 

joint (MS-3) 

 

 

Figure A.42 Diagram of shear strength versus normal stress and the fitted regression curve for 

mudstone joint (MS-3) 

 

Ks = 1.7486σn

R² = 0.79376

0

0.5

1

1.5

2

2.5

0 0.2 0.4 0.6 0.8 1 1.2 1.4

K
s

(G
P

a/
m

)

Normal stress, σn (MPa)

τ = 0.6318σn + 0.0024

R² = 0.99818

j =32.28∘

0

0.3

0.6

0.9

1.2

1.5

1.8

0 0.5 1 1.5 2 2.5 3

S
h
ea

r 
st

re
n
g
th

, 
τ

(M
P

a)

Normal stress, σn (MPa)



 227 

 

Figure A.43 Diagram of shear stress versus shear displacement curve for mudstone joint (MS-4) 

 

 

Figure A.44 Diagram of Ks versus normal stress and the fitted regression curve for mudstone 

joint (MS-4) 
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Figure A.45 Diagram of shear strength versus normal stress and the fitted regression curve for 

mudstone joint (MS-4) 

 

 

Figure A.46 Diagram of shear stress versus shear displacement curve for mudstone joint (MS-5) 
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Figure A.47 Diagram of Ks versus normal stress and the fitted regression curve for mudstone 

joint (MS-5) 

 

 

Figure A.48 Diagram of shear strength versus normal stress and the fitted regression curve for 

mudstone joint (MS-5) 
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Figure A.49 Diagram of shear stress versus shear displacement curve for limestone joint (LS-1) 

 

 

Figure A.50 Diagram of Ks versus normal stress and the fitted regression curve for limestone 

joint (LS-1) 
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Figure A.51 Diagram of shear strength versus normal stress and the fitted regression curve for 

limestone joint (LS-1) 

 

 

Figure A.52 Diagram of shear stress versus shear displacement curve for limestone joint (LS-2) 
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Figure A.53 Diagram of Ks versus normal stress and the fitted regression curve for limestone 

joint (LS-2) 

 

 

Figure A.54 Diagram of shear strength versus normal stress and the fitted regression curve for 

limestone joint (LS-2) 
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Figure A.55 Diagram of shear stress versus shear displacement curve for limestone joint (LS-3) 

 

 

Figure A.56 Diagram of Ks versus normal stress and the fitted regression curve for limestone 

joint (LS-3) 
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Figure A.57 Diagram of shear strength versus normal stress and the fitted regression curve for 

limestone joint (LS-3) 

 

 

Figure A.58 Diagram of shear stress versus shear displacement curve for limestone joint (LS-4) 
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Figure A.59 Diagram of Ks versus normal stress and the fitted regression curve for limestone 

joint (LS-4) 

 

 

Figure A.60 Diagram of shear strength versus normal stress and the fitted regression curve for 

limestone joint (LS-4) 
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Figure A.61 Diagram of shear stress versus shear displacement curve for limestone joint (LS-5) 

 

 

Figure A.62 Diagram of Ks versus normal stress and the fitted regression curve for limestone 

joint (LS-5) 
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Figure A.63 Diagram of shear strength versus normal stress and the fitted regression curve for 

limestone joint (LS-5) 

 

 

Figure A.64 Diagram of shear stress versus shear displacement curve for the interface between 

dacite and limestone (LDS-1) 
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Figure A.65 Diagram of Ks versus normal stress and the fitted regression curve for the interface 

between dacite and limestone (LDS-1) 

 

 

Figure A.66 Diagram of shear strength versus normal stress and the fitted regression curve for 

the interface between dacite and limestone (LDS-1) 
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Figure A.67 Diagram of shear stress versus shear displacement curve for the interface between 

dacite and limestone (DLS-2) 

 

 

Figure A.68 Diagram of Ks versus normal stress and the fitted regression curve for the interface 

between dacite and limestone (DLS-2) 
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Figure A.69 Diagram of shear strength versus normal stress and the fitted regression curve for 

the interface between dacite and limestone (DLS-2) 
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APPENDIX B –  Supplementary of numerical modeling results for MODEL 1 

 

Table B.1 Maximum displacements around tunnels for Cases 3-14 on the vertical plane of X=0 

Case 

No. 

Maximum displacements around left-side 

tunnel (mm) 

Maximum displacements around right-side 

tunnel (mm) 

Roof Floor Left rib Right rib Roof Floor Left rib Right rib 

3 -23.3 27.1 -6.8 7.6 -23.1 42.0 -6.9 10.0 

4 -19.5 21.9 -10.7 12.8 -19.0 33.7 -11.5 19.7 

5 -17.2 20.5 -16.9 20.0 -16.9 31.1 -19.3 34.8 

6 -43.6 30.0 -27.2 34.9 -37.3 42.8 -35.3 41.4 

7 -31.1 28.6 -28.6 30.1 -24.7 40.6 -33.6 43.5 

8 -30.6 35.6 -37.6 37.4 -29.1 63.5 -37.6 37.4 

9 -23.3 26.8 -6.8 7.5 -23.1 41.9 -6.8 10.0 

10 -19.5 21.7 -10.6 12.7 -19.0 33.4 -11.4 19.5 

11 -17.2 20.1 -16.7 19.9 -16.9 30.9 -19.2 34.7 

12 -43.0 30.0 -27.1 34.8 -36.9 42.8 -35.0 41.4 

13 -29.8 28.5 -28.3 28.9 -23.8 40.4 -32.3 42.9 

14 - - - - - - - - 
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Table B.2 Yielded zone thicknesses around tunnels for Cases 3-14 on the vertical plane of X=0 

Case 

No. 

Failure zone thicknesses around left-side 

tunnel (m) 

Failure zone thicknesses around right-side 

tunnel (m) 

Roof Floor Left rib Right rib Roof Floor Left rib Right rib 

3 1.09 2.43 1.37 0.78 1.58 1.82 1.75 0.98 

4 1.09 1.63 0.66 0.78 1.55 1.46 1.10 1.51 

5 1.09 1.61 1.38 0.78 2.56 2.00 1.77 1.51 

6 0.41 1.61 2.66 2.50 1.59 1.82 2.33 2.63 

7 0.44 1.63 2.00 1.82 1.56 0.88 2.05 2.61 

8 1.42 1.61 2.00 1.84 2.57 4.04 2.01 2.51 

9 1.09 2.42 1.36 0.78 1.57 1.81 1.75 0.98 

10 1.09 1.63 0.66 0.78 1.54 1.46 1.10 1.51 

11 1.09 1.61 1.37 0.78 2.56 2.00 1.77 1.51 

12 0.41 1.61 2.64 2.48 1.59 1.82 2.32 2.62 

13 0.44 1.63 1.98 1.82 1.54 0.87 1.92 2.32 

14 - - - - - - - - 

 

Table B.3 Bond and bolt tensile failure condition of the rock supports for supported cases 

Case No. 
Bond shear failure (%) Bolt tensile failure 

Split sets Resin bolts Cable bolts Split sets Resin bolts Cable bolts 

9 61.9 42.4 0 0 0.4 0 

10 80.9 41.8 0 0 0 0 

11 91.5 48.3 0.5 0 0 0 

12 74.4 43.1 0 0 0.2 0 

13 87.1 45.1 0.2 0 4.2 0 

14 - - - - - - 
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(a) 
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Figure B.1 Joint shear displacement vectors along the non-persistent fault for cases with different 

K0 values (unit: m) (observed from the hanging wall direction): a Case 3; b Case 4; c Case 5; d 

Case 6; e Case 7; f Case 8 
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APPENDIX C –  Supplementary of numerical modeling results for MODEL 2 

 

Table C.1 Maximum displacements around tunnels for Cases 3, 17, and 29-37 

Case 

No. 

Displacements around 

Tunnel 1 (cm) 

Displacements around 

Tunnel 2 (cm) 

Displacements around 

Tunnel 3 (cm) 

Left 

rib 

Right 

rib 
Roof Floor 

Left 

rib 

Right 

rib 
Roof Floor 

Left 

rib 

Right 

rib 
Roof Floor 

3 -1.6 6.6 -7.9 5.8 -5.2 5.3 -4.9 4.1 4.7 -3.9 -4.2 4.3 

17 -1.6 6.1 -7.4 5.7 -4.8 5.1 -4.8 4.0 4.5 -3.8 -4.0 4.2 

29 -1.8 5.7 -6.6 4.4 -4.6 5.0 -4.6 3.5 4.2 -3.4 -3.7 3.4 

30 -1.6 5.7 -6.4 4.4 -4.5 4.9 -4.4 3.5 4.1 -3.4 -3.7 3.4 

31 -1.5 5.7 -6.2 4.0 -4.7 5.0 -4.5 3.5 4.1 -3.4 -3.7 3.4 

32 -1.6 5.3 -5.8 3.6 -4.7 4.9 -4.4 3.5 3.9 -3.4 -3.6 3.2 

33 -1.6 5.7 -7.1 5.5 -4.8 4.9 -4.6 3.8 4.5 -3.7 -3.9 4.2 

34 -1.6 5.6 -6.6 4.6 -4.6 4.8 -4.5 3.5 4.1 -3.3 -3.6 3.4 

35 -1.6 5.5 -6.3 4.3 -4.5 4.8 -4.4 3.4 4.1 -3.3 -3.6 3.3 

36 -1.5 5.5 -6.0 4.0 -4.7 4.8 -4.3 3.4 4.0 -3.3 -3.6 3.4 

37 -1.6 5.1 -5.7 3.6 -4.7 4.7 -4.3 3.4 3.8 -3.2 -3.5 3.2 

 

 

 

 

 

 

 

 

 

 



 247 

Table C.2 Failure zone thicknesses around tunnels for Cases 3, 17, and 29-37 

Case 

No. 

Failure zone 

thicknesses around 

Tunnel 1 (m) 

Failure zone thicknesses 

around Tunnel 2 (m) 

Failure zone thicknesses 

around Tunnel 3 (m) 

Right 

rib 
Roof Floor 

Left 

rib 

Right 

rib 
Roof Floor 

Left 

rib 

Right 

rib 
Roof Floor 

3 3.53 3.27 2.70 5.17 3.23 1.40 2.87 3.53 2.20 1.63 2.37 

17 3.43 2.97 2.70 4.13 3.23 1.40 2.40 3.23 2.17 1.30 2.37 

29 3.43 2.47 2.47 3.90 2.87 1.40 2.33 2.87 2.17 1.30 2.10 

30 3.30 2.80 2.47 3.57 2.87 1.40 2.33 2.87 2.17 1.30 2.10 

31 3.17 2.13 2.47 3.57 2.87 1.40 2.33 2.87 2.17 1.30 2.10 

32 3.17 2.13 1.60 3.90 2.87 1.40 2.33 2.87 2.17 1.30 2.10 

33 3.17  2.97 2.70 3.57 3.17 1.40 2.40 3.10 2.17 1.30 2.37 

34 3.27 2.80 2.63 3.57 2.87 1.40 2.33 2.87 2.17 1.30 2.27 

35 3.17 2.13 2.47 3.57 2.87 1.17 2.33 2.87 2.17 1.30 2.10 

36 3.17 2.13 2.47 3.57 2.87 1.17 2.33 2.87 2.17 1.30 2.07 

37 3.13 2.13 2.13 3.57 2.87 1.17 2.33 2.87 1.93 1.30 2.07 
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Figure C.1 Joint shear displacement vectors along the fault for cases with different K0 values 

(unit: m) (observed from the hanging wall direction): a Case 2; b Case 4; c Case 5 

 

 

(c) 

(a) 
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Figure C.2 Joint shear displacement vectors along the fault for different rock mass conditions 

(unit: m) (observed from the hanging wall direction): a Case 7; b Case 8 
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Figure C.3 Joint shear displacement vectors along the fault for cases with different post-failure 

residual strengths (unit: m) (observed from the hanging wall direction): a Case 9; b Case 10; c 

Case 11; d Case 12 

 

 

Figure C.4 Reduction of the maximum displacements on the ribs of the tunnels for Cases 33-37 
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Figure C.5 Reduction of the maximum displacements on the roofs and the floors of the tunnels 

for Cases 33-37 

 

 

Figure C.6 Reduction of failure zone thicknesses on the ribs of the tunnels for Cases 33-37 
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Figure C.7 Reduction of failure zone thicknesses on the roofs and the floors of the tunnels for 

Cases 33-37 
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APPENDIX D –  Papers and manuscripts resulted from the dissertation 

research 

 

D.1 Published Journal paper 1 

Based on the study of MODEL 1, the following paper has been published in a peer-reviewed 

journal.  

 

Xing, Y., Kulatilake, P.H.S.W. and Sandbak, L.A., “Rock mass stability investigation around 

tunnels in an underground mine in the USA”, International Journal of Geotechnical and Geological 

Engineering, 35:45-67, DOI: 10.1007/s10706-016-0084-9, 2017. 

 

The abstract of this paper is given below. 

Abstract: Stability and deformation of rock masses around tunnels in underground mines play 

significant roles on the safety and efficient exploitation of the ore body. Therefore, understanding 

of geomechanical behavior around underground excavations is important and necessary. In this 

study, a three-dimensional numerical model was built and stress analyses were performed by using 

3DEC software for an underground mine in USA using the available information on stratigraphy, 

geological structures and mechanical properties of rock masses and discontinuities. Investigations 

were conducted to study the effect of the lateral stress ratio (K0), material constitutive models, 

boundary conditions and rock support system on the stability of rock masses around the tunnels. 

Results of the stress, displacement, failure zone, accumulated plastic shear strain and post-failure 

cohesion distributions were obtained for these cases. Finally, comparisons of the deformation were 

made between the field deformation measurements and numerical simulations.  

 

D.2 Published Journal paper 2 

The second journal paper, which contains some results of the laboratory tests conducted for this 

dissertation along with a significant number of other laboratory test results, was prepared by the 

research group and has been published in a peer-reviewed journal.  

 

Kulatilake, P.H.S.W., Shreedharan, S., Sherizadeh, T., Shu, B., Xing, Y. and He, P., “Laboratory 

Estimation of Rock Joint Stiffness and Frictional Parameters”, International Journal of 
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Geotechnical and Geological Engineering, 34:1723-1735, DOI: 10.1007/s10706-016-9984-y, 

2016. 

 

The abstract of this paper is given below. 

Abstract: Numerical modeling of complex rock engineering problems involves the use of various 

input parameters which control usefulness of the output results. Hence, it is of utmost importance 

to select the right range of input physical and mechanical parameters based on laboratory or field 

estimation, and engineering judgment. Joint normal and shear stiffnesses are two popular input 

parameters to describe discontinuities in rock, which do not have specific guidelines for their 

estimation in literature. This study attempts to provide simple methods to estimate joint normal 

and shear stiffnesses in the laboratory using the uniaxial compression and small-scale direct shear 

tests. Samples have been prepared using rocks procured from different depths, geographical 

locations and formations. The study uses a mixture of relatively smooth natural joints and saw-cut 

joints in the various rock samples tested. The results indicate accept- able levels of uncertainty in 

the calculation of the stiffness parameters and provide a database of good first estimates and 

empirical relations which can be used for calculating values for joint stiffnesses when laboratory 

estimation is not possible. Joint basic friction angles have also been estimated as by-products in 

the small scale direct shear tests.  

 

D.3 Published symposium paper 1  

Based on the results of MODEL 1, the following paper has been published in a peer-reviewed 

conference proceedings. It was also presented at the conference by the author of this dissertation.  

 

Xing, Y., Kulatilake, P.H.S.W., and Sandbak, L.A., “Investigation of rock mass stability around 

tunnels in an underground mine in USA by 3-D numerical modeling”, Proceedings of the 35th 

Ground Control Conference, Morgantown, West Virginia, USA, July 26-28, 2016. 

 

The abstract of this paper is given below. 

Abstract: The purpose of this study is to evaluate the rock mass stability around the tunnels by 

three-dimensional (3-D) numerical modeling. Complex geological and tunnel features have been 

included in the model using the software package 3DEC. Based on the available information on 
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stratigraphy, geological structures, and mechanical properties of rock masses and discontinuities 

from the underground mine, 3-D stress analyses were performed on various cases with different 

K0 (lateral stress ratio) values, constitutive models, as well as support systems. Relations between 

these factors and the distributions of stress, displacement, and failure zones around the tunnels 

were obtained and discussed. Finally, comparisons between the field deformation measurements 

and numerical simulations are used as validations for the simulations, helping to determine the 

appropriate K0 value and material constitutive models for the underground mine.  

 

D.4 Published symposium paper 2  

Similarly, a second conference paper, which presented some results of MODEL 1, is given as 

follows.  

 

Xing, Y., Kulatilake, P.H.S.W., and Sandbak, L.A., “Investigation of rock mass stability around 

tunnels in an underground mine by three-dimensional numerical modeling”, Proceedings of the 

51st US Rock Mechanics/Geomechanics Symposium, San Francisco, California, USA, June 25-

28, 2017. 

 

The abstract of this paper is given below. 

Abstract: In this paper, the stability of the tunnels in an underground mine was investigated by 

three-dimensional numerical modeling. Based on the available geological, geotechnical, and mine 

construction information, a three-dimensional model was built using the distinct element code. 

The model contains the features of the inclined lithologies, the large-scale non-persistent fault, and 

the complex tunnel system. Stress analyses were performed on the rock mass having the elastic-

perfectly plastic and strain-softening behaviors, respectively. The effects of the horizontal in situ 

stress and the support system were studied through the distributions of stress, displacement, and 

yielded zone around the tunnels. By comparing the numerical modeling results with the field 

deformation measurements, it was found that the strain-softening cases with the lateral stress ratios 

of 0.5 and 1.0 are more accurate and applicable for this mine. 
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D.5 Journal manuscript 1 under review 

Based on some of the results of MODEL 2, a manuscript is currently under review in the following 

peer-reviewed journal.  

 

Xing, Y., Kulatilake P.H.S.W. and Sandbak, L.A., “Investigation of rock mass stability around the 

tunnels in an underground mine in USA using three-dimensional discontinuum numerical 

modeling”, Submitted for review and possible publication in Rock Mechanics and Rock 

Engineering Journal. 

 

The abstract of this paper is given below. 

Abstract: The stability of the rock mass around the tunnels in an underground mine was 

investigated using a three-dimensional distinct element model based on the available geological, 

geotechnical and mine construction information. It incorporates a complex lithological system, 

persistent faults, non-persistent faults and a complex tunnel system including backfilled tunnels. 

The strain softening constitutive model was applied for the rock masses. The rock mass properties 

were estimated using the Hoek-Brown equations based on the intact rock properties and the RMR 

values. The fault material behavior was modeled using the continuously yielding joint model. 

Sequential construction, backfilling and rock supporting procedures were simulated based on the 

way they progressed in the mine. Stress analyses were performed to study the effect of the 

horizontal in-situ stresses and the variability of rock mass properties on tunnel stability. The 

distributions of the stresses and the failure zones, the tunnel convergence, and the fault 

displacement vectors are given for various cases. Results show that the major fault and weak 

interlayer have distinct influences on the displacements, stresses and failure zones around the 

tunnels. The effectiveness of the rock supports was evaluated using the resulted reductions of the 

maximum displacements and failure zones around the tunnels and the safety of the supports. 

Numerical modeling results provided satisfactory agreement with the field measurements for the 

average rock mass properties and the K0 values between 0.5 and 1.25. 
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D.6 Journal manuscript 2 under review 

The last paper, which also summarizes some of the results of MODEL 2, is currently under review 

in the following peer-reviewed journal. 

 

Xing, Y., Kulatilake, P.H.S.W. and Sandbak, L.A. “Effect of rock mass and discontinuity 

mechanical properties and delayed rock supporting on tunnel stability in an underground mine in 

USA”, Submitted for review and possible publication in Engineering Geology Journal. 

 

The abstract of this paper is given below. 

Abstract: In this paper, the stability of the rock masses around the tunnels in an underground mine 

is investigated using the distinct element method. The three-dimensional model was developed 

based on the available geological, geotechnical, and mine construction information. The model 

incorporates the inclined lithologies including a weak interlayer, the persistent and non-persistent 

faults, and a complex tunnel system. The strain softening constitutive model was prescribed for 

the rock masses in the numerical model. The continuously yielding joint model was used to 

describe the non-linear behavior of the faults. Parametric analyses were carried out to study the 

effects of the post-failure constitutive parameters of the rock masses and the mechanical properties 

of the faults on the tunnel stability. To account for the deformations occurred between excavation 

and rock supporting, the delayed installation of supports was simulated by using the stress 

relaxation method. Different stress loss factors were utilized to evaluate the performance of the 

support system and to understand the interactions between the rock mass and the supports. Results 

are given on the deformations and failure zones around the excavations, the joint shear 

displacements of the major fault, and the failure conditions of the applied supports. Satisfactory 

comparisons are obtained between the numerical modeling results and the field deformation 

measurements. 
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